Proceedings

INNOVATIVE TECHNOLOGIES & MATERIALS IN STEEL STRUCTURES

2021

The 11th International Symposium on
STEEL STRUCTURES
November 3-6, 2021
RAMADA PLAZA JEJU, Jeju, Korea

Organized by
Korean Society of Steel Construction
In cooperation with
International Journal of Steel Structures (IJOSS)
(http://www.springer.com/journal/13296)

Copyright © 2021 by Korean Society of Steel Construction (KSSC)
All rights reserved. No part of this publication or the information contained herein may be reproduced, stored
in a retrieval system, or transmitted in any from or by any means, electronic, mechanical, by photocopying,
recording or otherwise, without written prior permission from the publisher. Although all care is taken to
ensure integrity and the quality of this publication and the information herein, no responsibility is assumed by
the publishers nor the author for any damage to the property or persons as a result of operation or use of
this publication and or the information contained herein.

Published by
Korean Society of Steel Construction (KSSC)
21, Songi-ro 30-gil, Songpa-gu, Seoul, 05801, Korea
Tel: +82-2-400-7108, Fax: +82-2-400-7104
E-mail: isss@kssc.or.kr
www.kssc.or.kr

ISBN: 978-89-5708-332-1

FOREWORD
This proceedings contain the papers presented in the Eleventh International Symposium on Steel Structures
(ISSS-2021) held on November 3-6, 2021, in Jeju, Korea. The symposium is organized by the Korean Society of
Steel Construction (KSSC) in cooperation with International Journal of Steel Structures (IJOSS).
The main objective of this symposium is to provide an international forum for the presentations of recent
advances on various aspects of steel construction and its applications to steel structures. The theme of ISSS2021, Innovative Technologies & Materials in Steel Structures, brings together international experts from 8
countries across the world, covering a wide spectrum of interesting topics including the current state-of-the
arts, future directions of research, and innovative technologies in the field of structural steel engineering.
The proceedings consist of a total of 189 papers, of which there are 8 keynote lectures, 55 invited papers by 8
session organizers, and 126 general papers. The 8 keynote presenters are all international experts in their fields.
Their keynote lectures cover areas of current interest and encompass the symposium theme. They include
state-of-the-art papers on current research such as Behavior and Design of Rectangular Hollow Section
X-Joints with High Brace to Chord Width Ratio, Advanced Analysis for Tracing Fire Induced Progressive
Collapse of Steel Framed Buildings, Mechanical Model and Experimental Investigation of an Innovative Damper
with Cast Steel, Forecast Based Engineering for Big Cities, Design and Construction of Composite High-Rise
Buildings Using High Strength Materials, SpeedCore/Composite Plate Shear Walls, Design Development of
Cheongna International City Tower and Behavior and Design of Steel-Tube-Confined Concrete-Filled Steel Tube
Stubs under Axial Compression.
On behalf of KSSC and IJOSS, we would like to take this opportunity to express sincere thanks to the authors,
organizers of sessions, and participants for their contributions. We would also like to show appreciation to the
members of the International Advisory Committee, Local Advisory Committee, Steering Committee, and the
Scientific Committee for their valuable contributions and supports. Special thanks are offered to the members
of the Local Organizing Committee and Secretariat for their time and effort to make ISSS-2021 a successful
event.
Finally, we would like to express our sincere gratitude to POSCO, Hyundai Steel, major construction contractors,
and engineering consultants for the financial supports.
Jeju, Korea
November 3-6, 2021
Kyung Jae Shin
Symposium Chairman of ISSS-2021

Sanghyun Choi
Chairman of Local Organizing
Committee of ISSS-2021
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Keynote Lecture
Keynote Lecture 1
Behavior and Design of Rectangular Hollow Section X-Joints with High
Brace to Chord Width Ratio
Prof. Cheol Ho Lee
Seoul National University, Korea
E-mail: ceholee@snu.ac.kr

Brief Biography
Cheol Ho Lee received his BS (1983), MS (1985), and Ph. D (1992) degrees from Seoul National University in Korea and
conducted his post-doc. research at UC San Diego. His current research interests are in high performance steels, tubular joints, hybrid framing of steel structures, seismic design of nonstructural elements, and structural fire design. Dr. Lee
served as the President of Korea Society of Earthquake Engineering and the Vise President of Korea Society of Steel
Construction. He, as the director, led the IRCT (innovative and rapid construction technology) project sponsored by the
Korea government for six years. He has long worked on several hard core issues on high-strength steel applications with
a continued sponsorship from Korean government and POSCO (Pohang Steel Corp.). He has been the recipient of more
than 10 honors and awards from Korean academic and professional societies such as National Academy of Engineering
of Korea, Korea Society of Steel Construction, Korea Society of Earthquake Engineering, Korean Structural Engineers
Association, and Korea Association of Steel and Iron.

Abstract
A comprehensive experimental and analytical investigation into chord sidewall buckling and related behavior in rectangular hollow section (RHS) X-Joints with high width ratio is presented in this paper. First, based on up-to-date experimental evidences, it is shown that the borderline brace-to-chord width ratio, beyond which the limit state of chord sidewall
buckling should be considered in design, needs to be derived on a mechanical basis. Second, based on test-validated
numerical analysis, the effects of initial local and global imperfections on ultimate strength of the full-width RHS X-joints
are explored. Third, the borderline brace-to-chord width ratio is mechanistically derived as a function of chord face and
chord sidewall slenderness and the yield strength of chord material. Fourth, an improved chord sidewall buckling formula
is proposed based on the concept of variable effective column length factor. Finally, incorporating all the findings, a set of
improved design recommendations for RHS X-joints under axial compression are proposed up to steel grade S700 under
the EC3 framework.
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Keynote Lecture 2
Advanced Analysis for Tracing Fire Induced Progressive Collapse of Steel
Framed Buildings by Kodur V.K.R. and Venkatachari S.
Prof. Venkatesh Kodur
Michigan State University, USA
E-mail: kodur@egr.msu.edu

Brief Biography
Dr. Venkatesh Kodur is a University Distinguished Professor in the Department of Civil and Environmental Engineering at
Michigan State University (MSU). He also serves as Director of the Centre on Structural Fire Engineering and Diagnostics at MSU. His research interests include: Evaluation of fire resistance of structural systems through large scale fire experiments and numerical modeling and Characterization of materials under high temperature. His research contributions
has lead to the development of fundamental understanding on the fire behavior of material and structural systems and
also resulted in numerous design approaches and innovative and cost-effective solutions for enhancing fire-resistance of
structural systems. He has published over 400 peer-reviewed papers in journals and conferences, and has given numerous invited key-note presentations. He is one of the highly cited authors in Civil Engineering and as per Google Scholar,
he has more than 13,500 citations with an "h” index of 64. The methodologies, techniques and design guidelines, resulting from his research, have been incorporated in to various codes and standards, as well practical applications, in the US
and around the world and are instrumental in minimizing the destructive impact of fire in the built infrastructure.
Prof. Kodur is a Fellow of the Canadian Academy of Engineering and a Foreign Fellow of Indian National Academy of Engineering. He is a professional engineer, Fellow of American Society of Civil Engineers, Fellow of Society of Fire Protection Engineers, Fellow of Structural Engineering Institute, Fellow of American Concrete Institute, Associate Editor of Journal of Structural Engineering, Past Chairman of ACI Fire Protection Committee, Chairman of ASCE-29 (Fire) Standards
Committee and a member of UK-EPSRC College of Reviewers. He has won many awards including Fulbright Scholar
Award, American Institute of Steel Construction Faculty Fellowship Award, MSU Distinguished Faculty Award, NRCC
(Government of Canada) Outstanding Achievement Award and NATO Award for collaborative research. Dr. Kodur was
part of the FEMA/ASCE Building Performance Assessment Team that studied the collapse of WTC buildings as a result
of September 11 incidents.

Abstract
A steel-framed building, when exposed to a severe fire, can experience instability at a local or global level and this can
lead to progressive collapse of a part or the entire structure. The fire performance of a steel-framed building depends on
many factors including the geometry of the structure, load level, intensity and severity of fire exposure, the extent of fire
spread (number of compartments or floors burning), connection configurations, and high-temperature properties of steel.
The current fire design provisions for steel framed buildings is mainly based on sectional or member level analysis and
this type of analyses does not fully take in to account realistic load, fire characteristics, material properties, and restraint
conditions, as present during a fire exposure. In order to evaluate realistic fire performance of a steel framed building, an
advanced analysis is to be carried out at system level, with due consideration to all influencing factors.
The presentation will focus on the application of advanced analysis for tracing the fire induced progressive collapse of
steel framed buildings. An approach for incorporating full effects of transient creep, restraint conditions, local instability,
and different failure limit states in fire resistance analysis will be outlined. The evolution of temperature-induced instability,
leading to progressive collapse, in a fire exposed steel framed building will be discussed. Results from a set of numerical
studies will be utilized to recommend guidelines for minimizing the onset of fire induced instability, as well as progressive
collapse, in steel framed structures.
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Keynote Lecture
Keynote Lecture 3
Mechanical Model and Experimental Investigation of an Innovative Damper
with Cast Steel
Yiyi Chen
Tongji University, China
E-mail: yiyichen@tongji.edu.cn

Brief Biography
Prof. Yiyi Chen received his Bachelor Degree from Tongji University of China (1983), and Doctor Degree of Engineering
from University of Tokyo, Japan (1994). He served as Professor at Department of Structures of Tongji University till the
end 2020, and now shifts to Shanghai Sanda University. His current research interests are in seismic performance of
steel frames, steel structural joints including tubular joints, progressive collapse behavior of steel structures, and prefabricated steel-composite structures. Prof. Chen served as the Vice- President of China Steel Construction Society, the Executive Committee of China Civil Engineering Society. He has long worked as chief-editor and of the Journal of Building
Structures, executive-chief-editor of the Journal of Frontiers of Structural and Civil Engineering, and the member of editorial board of ISSS and other journals. He has been awarded several Chinese National Awards for Science and Technology Progress.

Abstract
This study explores the feasibility of applying the casting technology into the steel damper for enhancing the seismic
performance of structures. The paper proposes an innovative cast damper with a set of yielding plates. By changing the
number and dimension of the yielding plates, the behavior of the damper would be modulated. Thus, two types of damper
(S1 and S2) are designed for comparison. A mechanical model is presented first to get a better understanding of the behavior of the damper. Then the experimental investigation follows, and it starts with the tensile test of bar samples. The
material tests showed stable and sufficient yield and ultimate strength and satisfied elongation. Then, the hysteretic tests
are carried out on the cast damper, indicating that all dampers have reasonably good seismic behavior with full hysteresis
loops. Finally, the applicability of proposed mechanical model is discussed by comparing with test results.
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Abstract

This study explores the feasibility of applying the casting technology into the steel damper for enhancing the seismic performance of
structures. The paper proposes an innovative cast damper with a set of yielding plates. By changing the number and dimension of the
yielding plates, the behavior of the damper would be modulated. Thus, two types of damper (S1 and S2) are designed for comparison.
A mechanical model is presented first to get a better understanding of the behavior of the damper. Then the experimental investigation
follows, and it starts with the tensile test of bar samples. The material tests showed stable and sufficient yield and ultimate strength and
satisfied elongation. Then, the hysteretic tests are carried out on the cast damper, indicating that all dampers have reasonably good
seismic behavior with full hysteresis loops. Finally, the applicability of proposed mechanical model is discussed by comparing with
test results.

Keywords: cast damper, mechanical model, seismic performance, experimental investigation
effectively reducing the maximum and residual
displacement of the structure. Based on the ideas above,
two types of cast dampers (named S1 and S2, more
information is in Section 3) were designed, fabricated, and
tested. The material properties and cyclic performance of
the damper are discussed in detail.

1. Introduction
In recent decades, using passive energy dissipation
devices to decrease the damage in the primary structural
member becomes popular(Oh et al., 2009). Devices
include viscoelastic, viscous and metallic dampers.
Among them, steel dampers are effective, easy to
manufacture, and cost-saving, thus attracting the attention
of the research and engineering community. The
conventional metallic damper like ADAS may have the
shortcoming of brittle fracture due to the welding(Tsai et
al., 1993). The casting technology would be one of the
solutions(Federico et al., 2012; Tong et al., 2018).
Benefited from the casting process, large welding work is
saved and smooth transitions between different surfaces
could be obtained. The rounded transition is effective for
lowering the fracture potentials by reducing or even
eliminating the stress concentrations(Gray, 2012).
This study proposes an innovative cast damper as an
example in Figure 1. The damper includes the yielding
plates, base plates and an endplate. It is bolted to the end
of the brace so that yielding plates would resist the axial
load in the brace by its bending deformation. During the
earthquake, the major damage could be absorbed by the
damper, thus, the damper could be quickly replaced by
applying bolted connection. The yielding plates are the
most critical component, which determines the
mechanical behavior of the damper. By adjusting the
number and associated dimension of yielding plates, the
expected yield load and initial stiffness of the damper
could be achieved. Further, the yielding plate was shaped
to be a rectangle therefore the plastic hinges would only
form at two ends of the plate when under loading.
Although this design does not fit the distribution of
bending moments, it is believed that part of the plate
keeping elastic helps to enhance the post-yield stiffness by
utilizing the catenary action (Izzuddin, 2005). Ye et al
(2008) concluded that larger post-yield stiffness would
result in better control of seismic performance by

Brace
End Plate
Bolted connection

Base Plate(middle)

Base
Plate(side)
Yielding Plate

Figure 1. Example of cast damper
2. Mechanical model of the cast damper
A mechanical model is proposed to describe the behavior
of the cast damper. As depicted in Figure 2, each row of
the yielding plate is simplified to two adjacent beams with
fixed ends. According to this beam model, a bilinear
approximation to the skeleton curve of the yielding plate
is determined (Figure 3). The deformation of the beam
model involves two steps. Step 1 starts from applying the
transverse load until the formation of plastic hinges. In
this step, the initial stiffness (Ki) and yielding load (Fy)
could be obtained by Eqs. (1)-(2). In Step 2, the load is
able to experience a further increase owing to the catenary
action. Here, the post-yield stiffness (Kp) is calculated by
Eq. (3).
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Δy

The initial stiffness of the damper is the sum of Ki,1 and
Ki,2. When R1 yields, the load Fy1 is obtained by Eq. (4).
Then the stiffness of the damper reduces to the sum of Kp,1
and Ki,2 until the displacement gets Δy2. The corresponding
load (Fy2) is given by Eq. (5). In the final, the stiffness of
the damper is the sum of Kp,1 and Kp,2.
(4)
𝐹y1 = (𝐾i,1 + 𝐾i,2 )Δy1
(5)
𝐹y2 = 𝐹y1 + (𝐾i,2 + 𝐾p,1 )(Δy2 − Δy1 )

Δyδ

3. Material tests
The sand-casting method was applied to the damper.
G20Mn5 and the normalization process were chosen as
the cast material and heat treatment respectively. Table 1
illustrates the chemical compositions of cast material,
which generally satisfied the Chinese code (CECS 235).

Figure 2. Mechanical model of the yielding plate

Load

Fy

Kp

t
b
Beam section

Ki

Table 1. Chemical composition (mass percentage)
C
Si
Mn
P
S
Ni
0.18 0.297 1.2 0.021 0.014 0.613

Δy
Displacement

Bar samples for the tensile tests were taken from the key
position of the damper (Figure 5). The material test
results, along with the standard deviation (S.D.) and
coefficient of variation (C.V.), are listed in Table 2. In
general, the yield and ultimate strength of the cast damper
are qualified and stable. The elongation is acceptable with
15.3% and 14.3% for S1 and S2 respectively. However,
some manufacturing flaws, like the internal shrinkage
cavities, are observed on the fracture surface of bar
samples.

Figure 3. Skeleton curve of the yielding plate
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A

Load

Based on the computational method above, the
mechanical behavior of the damper could be determined.
Figure 4 illustrates the constitutive frame of a damper
consisting of two rows of yielding plates with different
thicknesses (named R1 and R2 respectively). The initial
stiffness, yield load and post-yield stiffness of R1 and R2
are defined as Ki,1/Ki,2, Fy,1/Fy,2 and Kp,1/ Kp,2 respectively.

A

Kp,1 + Ki,2

Ki,1 + Ki,2

R2

Δy1 Δy2

Damper
R2

Ki,2, Fy,2, Kp,2

S2 B

B-B

Table 2. Material property of the cast damper
S1
S2
Yield Strength
360.3/15.3/0.043 347.2/15.9/0.046
f y (MPa)
Tensile
strength f u
545.6/64.9/0.12 557.1/19.9/0.03
(MPa)
Elongation (%) 15.3/8.5/0.56
14.3/4.0/0.28
Note: Material Property / S.D. / C.V.

Displacement
Ki,1, Fy,1, Kp,1

A-A

Figure 5. Position of bar samples

R1

R1

S1

Bar Samples

Damper
Kp,1 + Kp,2

Fy2
Fy1

B

4. Hysteretic test and result
4.1. Specimen and loading protocol

Figure 4. Skeleton curve for the damper
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The layout of the test set-up and measurement are shown

The seismic performance of the damper was investigated
by hysteretic tests. Two kinds of cast dampers (S1 and S2)
were designed. The configuration and dimension of the
yielding plates are shown in Figure 6. In addition, Figure
6 also illustrates some other accessories which were
designed for the installation of the damper on the test setup.
Width:100
302

20
200

Fillet
weld

40

302

Inner
stiffeners
Stiffeners

24
14
14
Width:100

in Figure 7. Two linear displacement transducers (DT1,
DT2) were used to record the vertical displacement of
specimens. The deformation of the damper would take
an average of DT1 and DT2.
As Figure 8, the quasi-static cyclic loading procedure
is based on ACT-24. In the elastic stage, three loading
steps are applied with the force-control. P1, P2, and P3
equals 75/112/150kN for S1 and 70/130/140kN for S2.
After the damper yields, the displacement-control is
adopted in the test procedure. Here displacement
increment is 2.5mm.
4.2. Hysteretic Curves
The load-displacement curves of specimens are illustrated
in Figure 9. Both S1 and S2 exhibited full, stable, and
symmetric hysteretic loops before achieving the peak load.
Then due to the fracture of the yielding plates, the curves
experience severe drop. The corresponding displacement
for S1's and S2's peak load is 20mm and 22.5mm, which
indicates that the deformation capacity of the damper with
thicker yielding plates is inferior. This is because the

Connecting plate

(c) The final specimen
Take S1 as example

200
14 mm

Cast Steel
Chinese Q345B steel

Unit: mm

curvature of yielding plates with different thicknesses
is the same, which would lead to a larger cumulative
plastic strain in thick plates. This reason could also be
supported by the crack sequence of S1. As shown in
Figure 10, the crack first initiated at the 24mm yielding
plates, then at the 14mm yielding plates.

Figure 6. Illustration of the cast damper
Actuator
H-shaped Column

400
300
200
100
0
-100
-200
-300
-400

Load(kN)

Damper

Hysteretic curve
Skeleton curve
yield load

Layout of
displacement transducer

Steel base

Figure 7. Test set-up and measurement

-30

-15
0
15
Displacement(mm)

30

(a) S1

Δ
Force control

Displacement control

Loading increment= 2.5mm

P1

2.5mm
P2 P3

3
3
2nd 3rd

3
4th

-30

-15
0
15
Displacement(mm)

30

(b) S2

Circle Number

3
1st

Hysteretic curve
Skeleton curve
yield load

Load(kN)

F

400
300
200
100
0
-100
-200
-300
-400

...
3
3 2 2
5th 6th 7th 8th ...

Figure 9. Hysteresis and skeleton curve of the specimens

Figure 8. Loading procedure
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the test setup was regarded as the horizontal spring at the
end of the beam model as Figure 12, and the spring

stiffness is defined as kb.

Rigid body

(b) crack at 14mm
yielding plate

(12th loading step)
Figure 12. Illustration of the effect of the setup

Figure 10. The crack sequence of S1
In addition, the sharply-rising tangent stiffness is observed
in the last few hysteretic loops, which are primarily
attributed to the variation in geometry. In these loading
steps, the resistant mechanism of yielding plates changes
from bending to tension, enhancing the stiffness of
dampers.

Table 4. Error of the theoretical results
Average
S1
S2
Error
(%)
Average thickness of
15.3/ 15.1
yielding plates(mm)
26.3
Theoretical value
97.78 54.51
Initial
(kN/mm)
stiffness
Error (%)
4.2
−25.3
10.6
Theoretical value
210.01 152.57
Yield
(kN)
load
Error (%)
13.5
−7.1
3.2
Theoretical value
Post
20.80 22.04
(kN/mm)
yield
stiffness
Error (%)
51.9
61.4
56.6

4.3. Yield behavior
The mechanical parameters of specimens are listed in
Table 3. The yield load is estimated by the bilinear
approximation as Figure 11. The initial stiffness and the
yield load of S1 are 37.2% and 11.1% higher than S2. It is
concluded that mechanical parameters of the cast damper
could be adjusted with different combinations of the
yielding plates.
Table 3. Yield behavior of specimens
Initial stiffness Yield load Post-yield stiffness
(kN/mm)
(kN)
(kN/mm)
S1
93.7
181.6
10.0
S2
68.3
163.4
8.5

The horizontal spring consists of two parts in series, the
stiffener and connecting plate. The stiffener is
simplified to a triangle plate while the connecting plate
is simplified as a beam model with two fixed ends
(Figure 13). The equations for kb are summarized in Eqs.
(6)-(8). Eq. (7) is proposed by Chen (2015).
−1 −1
(6)
𝑘𝑏 = (𝑘𝑠−1 + 𝑘𝑐𝑝
)

Load
Fy

Post-yield stiffness
Skeleton curve
Initial stiffness

𝑙𝑠1 𝑙𝑠2 𝑡𝑠
2
2
𝑙𝑠1
+ 𝑙𝑠2

(7)

𝐸𝑙𝑠1 𝑡𝑐3
[(𝑑𝑠 − 𝑏)⁄2]3

(8)

𝑘𝑠 = 2𝐸
𝑘𝑐𝑝 = 2

Displacement

Stiffener

Figure 11. Definition of the yield load
1

Thickness: tc
(ds-b)/2

1
ls1

5. Evaluation of the mechanical model
The comparison of the initial stiffness, yield load, and
post-yield stiffness between tests and theoretical
equations is listed in Table 4. Note that when applying Eqs.
(1)-(3), the discrepancy of the cast specimen in the
thickness from the design is considered. The average error
for the initial stiffness and yield load is 10.6% and 3.2%
respectively, which is available for practice use. However,
the proposed equation gives over 50% overestimation for
the post-yield stiffness due to the effect of the set-up. Thus,

ls2

Thickness: ts
(a) Front view

Connecting plate
b

ds

(a) crack at 24mm
yielding plate
(11th loading step)

horizontal
spring-constraint

(b) 1-1

Figure 13. Geometrical parameter for test set-up
The modified post-yield stiffness Kp,m is given by Eq. (9),
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where the coefficient (Δy/l) is used to transfer
displacement of the horizontal spring-constraint to
vertical displacement of the damper. By considering the
effect of the set-up, the average error of the post-yield
stiffness is reduced from 0.56 to 0.23 (Table 5).
−1

𝐾𝑝,𝑚 = 2 [(𝐾𝑝 ⁄2)

−1 −1

+ (Δ𝑦 ⋅ 𝑘𝑏 ⁄𝑙 ) ]

R. (2018). “Ductility and energy dissipation behavior
of G20Mn5QT cast steel shear link beams under cyclic
loading.” Journal of Constructional Steel Research,
149, pp. 64-77.
Tsai, K.C., Chen, H.W., Hong, C.P., Su, Y.F., 1993. Design
of steel triangular plate energy absorbers for seismicresistant construction. Earthquake spectra 9, 505–528.
Ye, L.P., Lu, X.Z., Ma, Q.L., et al. (2008). “Study on the
influence of post-yielding stiffness to the seismic
response of building structures” 14th World Conf. on
Earthquake Engineering.

(9)

Table 5. Modified post-yield stiffness
S1
S2
Average
Error
Modified
Theoretical 11.33 13.12
post-yield
stiffness
Error (%) 11.7 35.2
23.5
(kN/mm)
6. Conclusions
In this paper, an innovative damper is proposed by
introducing the casting technology into the conventional
metallic dampers. The main conclusions as follows:
(a) Two cast dampers (S1 and S2) with different
configurations of the yielding plates were designed and
fabricated. Generally, the feasibility of the application of
cast steel was demonstrated. Further, in the hysteretic tests
of cast damper, the specimens exhibited good seismic
performance with symmetric and plump hysteresis loops.
However, it is observed that the thickness of the yielding
plate deviates from the original design. Additionally,
despite the fair material properties of bar samples,
manufacturing flaws were observed. Thus, the casting
technology needs further improvement.
(b) A simplified model is put forward to predict the
mechanical parameters of the damper. Validation against
experimental results shows that the model gives a
reasonable estimate of the yield load and initial stiffness.
As for the post-yield stiffness, it is overestimated by the
proposed equation due to the influence of the surrounding
steel component. An update is provided to modify the
post-yield stiffness, which effectively reduces the error.
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Keynote Lecture
Keynote Lecture 4
Forecast Based Engineering for Big Cities
Professor Emeritus Akira Wada
Tokyo Institute of Technology
E-mail: wada@akira-wada.com

Brief Biography
Dr. Akira Wada, recipient of the 2011 Fazlur R. Khan Lifetime Achievement Medal and Professor Emeritus of the Tokyo
Institute of Technology, is considered to be a Japan’s leading expert in structural engineering with a specific focus on
seismic structural design, base isolation and damping.
Dr. Wada’s contributions to the field of science and technology and connections in Japanese academic and government
circles make him uniquely qualified to lead and consult on a wide variety of projects. Since becoming Professor at the
Tokyo Institute of Technology in 1989, Dr. Wada has held a number of important positions, including serving as chairing
the CTBUH Japan Chapter since its formation in 2010. In 2014, he was elected President of the Japan Seismic Isolation Association. He also has served as President of the Architectural Institute of Japan (AIJ, 2011.6-2013.5), Member of
Science Council of Japan (SCJ, 2005.10-), Representative Director of Japan Academic Network for Disaster Reduction
(JANET-DR, 2016.1-).
Dr. Wada received the AIJ Grand Prize 2019 as International collaborative research and development on the seismic design of architectural structures.

Abstract
Architects and engineers are basically optimists and build big cities in Asian countries including many large structures.
We need everyday electricity, water, gasoline, vegetables, information through the internet or mobile phones, houses,
offices, universities, hospitals, government buildings, and complicated transportation systems. In our modern age, these
all-sophisticated systems have to be rationally working. Then, we can enjoy modern life.
Architects and engineers cannot know new hazards and new disasters that happened before. The next severe disasters
will happen sure in the big city.
Galileo Galilei said the big structure would be weak comparing the small structures made by the same materials.
I would like to discuss we need forecast-based engineering for big cities.
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Keynote Lecture
Keynote Lecture 5
Design and Construction of Composite High-Rise Buildings Using High
Strength Materials
Prof. Richard Liew
National University of Singapore. Singapore
E-mail: ceeljy@nus.edu.sg

Brief Biography
Richard Liew is a Professor and Acting Head of the Department of Civil and Environmental Engineering at the National
University of Singapore. He received his B.Eng (1986) and M.Eng (1988) degrees from the National University of Singapore and a Ph.D (1992) degree from Purdue University at West Lafayette in USA. He is a fellow of academy of Engineering,

Professional Engineer in Singapore, Chartered Engineer in U.K, and Past President of the Singapore Structural

Steel Society. Prof Liew is a renowned expert in the field of steel and composite structures. His research focuses on the
design and application of high-performance materials in tall buildings and large span structures covering civil infrastructures, protective and security and offshore engineering sectors. He received several research and design awards, including the 2020 NUS Engineering Research leadership award, 2017 best research paper prize from Institution of Structural Engineers ( UK) and the 2013 Structural Excellent Award from the Hong Kong Institute of Engineers. He has been
consulted on the design and construction of several iconic buildings in Singapore such as the iconic structures in Changi
Jewel and Gardens by the Bay. He is a key person responsible for the development of Singapore’s codes of practices for
steel structures.

Abstract
Steel-concrete composite structures comprising of structural elements made of steel section acting in composite with
reinforced concrete have been used widely in high-rise buildings. Modern building codes provide some guidance on the
design of composite members but restricting their uses for normal strength materials due to the lack of understanding on
the interactive behavior between high strength concrete and high strength steel section. A lack of research breakthroughs
in high strength composite structures has prompted further action from the research group at the National University
of Singpaore to conduct a series of large-scale tests on composite columns made of high strength concrete and high
strength steel sections. This paper provides the f database from the test programs and propose a unified design method
for composite columns with concrete grade up to C150 and steel section grade up to S550. More than 2300 test data collected from the literature on concrete encased and concrete filled tubular members with normal and high strength materials have been analyzed to formulate this design guide. Actual building projects utilizing this design methodology will be
highlighted and their implementation in practice will be explained.
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Design and Construction of Composite High-rise Buildings Using High Strength Materials
J Y Richard Liew
Department of Civil & Environmental Engineering, National University of Singapore
ceeljy@nus.edu.sg
Abstract
High strength steel and concrete materials have great advantages when they are used as load bearing components in
high-rise buildings such as columns, shear walls, and foundations. These materials are particularly feasible for columns,
especially on lower floors of a tall building where the loads will be greatest. This is because the higher the material
strength, the smaller the section size is required to resist the same load. This will free up more usable floor space. High
strength concrete is relatively more brittle than normal concrete especially when it is not reinforced. However, if it is used
in a composite manner with the steel section, its behaviour becomes more ductile depending on the steel contribution ratio.
The cost to strength ratio of high strength steel section is found to be lower than that of other materials, and thus, high
strength steel section has better economic benefits compared with the normal strength steel. It is a well-known fact that
slender members made of high strength steel are prone to buckling failure in which the material strength may not be fully
utilized. Therefore, its use may not be effective in reducing the cross-section area of the slender steel members. However,
if high strength steel section is used with concrete, especially with high strength concrete, the buckling of steel section can
be effectively restrained, and the steel strength can be fully utilized. This opens new opportunity to provide more options
for designer to adopt innovative methods of design involving the use of high strength steel and concrete materials for
structural application in modern construction.
Although codes of practice on steel-concrete composite structures are available in many countries such as America,
Australia, China, Europe, and Japan, etc., they do not provide sufficient guidelines on the use of high strength
construction materials in such applications. This lecture proposed a design guide that serves as an extension of Eurocode
4 (EN 1994-1-1, 2004) for the design of steel-concrete composite members with special considerations for higher strength
steel and concrete materials. More than 2300 test data collected from the literature on steel-concrete composite members
with normal and high strength materials have been analysed to formulate the design guide. This lecture proposes a method
to predict the axial-moment interaction strength curves of concrete encased steel and concrete filled steel tubular columns.
It allows a unified approach to the design of such columns with normal- and high-strength steel concrete materials. Fire
protection and fire resistance design method are also provided for the high strength composite member based on the latest
research works done. Some of the design calculations may involve tedious formulas and require iterative steps to find an
optimum solution. Opportunity for error is great if such calculations are done by hand. Excel spreadsheets are provided in
the recent book published by the author [1] to automate the calculations.
Liew J Y R, Xiong, MX and Lai, BL. (2021), Design of steel-concrete composite structures using high strength materials,
Elsevier Sciences Publisher, 254 pages.
Keywords: Axial-moment interaction; Composite construction; Concrete encased steel; Concrete filled steel tubes;
High-rise buildings; High strength concrete; High strength steel.
Topics and Scope: Composite structures
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Keynote Lecture
Keynote Lecture 6
SpeedCore / Composite Plate Shear Walls: Fire Resistant Design
Prof. Amit H. Varma
Purdue University, USA
E-mail: ahvarma@purdue.edu

Brief Biography
Prof. Varma is the Karl H. Kettelhut Professor of Civil Engineering at Purdue University, and the Director of the Bowen
Laboratory for Large-Scale CE research. He received his PhD from Lehigh University (’01). Prof. Varma has dedicated
his academic and professional life to the development of innovative steel-concrete composite structures for the built infrastructure including commercial, industrial, and safety-related nuclear structures. He has conducted fundamental research
leading to the development of design provisions for composite members, connections, and overall structural systems
subjected to extreme loading conditions including seismic, fire, blast, and impactive loading. Prof. Varma’s research products are the basis of (and directly cited in) several AISC specifications (AISC 360, AISC 341, AISC N690) for the design
of steel-concrete composite structures for building structures and safety-related nuclear facilities. Prof. Varma is the recipient of the AISC Milek Faculty Fellowship Award (2003), AISC Special Achievement Award (2017, 2020), ASCE Shortridge Hardesty Award (2019), and the T.R. Higgins Lecture Award (2021). Prof. Varma is the Chair of AISI/AISC Task
Committee 8 on Fire Design, and member of Task Committee 5 on Composite Design. He is also a member of the AISC
Committee of Specifications, and ASCE/SEI 7 Standard Committee.

Abstract
The merits of steel-concrete composite construction have been recognized and leveraged for decades, but they have
never been harnessed quite so efficiently as the new SpeedCore system, which consists of composite plate shear walls
and composite coupling beams. This system can be used, when needed, in lieu of traditional reinforced concrete core
walls / shear walls in commercial, industrial, or nuclear construction. The primary advantages of this composite system
stem from the efficient modularization and prefabrication of steel modules, and elimination of rebar cages, formwork, and
falsework, resulting in expedited construction schedule, and thus overall project economy. This presentation will summarize the results of recent research, culminating in the development of fire resistant design specifications and guidelines
for composite plate shear walls and systems. The presentation will highlight experimental behavior, numerical modeling,
and design of composite walls and the SpeedCore system for fire loading conditions. The presentation will cover both the
fire resistance rating (in hours) and strength at elevated temperature.
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Keynote Lecture
Keynote Lecture 7
Design Development of Cheongna International City Tower (CICT)
Seokkwon Jang, Partner
LERA Consulting Structural Engineers, USA
E-mail: seokkwon.jang@lera.com

Brief Biography
Seokkwon Jang, Ph.D., P.E., is a Partner at LERA Consulting Structural Engineers. He holds a Ph.D. in structural Engineering from Lehigh University in Pennsylvania, and received his Bachelor and Master of Science at Hanyang University.
He has expertise in wide range of building types from high-rise buildings to security related designs. In addition, he has
made research related projects in the firm. Since 2009, he has worked on a series of Korean research projects in collaboration with POSCO research Center. He was leading a LERA’s role to assist in the development of the use of very
high strength steel in tall buildings by focusing an attention on the primary vertical and lateral load resisting systems of
tall buildings. His study extends to research and develop the use of very high strength steel in other applications such as
platform structural system to be built above railways or highways, long span truss system, composite structures of mega
bracing system, alternative flooring system, etc. that may maximize potential advantage of the high-performance steel
materials in cost effectiveness as well as constructability. Currently, he has lead the structural design of the projects in
Korea, including Cheongna International City Tower (CICT), Hyundai Global Business Center (GBC), HDC Central Park
in Busan, etc., and was involved in the peer review of New York’s Freedom Tower, and involved also in the design of the
award-winning 4 WTC on the World Trade Center.

Abstract
The Cheongna International City Tower (CICT) is 448 meters tall, with 31 stories above ground within four different zones
consisting of Lower Zone, Middle Zone, Upper Zone and Crown. The tower is mixed use, with retails, restaurant, and observation deck at the Lower Zone and sky walk, sky garden and observation deck at the Upper Zone. The primary tower
structural system has been developed with the core and perimeter mega-structure system that has been selected as the
lateral load resisting structural system. This system contains higher structural efficiency than comparable system such as
belt truss and outrigger system, and its inherent coordination with the crystalline shape of the tower. The structural floor
framing within the core is designed with reinforced concrete and the floor framing outside of the core is composite steel
and concrete framing. Between floors with a height greater than 9.0meter, steel framing for catwalk and/or façade supporting framing is considered. These two systems are designed to be constructed alternatively with 4.5meter space. The
spire structure above elevation 396meter is designed to be constructed with a system of steel space trusses. The spire
has three sub-systems consisting of a triangular pyramidal top, a horizontal ring and six lower perimeter trusses.
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Keynote Lecture
Keynote Lecture 8
Behavior and Design of Steel-Tube-Confined Concrete-Filled Steel Tube
Stubs under Axial Compression
Prof. Sumei Zhang
Harbin Institute of Technology, China
E-mail: smzhang@hit.edu.cn

Brief Biography
Sumei Zhang received her BS (1985), MS (1988), and Ph. D (1991) degrees from Harbin Institute of Technology in Harbin, China and conducted his post-doc. research at University of Manchester and London South Bank University, UK. His
current research interests are in performance and design of innovative and complex steel-concrete composite structures
and steel structures. The application of composite structures in underground infrastructures and assembled structures.
Prof. Zhang served as the President of international Association of Steel-Concrete Composite Structures, the General
Secretary and Vise President of China Association of Steel-Concrete Composite structures. Her and her research team’s
work has been issued the China National Science and Technology Progress Award (1st Class), the Science and Technology Progress Award (1st Class) from China Ministry of Education, and Chin Steel Construction Society. She is currently
working at School of Civil and Environmental Engineering, Harbin Institute of Technology, Shenzhen,

Abstract
The paper aims at investigating the axial compression behaviors of the square and circular concrete-filled steel tube
(CFST) stub columns confined externally by circular steel tubes. Apart from strengthening the performance of the existing
deficient CFST composite columns, the new configuration is suitable for the application in new structures. Firstly, three
series of experimental work were carried out on 70 short composite columns to determine their mechanical properties
under axial compression. Secondly, the effect of the outer circular steel tube on the bearing capacity of the inner square
CFST and circular CFST were quantitively determined. Then, the superiority of the new member configuration was verified by comparing it with the 6 other types of commonly used composite columns with the same steel ratio. Subsequently,
the influence of critical parameters on the mechanical properties of the newly proposed configuration was studied systematically. The considered parameters included the steel ratio of the inner steel tube and outer steel tube, the gap between steel tubes, and concrete strength, etc. Finally, the feasibility of the current designing codes in predicting the compressive strength of the new configuration was evaluated. A satisfactory prediction method was proposed for the circularsteel-tube-confined square CFST.
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Defect Detection of Steel Structure Using Infrared Thermography Technique
Arum Jang1, Min Jae Park2, Jaehoon Bae3, Young K. Ju 2*

Department of Civil, Environmental and Architectural Engineering, Korea University, Seoul, Korea.
rum97@korea.ac.kr
2*
School of Civil Environmental and Architectural Engineering, Korea University, Seoul, Korea. alswo8739@korea.ac.kr,
tallsite@korea.ac.kr (corresponding author)
3
Department of Architecture, Chonnam National University, 50 Daehak-ro, Yeosu-si, Jeonnam 59626, Republic of Korea.
skycity-bjh@jnu.ac.kr
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Abstract
With the development of the fourth industrial revolution, new high-tech has been increasing in various construction areas,
such as safety detection in the construction industry and civil engineering field. The development of the construction
industry enabled us to buildings are getting taller and bigger, and it is costly and time-consuming to determine building
inspection using the traditional contact method moreover inspector safety concerns. Besides, the contact method has poor
objectivity of data. Also, the disadvantage is that data deviation is large depending on the measurement location and
inspector. Therefore, a more accurate method of estimating the defects using the non-contact method was newly regarded.
Infrared technology using a thermal camera is one of the technologies attracting attention as non-destructive testing
(NDT) in the field of structures. Therefore, many studies are attempting have been made using the infrared technique.
Particularly, various techniques have been applied to detect defects in concrete structures such as cracks. But by
comparison, there is little researched to determine the welding defects of steel structures. The weld is one of the weakest
parts of a steel structure. To determine such welding defects quickly and accurately, this study attempts to detect defects in
the welding of steel structures by introducing infrared thermal imaging technology. The test specimen with artificial
defects was fabricated to estimate the defects parts of welding using a thermal camera. Then, the active method was used
to determine defects of welding on steel structures. The thermal image of the defect part and the surface temperature data
were compared with the normal part to observe the defect. Based on the relevant data, the presence or absence of defects
could be determined using the standard deviation of the weld temperature. As a result of the experiment using the infrared
technique, it was possible to determine the presence or absence of defects in the weld using the thermal image. In a normal
weld, the temperature deviation was not large. On the other hand, the temperature standard deviation value of the welding
defect was higher than that of the normal weld.
Keywords: Infrared Thermography Technique, Safety Inspection, Weld Defects, NDT
method and increase efficiency, a thermal camera was
used to detect the weld defect as a safety inspection. This
study introduced the thermal experimental study,
including non-contact infrared thermography under an
outdoor condition. Thermography technology was
incorporated in mock-up experiments which were
designed to simplify actual welding defects.

1. Introduction
Various industries are changing with the development of
modern technology. The international organization for
public-private cooperation 'World Economic Forum'
mentioned 10 keywords such as big data, photography,
and BIM as future construction technologies. Currently,
there is a moving trend that innovates the economy and
society through core technologies connected to the fourth
industrial revolution. Nevertheless, the construction
industry has remained in traditional operations for the past
50 years, with highly dependent on manual work and
established business models.
Most safety inspections require the operator to directly
contact the structure or a visual check. These contact
methods raise doubts about the reliability and objectivity
of the measurement data. Thus, a more accurate method of
estimating the defects using the non-contact method was
newly regarded. The infrared technique receives attention
to use a thermal camera that is widely used for NDT for
structures. Many studies have been applied to detect
defects in concrete structures. But there is little researched
to determine the steel structures.
Thus, to overcome the limitations of the conventional

2. Defect detection using thermography technology
2.1. Thermal experiment
The goal of the experiment is to examine and analyze the
difference between normal and defective parts of welding.
From the experiment, sets of data are collected through
thermal camera images. The thermal inspection is held on
welding with five artificial defects as Figure 1.: Undercut,
Overlap, Crater, Fisheye, and Crack. During the
experiment, the various parameters such as ambient
temperature, humidity, and illumination were collected
manually using tools to determine actual environmental
conditions. After the experiment, the temperature of the
welding part from the thermal image is collected using
FLIR commercial program.
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deviation for the defect parts of welding were 1.557 ~
7.010, higher than the normal part. The average
temperature of the normal part is lower than defect parts
except fisheye defect. The 'fisheye' defect is a defect that
occurs inside the welding because hydrogen cannot
escape during welding. Therefore, the external surface
had no significant difference from the normal part, and the
temperature was measured lower than that of other
defective parts.
Table 1. STDEV and average temperature
Defect
STDEV
Avg Temp.(℃)
Normal
1.217
47.941
Under cut
49.478
2.241
Overlap
68.570
4.649
Crater
68.834
7.010
Fisheye
44.966
1.557
Crack
52.344
3.510

Figure 1. Mock-up specimen with defects
For the experiment, the 1kW halogen lamp was used as a
heat reservoir to generate thermal fluid flow, and the
experiment was performed with a thermal camera. The
active method experiment is conducted indoors. As
shown in Figure 2, considering the height of the structure,
the distance between the specimen and the camera was set
to 1.5m.

3. Conclusions
By conduct experiments on welding with artificial defects,
it was confirmed the presence of welding defects based on
thermal data and temperature data. The temperature
deviation depending on the surface condition was
generated, and the standard deviation of the normal part of
welding was 1.217, showing an even temperature
distribution. On the other hand, the standard deviations of
welding defects were all over 1.5, indicating a relatively
uneven temperature distribution, confirming the high
standard deviation. Through this study, it was able to
check the possibility of determining the defects part of
welding by utilizing thermography technology. However,
to get a more accurate inspection with the thermal camera
must be carried more experimental data. Therefore,
further research and experiment will be conducted to
improve the reliability and efficiency of the technology.

Figure 2. Configuration of experiment
In addition to the temperature information obtained by the
thermal camera, outdoor parameters were measured air
temperature, humidity, and illuminance. The thermal
image is measured as shown in Figure 3, and the average
temperature was measured by extracting the temperature
of the part corresponding to the welding part from the
thermal image.
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Figure 3. Thermal image of test specimen
2.2. Result analysis
The specimen was extracted the temperature value per
pixel and compared the normal and defect parts of
welding based on the standard deviation and average
temperature. As shown in Table 1., the mean value of
standard deviation for the normal part of welding was at
1.217. On the other hand, the mean value of standard
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Abstract
Efforts are underway to evaluate the structure of the bridge as a national asset by reasonably judging the level of
performance of the bridge. If the performance evaluation for the maintenance and management of Class III bridges is
conducted at the same level and item as the of Class I and Class II bridges, there are various problems such as manpower
and economic resources. Therefore, the performance evaluation of small-sized bridges has important matters, such as
which bridge to evaluate first. Therefore, priorities for performance evaluation of small-sized and aging bridges according
to risk indices were determined through vulnerability evaluation and impact evaluation, and performance evaluation of 3rd
class and non-class bridges was conducted.
Keywords: Maintenance, Asset of Bridge, Sustainability, Facility management, Performance evaluation
simplified as Figure.1

1. Introduction
Efforts are underway to reasonably determine the
performance figures of bridges to evaluate bridge
structures as assets at home and abroad. This is managed
through the performance evaluation of Class Ⅰ and class
Ⅱ bridges by expanding the scope of the Special Act on
Safety Management of Facilities in 2018.
However, roads are one connected object, and if there is
a disruption to not only Class Ⅰ and class Ⅱ bridges but
also the 3rd class of bridges, there are concerns about
performing the performance of the entire road.
As of December 2017, only some of the 23,900 bridges
(71.2%) out of 33,572 road bridges are designated as three
types of bridges, and only doing evaluation regular
checklists are conducted through the Class Ⅲ of safety
evaluation. In addition, there is no way performance
evaluation plan for unspecified bridges.
Therefore, the purpose of this study is to promote the
implementation and policy suggestions of the
performance evaluation of Class 3rd and the performance
evaluation of the Class 3rd and unspecified bridges by
presenting the performance evaluation.

Figure 1. Evaluation Level and inspections of evaluations
target on National bridges.
For avoiding confusion in maintenance systems of
bridges at todays, the level of the overall task in on-site is
determine through modifications to existing inspections
If evaluate of performance of class 3rd bridge are carried
out the same manner (method & period) of Class Ⅰ and
Class Ⅱ bridges have a realistic problem due to human
resources and economical problem, So the priority of
performance evaluation of the bridge has to determined

2. Introduction performance evaluation of 3 rd and unspecified bridges
2.1. Evaluation level and items
The performance evaluation for class 3rd and unspecified
bridges should be used intuitively compared to the
previous ones or Class Ⅰ and Class Ⅱ Performance
Evaluation. And should be a reasonable simple evaluation
system that meets the conditions of Class Ⅲ. It will be

2.2. Determine priority of target bridge
Without pre-structures analysis or on-site investigation,
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decide priority the performance evaluation of bridges.
First, present performance goals for each bridge based on
Average Daily Traffic(ADT) and aging years. And decide
Vulnerability factor & Social Influence factor.
Vulnerability factor is composed of items cans affect the
safety of the bridge in a short period of time, such as
Average Daily Truck Traffic(ADTT) and ages of bridge.
Social Influence factor is determined by threatening the
safety of bridges over a relatively long period and having
social-economical impact if bridge is closed

Facility

Passing road
River or lake

0.8
0.5

From the table calculate the Risk Index(RI) considering
the weight of 7:3 in the Vulnerability Factor and Social
Influence Factor.
(1)
From the Risk Index(RI) can divide bridge priorities for
performance evaluation.
If bridge has Risk Index over 60, define Immediate
performance evaluation bridge means that immediately
doing inspections
If bridge has Risk Index from 40 to 60, define Short-term
performance evaluation bridge. Which means that must
be implemented within following years and have to
reflected in the following years’ budget.
If bridge has Risk Index under 40, define
Observation-bridge, meaning inspected regularly accord
to its maintenance plan

Table 1. Vulnerability Factor(VF) and its rating
Category
conditions
rating
Over 40 y
1.0
Over 30 y
0.8
01. Age of
Over 20
0.5
bridge(years)
Over 10
0.3
Under 10
0
DB-24
0.5
02.Design load
DB-18
0.8
DB-13.5
1.0
Over 2000
1.0
03. Average
Over 1000
0.8
daily truck
Over 500
0.5
traffic(cars)
Under 500
0
Existing hazard
10.0
04. Significant
hazard
Non hazard
0
Neglect after
1.0
impact
05. Defect on
Non-installation
impaction on
0.8
of protection
substructure
Installation
0
protection
Not having data
1.0
06.Maintenance
Having only
0.8
history
completion data
Having all data
0
Existing data
0
07. retrofitting
data
Non data
1.0

2.3. Evaluation performance of 3rd bridge
From the Risk Index, If Bridge is defined “Immediate
performance evaluation, conduct performance evaluation
in accordance with the “Evaluations of 3rd class &
unspecified bridge” . The method of performance are as
Figure.2

Table 2. Social Influence factor(SIF) and its rating
Category
conditions
rating
Under
C
grade
1.0
01. Damaged
Chloride
Under B grade
0.5
degraded
Over A
0
Under C grade
1.0
02. Far from
Under B grade
0.5
shoreline
Over A
0
Class 1
1.0
03. Type of
Class 2
0.5
roads
Class 3
0
Over 8-line
1.0
Over 6-line
0.8
04. Bridge
width
Over 4-line
0.5
Under 4-line
0
05. Below of
Passing rail
1.0

Figure 2. Conduct Category at Performance Evaluations
of 3rd class & unspecified Bridge.
3. Conclusions
Performance Evaluations of 3rd class and unspecified
Bridge Method as long-term preventive maintenance
system can be optimize maintenance scenarios that can
maximize the life-span of Bridge.
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Abstract
In riveted bridges, generally, rivets deteriorated with loosening and corrosion are replaced with high-strength frictiontype bolts. In this case, both riveted and bolted connections which have different load transfer mechanism coexist in the
same joint, however, the mechanical behavior and limit states of the rivet-and-bolt combination joints have not been well
investigated yet. In this study, in order to clarify the mechanical behavior and limit states of the combination joints using
rivets and bolts, static tensile tests were performed on specimens with different arrangement of rivets and bolts. Moreover,
finite element analysis was performed to investigate load transfer mechanism in the combination joints. Based on the
experiment and analysis, the evaluation method for the strength of the combination joints was indicated.
Keywords: Combination joints, Limit states, Repair, Riveted joints, High-strength bolted joints
1. Introduction
In steel bridges, there are mainly three types of
connections, such as welded, bolted, and riveted joints.
Among them, riveted joints were commonly used in
bridges constructed before 1950s in Japan. After that,
welding and bolting have become main connection types,
and riveted joints are hardly used in current bridge
assembly, while many old bridges with riveted joints still
exist.
In general, when a rivet is deteriorated by loosening or
corrosion, the damaged rivet is replaced with a highstrength friction-type bolt because of its high workability.
In this case, rivets and friction-type bolts which have
different load transfer mechanisms, in other words,
connections of bearing-type and slip-resistant type,
coexist in the same joint. Therefore, in order to evaluate
the performance of riveted joints repaired by replacing
part of its rivets with high-strength friction-type bolts, it is
important to properly predict the limit states and strength
of the joints combining use of rivets and bolts.
Riveted joints are rarely used in modern bridge
construction, but considering future maintenance of aging
riveted bridges, it can be beneficial to clarify the limit
states of the combination joints with rivets and highstrength bolts, and to develop a method for predicting its
strength. There has been, however, little research on the
rivet-and-bolt combination joints, and its mechanical
behavior and limit states have not been well clarified yet.
In this study, experiments and finite element analyses for

(a) A - series

(b) B - series

Figure 1. Test specimens (Unit : mm)

joints using rivets and high-strength friction-type bolts
(hereinafter referred simply to as bolts) were conducted to
investigate the mechanical behavior of the combination
joints. In addition, a simple method for predicting the limit
state and strength of the combination joint was proposed.
2. Test specimens
The configuration and dimensions of test specimens are
shown in Figure 1. Table 1 gives the mechanical properties
of materials used in the specimen. The right side of the
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Table 1. Mechanical properties of materials
(a) Steel plate (490 N/mm2 class steel)
Thickness (mm)
Yield stress
Tensile strength
9
488
542
12
397
510
19
444
543
(b) Rivet (Equivalent to 400 N/mm2 class steel)
Nominal diameter (mm) Yield stress
Tensile strength
19
376
494
(c) High-strength bolt (1000 ~ 1200 N/mm2 class)
Standard
Yield stress
Tensile strength
M20×65
1000
1043
M20×80
1012
1048
* The unit of stress is N/mm2

(b) A2, B2

(c) A3, B3

(d) A4, B4

(e) A5, B5

(f) A6, B6

Figure 2. Arrangement patterns

specimen, where rivets and bolts are arranged in one row
and three columns, is a tested side in this study. The
dimensions of the tested side were determined so that a
main plate would not yield before rivets yield. The edge
distances and the spacing between the holes satisfy the
regulations in the JRA specifications. The left side of the
specimen, referred to as fixed side, was designed not to
yield before the tested side was fractured.
The rivets and bolts are arranged in six patterns as shown
in Figure 2. In the figure, R and B represent a rivet and
bolt, and I, M and O mean the location of rivets and bolts
(I: inner, M: middle, O: outer).
The yield load of a rivet can be determined by considering
yielding due to bearing and yielding due to shear. The
bearing yield load Prby and shear yield load Prsy for a rivet
can be calculated by the following equations, respectively.
(1a)
Prby  1.7 ry tdr

Prsy  0.75m ry dr 2 / 4

(a) A1, B1

Figure 3. Situation when driving rivet
axial force into account.
3. Tensile tests
Tensile tests were performed under displacement control
condition and the specimens were loaded until failure. In
this study, two kinds of limit states were considered; one
is the limit state in which a load-displacement relationship
loses its linearity significantly due to the yielding of rivets,
a main plate and splices, and the slip of bolts, and the other
is the limit state in which the specimen reaches the
maximum load and then fractures. The former is referred
to as the yield limit state and the latter as the ultimate limit
state, respectively.

(1b)

where σry is the yield stress of a rivet, t is the thickness of
a main plate or splice, dr is the nominal diameter of a rivet,
and m is the number of shear planes. The coefficients for
each yield load were determined by referring to several
references. (Architectural Institute of Japan, 1970; Japan
Society of Engineers, 1980; Kulak et al., 2001).
The smaller load by Equations (1a) and (1b) can be the
yield load of a rivet, Pry. In this study, the yield load of a
rivet is 146 kN for specimen A series (Figure 1(a)) and 160
kN for specimen B series (Figure 1(b)), respectively.
The specimens were assembled as follows; (1) fastening
bolts on the fixed side, (2) driving rivets on the tested side,
and (3) tightening bolts on the tested side. Figure 3 shows
a photo when driving a rivet. It has been reported that the
slip coefficient of joints in actual old bridges where rivets
are replaced by bolts is about 0.25. Therefore, bolt axial
force introduced into the bolts on the tested side was
adjusted to achieve a slip load equivalent to that calculated
from the design bolt axial force and the slip coefficient of
0.25 (82.5 kN for a bolt). Based on the results of slip tests
using the same steel plates as the specimen, the bolt axial
force on the tested side was set to 110 kN. Tensile loading
tests were conducted more than one week after tightening
the bolts on the tested side taking the relaxation of bolt

3.1. Load-displacement relationship
Figure 4 shows examples of the load-displacement
relationship obtained from the experiments. In specimen
A1 with only rivets, the load gradually increases with the
increase in displacement even after the specimen reaches
the yield limit. On the other hand, in specimen A6 with
only bolts, a rapid increase in displacement due to the slip
can be observed, and the load begins to increase again
after the bolts moves to the bearing state. The slip
coefficients obtained from the results of specimens A6 and
B6 were 0.54 for A6 and 0.40 for B6, respectively. Based
on these slip coefficients and the bolt axial force of 110
kN, the slip load for a bolt is 119 kN for specimen A series
and 88 kN for specimen B series.
In the case of the combination joints, specimen A2, which
consists of two rivets and one bolt, shows relatively
similar behavior to specimen A1. On the other hand,
specimen A5, which consists of one rivet and two bolts,
shows the slip behavior observed in specimen A6. Thus, it
is revealed that the load-displacement relationship in the
combination joint changes depending on the number of
rivets replaced with bolts.
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Table 2. Yield resistance
Specimen
A1
A2
A3
A4
A5
A6
B1
B2
B3
B4
B5
B6

Figure 4. Load - displacement relationship
3.2. Yield resistance
The yield resistances of each specimen obtained from the
experiments are summarized in Table 2. The yield
resistance was defined as the load when the specimen
reaches the yield limit. It is noted that two specimens each
of A1 to A5 and B1 to B5 were tested, and the average of
two specimens is shown in the table.
The yield resistance of the joint calculated on the
assumption that the sum of the yield load of a rivet and the
slip load of a bolt corresponds to the yield resistance of
the combination joint is also shown in Table 2. There is a
tendency that the yield resistance decreases as the number
of replaced rivets increases. It is because the slip load of a
bolt is smaller than the yield load of a rivet in the specimen.
Moreover, the calculations based on the simple
assumption are in relatively good agreement with the
experiments. Therefore, there is a possibility that the yield
resistance of the combination joint can be evaluated by
summing the rivet yield load and the bolt slip load in the
joint.

(a) Tensile failure of net
section of a main plate

(e) Shear failure of 1 rivet (f) Block shear failure of
or bolt and block shear
a main plate
failure of a main plate

Figure 5. Assumed failure patterns
where nr is the number of rivets, nb is the number of bolts,
σru is the tensile strength of a rivet, σbu is the tensile
strength of a bolt, and db is the nominal diameter of a bolt.
The block share failure load shown in Figures 5(c) to (f)
is considered to be calculated by the following equation.
(4a)
Peu  0.5 Ans pu

Ans  2{e1  (nu 1) p}t

Pbu  0.6m bu db 2 / 4

(3c)

(4b)

where Ans is the effective shear cross sectional area, e1 is
the distance in tensile direction between hole and edge of
plate, p is the spacing between holes, and nu is the number
of holes on the block shear failure plane
(For the failure patterns (c) and (d) shown in Figures 5(c)
and (d), nu = 1; for the pattern (e) in Figure 5(e), nu = 2;
and for the pattern (f) in Figure 5(f), nu = 3.)
In case of the composite failure patterns shown in Figures
5(c) to (e), which consist of the shear failure of rivets and
bolts and the block share failure, it is assumed that the
composite failure load is obtained by summing the shear
failure load the block shear failure load as calculated in
Equations (3) to (4).
Table 3 summarizes the failure modes and the ultimate

where An is the cross-sectional area of net section, and σpu
is the tensile strength of a main plate.
As shown in Figure 5(b), the shear failure load when all
rivets and bolts in a joint fail Frbu is considered to be
obtained by summing the shear strength of a rivet Pru and
the shear strength of a bolt Pbu.
(3a)
Frbu  nr Pru  nb Pbu
(3b)

(b) Shear failure of
all rivets and bolts

(c) Shear failure of 2 rivets (d) Shear failure of 1 rivet or
or bolts and block shear bolt and block shear failure of
failure of a main plate
a main plate and splices

3.4. Failure mode and ultimate strength
Here, a method for predicting the failure mode and
ultimate strength of a combination joint by simple
calculations is investigated. As shown in Figure 5 six
failure patterns are assumed for the specimen. Calculation
methods of failure loads for each assumed failure pattern
are as follows.
The tensile failure load of the net section of a main plate
Fnu shown in Figure 5(a) is calculated by the following
equation.
(2)
Fnu  An pu

Pru  0.75m ru dr 2 / 4

Yield resistance (kN)
Experiment
Calculation
Analysis
456
438
479
444
411
437
436
411
432
453
384
393
384
384
390
357
357
348
478
480
468
400
408
394
384
408
394
352
336
322
374
336
321
264
264
248
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strength in the experiment, and the calculations for each
failure pattern. The ultimate strengths in the experiment
for specimens A1 to A5 and B1 to B5 are the average of
two specimens. Grayed loads in the table mean the
minimum value among the calculations. In almost all of
the specimens, the failure pattern with the minimum
calculated load corresponds to the failure mode actually
observed in the experiment, and the minimum calculations
tend to agree with the ultimate strength of the specimen.
These results indicate that it is possible to predict the
failure mode and the ultimate strength of the combination
joint by calculating the failure loads for the assumed
failure patterns.

Table 3. Failure modes and ultimate strength
Experiment
Specimen Failure Ultimate
strength
mode
(kN)
A1
686
(c)
A2
691
A3
(a), (d) 730
A4
714
A5
(a)
741
A6
722
B1
(b)
733
B2
(c)
810
B3
(b)
868
B4
(c)
942
B5
(b)
1037
B6
(d)
1090

4. Finite element analysis
4.1. Analysis method
Finite element analysis simulating the tensile tests was
performed to confirm the mechanical behavior of the
combination joint at the yield limit. By taking the
advantage of symmetry on the tested side, a quarter model
was used in this study. An example of the model is shown
in Figure 6. ABAQUS Ver. 6.14 was used for the analysis.
The constitutive laws of rivets and steel plates with
thicknesses of 12 and 19 mm were given in multilinear
models based on their material tests, while those for bolts
and a steel plate with a thickness of 9 mm was given based
on their certification sheets. The elastic modulus of each
material was given based on the material tests, and 200
kN/mm2 was assumed if no material test was conducted.
Poisson's ratio was set to 0.3 for all materials. The friction
coefficient of the friction surfaces between the main plate
and the splices were determined with the tensile test
results of specimens A6 and B6, which were 0.55 for
specimen A series and 0.385 for specimen B series. The
friction coefficients of the other contact surfaces were set
to 0.001.
The axial forces were introduced into the rivets and bolts
by applying a displacement to the lower end of their shaft.
The axial force of the rivets was set to 90 kN based on the
axial force actually measured in the specimen referring to
the past measurement method (Wilson and Oliver, 1930).
The axial force of the bolts was 110 kN. After the axial
force was introduced to the rivets and bolts, tensile
displacement was applied to the end of the main plate.

Calculation (kN)
(a)

(b)

(c)

(d)

(e)

(f)

731
731
731
731
731
731
1233
1233
1233
1233
1233
1233

630
813
813
996
996
1180
630
815
815
1000
1000
1185

604
604
787
787
970
970
730
730
915
915
1100
1100

686
686
686
869
869
869
887
887
887
1072
1072
1072

791
791
975
791
975
975
1190
1190
1375
1190
1375
1375

979
979
979
979
979
979
1651
1651
1651
1651
1651
1651

Figure 6. Analysis model (A2)
simultaneously. This result supports the assumption that
the yield resistance of the combination joint can be
evaluated as the sum of the yield load of a rivet and the
slip load of a bolt existing in the joint.
5. Conclusion
In this study, tensile tests and finite element analyses were
performed on joints using both rivets and high-strength
bolts to investigate the mechanical behavior and limit state
of the combination joints. As a result, it is revealed that
the strength and the failure mode of the combination joint
at the yield limit and the ultimate limit can be predicted by
the simple calculation methods.
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4.2. Load-displacement relationship
The load-displacement relationships obtained by the
analyses are shown in Figure 4. The analytical results are
in relatively good agreement with the experiments. The
yield resistances of each specimen calculated by the
analysis are also shown in Table 2. The tendency of the
analytical values agrees with the experiments and
calculations, meaning that the yield resistance of the
combination joint becomes smaller as the number of
replaced rivets increases. Moreover, it can be confirmed
that all the combination joints reach the yield limit as a
result of the yielding of all the rivets and the slip of all the
bolts in the joint, although they do not occur
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Abstract
Over the last decade, fatigue cracks have been observed at welded joints between U-ribs and deck plates in many
orthotropic steel deck bridges in Japan. Among the cracks, this paper focuses on fatigue cracks that initiate from a weld
root of rib-to-deck welded joints and propagate to a deck plate. This study examines the effect of countermeasure with
overlaying Ultra-High Performance Fiber Reinforced cement-based Composites (UHPFRC) on steel decks with cracks
from U-rib welds, and confirms the fatigue durability of this countermeasure method. Specifically, the suppressing effect
on crack propagation and the fatigue durability of UHPFRC itself and the interface between UHPFRC and the deck plate
were confirmed by a wheel running test and finite element analysis. As a result, it was clarified that this countermeasure
has a positive effect to retard further crack propagation compared with a countermeasure with overlaying steel fiber
reinforced concrete which is generally adopted. In addition, it was revealed that this countermeasure has enough fatigue
durability.
Keywords: Orthotropic steel deck, fatigue crack, UHPFRC overlay, maintenance
UHPFRC is overlaid with a thickness of 40 mm. The
elastic modulus of UHPFRC was 44.1 kN/mm2 at the start
of the test. Bolted joints and UHPFRC construction joints
that are thought to affect fatigue durability are provided
within the load running area.
Figure 2 shows the wheel running machine. A loading
trolley with tandem shaft double tires makes 6 round trips
per minute over 3 m range. The machine is installed
outdoors. The load running area is the part of the blue
hatch shown in Figure 1, so that the center of the double
tire passes through Line 3. The weight of trolley is 140kN
assuming the legal load including impact effect in Japan.
The test was conducted according to the following flow.
Step 1: Fatigue test with only orthotropic steel deck (1.26
million cycles) and introducing two fatigue cracks (Crack
1, 2 as shown in Figure 1)
Step 2: Overlaying UHPFRC without crack treatment
Step 3: Fatigue test in natural environment after UHPFRC
overlay (1.02 million cycles)
Step 4: Fatigue test in water-filled state after UHPFRC
overlay (1.01 million cycles)
Step 5: UHPFRC adhesion test
Step 6: Observing the fracture surface of the cracks

1. Introduction
Over the last decade, fatigue cracks have been observed at
welded joints between U-ribs and deck plates in many
orthotropic steel deck bridges in Japan. Among the cracks,
this paper focuses on fatigue cracks that initiate from a
weld root of rib-to-deck welded joints and propagate to a
deck plate. This study examines the effect of
countermeasure with overlaying Ultra-High Performance
Fiber Reinforced cement-based Composites (UHPFRC)
on steel decks with cracks from U-rib welds, and confirms
the fatigue durability of this countermeasure method.
Specifically, the suppressing effect on crack propagation
and the fatigue durability of UHPFRC itself and the
interface between UHPFRC and the deck plate were
confirmed by a wheel running test and finite element
analysis.
2. Outline of wheel running test
The specimen is a partial model of orthotropic steel deck
bridge with three cross ribs and three U-ribs as shown in
Figure 1. In the following, the section name is defined as
shown in Figure 1 (e.g. Sec. A, Line 1). The weld
penetration depth of rib-to-deck welded joint is 83.7% of
the U-rib thickness in Sec.G. The specimen is fixed to the
support frame at the position shown by the green box in
Figure 1.
After applying the epoxy resin adhesive on the deck plate,

3. Outline of finite element analysis
The analysis model is shown in Figure 3. The analysis
program used is Abaqus 6.14. The analysis is performed
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the literature (Kainuma et al., 2017; Murakoshi et al.,
2019). The minimum element size near the crack is 0.1
mm × 0.1 mm × 0.1 mm.
Table 1 shows the analysis cases. There are three cases:
no reinforcement, UHPFRC overlay, and steel fiber
reinforced concrete (SFRC) overlay for comparison.
Since there is a possibility that the adhesive may not work
well, the analysis cases is also created without adhesive.
No adhesion was simulated by making the elastic modulus
of the adhesive extremely small.
The load model is created with reference to the load for
fatigue design of Japanese road bridges. Specifically, we
assume a double tire shape in which a loading area of 200
mm × 200 mm is arranged at intervals of 100 mm, and 140
kN is loaded there.
The stress intensity factor is obtained by displacement
extrapolation from the nodal displacement at a distance of
0.3 to 1.0 mm from the crack tip.
4. Effect of retarding crack propagation with
UHPFRC overlaying
In order to clarify the suppressing effect on crack
propagation by overlaying UHPFRC, the fracture surface
observation and crack propagation behavior obtained by
the wheel running test, and the relationship between stress
intensity fa ctor and crack depth obtained by FE analysis
were considered.

using a global model and submodels, and the submodeling
method built into Abaqus 6.14 was used. The dimensions
and support conditions of the global model are the same
as those of the specimen. The weld bead and root are
created in the submodels. The weld leg length is 6 mm and
the penetration depth is 75% (4.5 mm) of the U-rib
thickness. Semi-elliptical cracks are introduced in the
submodels by double nodes as shown Figure 3. In this
study, crack closure and welding residual stress are not
considered. The crack size is determined by referring to

4.1. Fracture surface observation
From the macro fracture surface observed in Step 6, the
crack surfaces were semi-elliptical centered on the cross
rib section. The crack dimensions were 2c=58mm and a=
7.0mm for Crack 1, and 2c=88mm and a=8.7mm for
Crack 2. Here, c is the half crack length, and a is the crack
depth. The crack surface was dye-marked with blue
varnish after the completion of Step 1, and it was
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Figure 5. Cross sectional photograph of Crack 1

and crack depth
deepest part of Crack 1 observed in Step 6. The figure also
shows the crack propagation curve obtained by the
analysis assuming that the crack propagates in the
direction of the fracture angle θf. The both are in good
agreement. Therefore, the crack propagation behavior
may be simulated by the analysis method of this study.

confirmed in Step 6 that the fatigue fracture surface and
the surface colored in blue coincide. In other words, it can
be confirmed that there was no crack propagation after the
UHPFRC was overlaid.
4.2. Relationship between stress intensity factor and crack
depth
Figure 4 shows the relationship between the stress
intensity factor K and the crack depth a when loaded on
Sec. C. The fracture angle θf is the angle at which the
energy release rate at the crack tip is maximized, and was
calculated from Eq. (1) (Chang et al., 2006).

4.4. Stress intensity factor range
Figure 6 shows the relationship between the stress
intensity factor range and the crack depth when loaded on
Sec. C. Here, we assume a double tire shape in which a
loading area of 220 mm × 235mm is arranged at intervals
of 100 mm, and 70 kN is loaded there. As an overall
tendency, ΔKI becomes smaller in the order of analysis
cases UH-B, SF-B, UH-N, SF-N, and NR. The difference
in ΔKI between UHPFRC and SFRC is smaller than that
between with and without adhesive. In other words, the
durability of the adhesive, which is responsible for the
composite function, is considered to be important.
Figure 6 also shows the threshold stress intensity factor
range ΔKth=63N/mm3/2 (JSSC, 2012). ΔKI is about the
same as ΔKth in the case UH-B at about a=4mm and in the
case SF-B at about a=1mm. If crack arrest can be
evaluated by ΔKth, in the case of UHPFRC, there is a
possibility that the crack depth that is arrested can be
increased by about 3 mm compared to SFRC.

(1)
Where ν is Poisson's ratio, subscript I, II, III represent
deformation modes of crack tip. The equivalent stress
intensity factor Keq is the stress intensity factor
corresponding to mode I for cracks in the same direction
as the fracture angle, and can be calculated from Eq. (2)
(Chang et al., 2006).

(2)

5. Fatigue durability of UHPFRC overlaying
In order to clarify the fatigue durability of UHPFRC itself
and the interface between UHPFRC and the deck plate,
the wheel running test was conducted.

From Figure 4, the absolute value of KI is almost the same
as Keq in the range of a/t=1/6 to 5/6 (t: deck plate
thickness), and it can be said that mode I is dominant in
the deck propagation type crack in this range. Based on
the above, we will consider only mode I in the following.
KI has an extremum near a=6 to 7 mm. In other words,
after the crack has a size of a/t=1/2 to 2/3, the stress
intensity factor decreases with the subsequent propagate,
so there is a possibility to arrest the remaining crack
propagation depending on the countermeasure method.

5.1. Relationship between stress range near the weld and
the number of cycles
Figure 7 shows the relationship between stress range near
the weld and the number of cycles. In Step 1, Crack 1 and
2 were confirmed near Ref. 1 and 2, these were considered
that the stress range had been decreased as the crack
propagation. On the other hand, there are almost no
changes of the stress range during Step 3 and 4. From this,
it is presumed that there is no deterioration of UHPFRC
itself and the interface between UHPFRC and the deck

4.3. Crack propagation behavior
Figure 5 shows a cross-sectional photograph of the
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plate due to repeated loading, at least near the stress
measurement point.

6. Conclusions
1) It was confirmed that two deck propagation type
cracks obtained by the wheel running test can be
suppressed by overlaying UHPFRC.
2) It was shown that there is a possibility that the fatigue
crack growth behavior can be evaluated by elastic
finite element analysis that does not consider crack
closure and welding residual stress.
3) It was clarified that mode I dominates the deck
propagation type crack at least when the crack depth
is in the range of 1/6 to 5/6 of the deck plate thickness.
4) It was shown that there is a difference of about 3 mm
in the crack depth within the same stress intensity
factor range between UHPFRC and SFRC.
5) It was confirmed by the wheel running test that there
was no significant deterioration in the UHPFRC
material itself and its interface with the deck plate, and
it was shown that the UHPFRC laying has sufficient
fatigue durability.

5.2. Cracks on the surface of UHPFRC
When loading 440,000 cycles in Step 3, cracks in the
transverse direction were confirmed in Sec. C, G, and K.
After that, the crack density increased around the load
running area as the number of cycles increased. However,
the maximum crack width at the end of Step 4 was 0.08
mm, and it is presumed that the crack width did not
become large due to the crack dispersibility of UHPFRC.
In addition, there was no noticeable damage on the bolted
joints and UHPFRC construction joints.
5.3. Residual adhesion strength between UHPFRC and
deck plate
After Step 4, the residual adhesion strength between
UHPFRC and deck plate was investigated by adhesion
tests of 30 locations. The test points were Sec. C, which
had the maximum crack width, Sec. E, which had
UHPFRC construction joints, Sec. G, which was on cross
rib section, and Sec. I, which had bolted joints. As a result,
the residual adhesion strength with an average of 5.0
N/mm2 and a standard deviation of 0.8 N/mm2 was
confirmed. The maximum stress acting on the adhesive
obtained from FE analysis is 2.4 N/mm2, and it is
considered that sufficient adhesiveness can be secured.
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5.4. Relationship between fatigue load in this test and
actual bridge
Using the proposed S-N curve for the UHPFRC material
itself and its interface with the deck plate (JSCE, 2004), it
was estimated the relationship between fatigue load in this
test and actual bridge. As a result, the material of
UHPFRC itself was about 180 years, and the interface
between UHPFRC and the deck plate was about 140 years.
Assuming that the design service period is 100 years in
Japan, it is considered that this test provided a sufficient
fatigue load.
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Abstract
IH coating removal method heats the surface of steel-materials in an electromagnetic induction action, and destroys the
bonded surface of a paint coating and steel materials. It makes easy to remove the paint coating formed by two or more
layers at once. Although the IH method is effective for coating removal, the influence of heating on deformation of
members is unknown. A diagonal member designed as an axial tension component was noted for investigating the
influence of heating by IH on the deformation of it because of the relatively slender section. The IH coating removal test
of I-shaped section diagonal member in a steel 3-span Pratt deck truss bridge was carried out. The deformation of diagonal
member by heating was measured and the safety of member was discussed.
Keywords: IH coating removal, heating, diagonal member of steel truss bridge, deformation
constitute the main structures of bridges, on load carrying
capacity (Konishi, Ihaya, Fukushima, Matsui, Hayashi
and Hirohata, 2020). Therefore, it is necessary to carefully
plan the areas to heat and the order in which to heat them.
In the case of plate girder (I-girder) bridges that have been
constructed in a relatively large number of locations, the
established method of heating steel members along lines
with intervals has been used to control out-of-plane
deformation of web plates. By contrast, in the case of truss
bridges that have been constructed in a small number of
locations, a lack of knowledge regarding the deformation
of steel truss members when heated. In particular,
diagonal members designed as tensile axial members may
undergo larger deformation. This influence may be caused
by the facts that these diagonal members are subject to
compressive force being unanticipated in their design and
those have low resistance to bending.
Thus, in this research, focusing on diagonal members
designed as tensile members with relatively low rigidity
for truss bridges. And then, for the purpose of expanding
the scope of application of IH coating removal, a basic
examination of the influence of heating on the diagonal
members was conducted through an experimental method
using an actual structure.

1. Introduction
Steel bridges require periodic re-painting of their
anticorrosion coatings to maintain their performance. In
re-painting anticorrosion coating, it is necessary to form a
new coating film after removing the degraded or damaged
old coating film in order to ensure the anticorrosion
function. Typical types of methods used to remove old
coating film include removal with power tools, blasting,
and repellent coating, however, these methods have
several problems in terms of noise and dust generation,
safety during removal work, disposal of the removed
coating film, and removal work efficiency.
As an alternative method to solve these problems, the
coating film removal method with an induction heating
(IH) device has been implemented experimentally
(Konishi, Suzuki, Tanaka, Samejima, Nishitani and
Hirohata, 2017). The coating film removal method with
induction heating (hereinafter referred to as "IH coating
removal") is conducted as follows. A high frequency
current is applied to a coil and then the coil is brought
close to the steel member subjected to coating removal.
After that, an eddy current is generated on the steel
member. The Joule heat due to the eddy current increases
the temperature of the steel member's surface to 140 to
240°C and destroys the bonded surface between the
coating film and the steel member, thereby enabling
multi-layered coating film to be removed collectively in a
single sheet with a tool (e.g., a scraper). The IH coating
removal generates less noise and dust than other methods
using power tools or blasting. Also, it generates neither
flammable gases nor waste other than the removed film.
Thus, IH coating removal has attracted attention as an
alternative coating removal method to solve the
aforementioned problems.
Applying IH coating removal to steel bridges has led to
concerns about the influence of deformation or residual
stress due to excessive heating of steel members, which

2. Truss Bridge Diagonal Member and Setting of
Heating Conditions
2.1 Truss Bridge Diagonal Member
The truss bridge studied in this research is Okubigawa
Bridge (inbound lane), a section between Pier 11 and
Abutment 2, which is a three-span continuous steel deck
type parallel chord Pratt truss bridge with a length of 290
m on the Okinawa Expressway. This type of truss bridge
is commonly used for expressways (refer to Figure 1).
The diagonal member used in this research is a member
between Nodes U3 and D4 which was designed as a
tensile member with I-shaped cross sections as shown in
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Figure 1. Pratt Truss Bridge Selected for Research
U3

m is the upper limit of the heating distance that a worker
can heat without switching the coil from one hand to the
other, a heated area with a length of 2,270 mm was
planned to be heated in two separate sequences, once for
the upper half of the area to heat with a length of 1,135
mm and then for the lower half of the area to heat with a
length of 1,135 mm. The specific order of heating was as
shown in Figure 3. The diagonal member was heated first
in the upper half and then in the lower half without a pause
in between while the coil was moved downward when
heating the upper half and upward when heating the lower
half. In terms of the order of heating in the cross-sectional
direction, heating was conducted continuously in the
clockwise direction, as seen from the Node U3 side, in the
order of the outer face of the flange in the first round and
the inner face of the flange in the second round so as not to
continuously heat the upper and lower faces of the flange
or web plate. This order of heating was selected to prevent
the steel diagonal member from undergoing an excessive
temperature rise.

U4
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Vertical member
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Lower chord
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Figure 2. Location of the Diagonal Member and Heated
Areas
Figure 2; it has the least cross-sectional area among the
diagonal members in the bridge. The diagonal member
has an internodal frame length of 13,840 mm; a distance
between the edge sections of the gusset plates of upper
and lower chord members of 11,820 mm. The heated area
for IH coating removal on the diagonal member is a 2,270
mm section close to the midspan in the longitudinal
direction. The area does not correspond exactly to the
midspan in the longitudinal direction due to physical
constraints on scaffolding installation locations.

2.3 Moving Speed of IH Coil
As a method of controlling the heating temperature of
steel member surfaces in IH coating removal, this
research adopted the adjustment of moving speed of coil.
In order to identify the heating conditions suitable for IH
coating removal of the old coating film on Okubigawa
Bridge, the moving speed of the coil was examined in a
manner that incrementally increased and decreased such
speed by 0.5 m/min from 3.0 m/min. Judging from the
level of ease in removing old coating film with a scraper
after heating, 2.5 to 3.0 m/min was determined to be the
target moving speed for the coil.

2.2 IH Device and Heating Sequence
The equipment used for IH coating removal has a capacity
of 50 kW and a coil width of 20 cm. Considering that 1.5
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3. Heating on Diagonal Member and Its Deformation
Behavior
3.1 Heating Work and Moving Speed of Coil
Heating work of the diagonal member was implemented
in the following order: the upper half and then the lower
half; the worker's posture for each was as shown in Figure
4, respectively.
The target moving speed for the coil was set at 2.5 to 3.0
m/min, however, the actual moving speed likely
fluctuated due to the influence of the posture of the
worker engaged in heating work, etc. Measurement of the
actual moving speed of coil based on video footage of the
heating work showed a difference between 2.95 m/min on
average when heating the upper half and 3.75 m/min on
average when heating the lower half. The overall average
moving speed was 3.35 m/min. Despite the difference in
moving speeds of coil, the surface of the diagonal steel
member was sufficiently heated to the required
temperature so that the old coating film could be removed
in sheets with a scraper.
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distances of the diagonal member's flange edges from the
reference wires, which were shown in Figure 7, were
measured. The deviations were measured at six points: the
upper edges, the boundaries between the upper and lower
edges, and the lower edges of the right and left flanges.
These offset distances were then used to obtain in-plane
and out-of-plane deformations. The deformations were
measured three times: before heating, just after heating
(upon completion of heating work), and after the
temperature decrease (when the temperature fell to
ambient temperature after five hours had elapsed since
completion of the heating work). The deviation of the
flange edges from the reference wires was measured in
1-mm units with a square rule. Therefore, measurement of
deviation had an error of approximately ±1 mm.
Figure 8 shows the deformation just after heating and after
the temperature decrease with the offset distances from
the reference wires before heating as the initial values.
The right and left flanges correspond to the flanges on the
inner and outer sides of the bridge, respectively. The
diagonal member showed an overall tendency of
undergoing a deflection toward the first- heated direction.
This might be because the thermal expansion of the right
flange first heated along heating lines 1 and 2 made the
entire diagonal member bent toward the right flange in a
direction orthogonal to the bridge axis. Just after
completing heating of the diagonal member along the
lines 1 to 24, the right and left flanges had deformation of
−2 mm and −1 mm in the direction orthogonal to the
bridge axis, respectively (refer to circle marks in Figure 8
(c) and (d)). In terms of deformation in the bridge axis
direction, the diagonal member barely experienced any

3.2 Heating Temperature of Diagonal Member
The maximum temperature on the steel diagonal
member's surface during the heating work was measured
by combining the temperature indication labels (refer to
Figure 5) and temperature-indicating crayon lines (refer to
Figure 6), which were drawn onto surface areas, each
having an area of approximately 50 mm × 100 mm, after
removing the old coating film. The two types of
maximum temperatures were measured at eight locations
in total. Thus, it was confirmed that the surfaces of the
diagonal steel member and the coating film were heated to
approximately 175°C and 100°C, respectively.
3.3 Deformation by Heating
The measurement of deformation of the diagonal member
before and after heating was conducted as follows. First,
reference wires were stretched between the upper and
lower chord members of the gusset plate. Then, the offset
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Figure 8. Deformation of the Diagonal Member Immediately after Heating and after Temperature Decrease
deformation; among all measuring points, none showed
deformation except the right flange's lower side, which
had a deformation of +1 mm (refer to circle marks in
Figure 8 (a) and (b)). The left flange had a residual
deformation of −1 mm in the direction orthogonal to the
bridge axis direction even after the diagonal member's
temperature fell to ambient temperature (refer to cross
marks in Figure 8 (c) and (d)). By contrast, the
deformation in the bridge axis direction was restored to
the original offset before heating (refer to cross marks in
Figure 8 (a) and (b)).
Regarding the allowable deformation of the diagonal
member, a reference can be made to the provision of
keeping the deflection of compression members to within
L/1000, where L is the length of the compression member,
as the allowable dimensional accuracy of members on
steel bridges (Japan road association, 2017). Considering
that the deformation just after completion of heating was
small, less than L/5000 (L ≈ 11.8 m: the member length
between gusset plates), and the residual deformation was
also minimal, the selected conditions, including the order
of heating, were confirmed to be appropriate.

The influence of heating associated with IH coating
removal on the deformation of diagonal members was
investigated for the purpose of verifying the applicability
of IH coating removal.
(1) While conducting actual heating with the selected
moving speed on preliminary trial tests for the IH coil, the
maximum temperature of the steel member's surface was
approximately 175°C. Thus, it was confirmed that IH
coating removal did not cause the steel member to
undergo an excessive temperature increase to a level that
would affect the steel member's material.
(2) IH coating removal was conducted experimentally
using an actual structural member, namely a diagonal
member on a Pratt truss bridge. It was confirmed that the
diagonal member underwent a small deformation of
approximately 2 mm (less than L/5000, where L is the
member length) just after heating and was nearly restored
to its original shape after the temperature fell. Therefore,
it could be said that deformation due to heating for IH
coating removal had a small influence on the
load-carrying capacity of diagonal members designed as
tensile members of Pratt truss bridges.
(3) In structures such as Plat truss bridge, the ratio of the
painted area of diagonal members and lateral bracing
members is large. By expanding the scope of IH coating
removal, we believe that we can contribute to the
reduction of waste in re-painting for steel bridges.

4. Waste reduction due to IH coating removal
After confirming that the influence of IH coating removal
on the diagonal members were small, the IH paint coating
removal was performed to this truss bridge. This area is
11100 m2, excluding 3300 m2 where IH device cannot be
installed, such as high-strength bolt joints and narrow
spaces. Of these, the coating area of the diagonal members
and lateral bracing members with relatively low rigidity
targeted in this study was 4500 m2, which is 40% of the
area where the IH paint coating removal was performed.
The amount of waste in the part where IH coating removal
was removed was 2.0 tons per 1000 m2 when the coating
film thickness was 1 mm, and about 22 tons of waste was
generated. When repellent coating was used, assuming
that it is applied 4 times, 2.0 tons of chemicals are
required per 1000 m2, which means that the amount of
waste has increased by about 22 tons. Therefore, the
adoption of IH coating removal has reduced waste by
about 22 tons.
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5. Conclusions
Focusing on diagonal members designed as tensile
members with relatively low rigidity for Pratt truss
bridges, a series of basic examinations was conducted.
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Abstract
KR-Type rail clip was recently developed and applied to various sites in South Korea. Rail clips are subjected to numerous
stress cycles under train passage, so that fatigue failure has always been suspected. Thus, finding the maximum stress
location in the rail clip is essential for determining fatigue performance. However, due to complex configuration of the
rail clip, it is difficult to directly measure the stress at the critical location. As an alternative, fatigue strength of the rail
clip was presented with respect to the displacement at the location where the rail clip and the rail having contact. Fatigue
test was conducted for various displacement ranges to find the finite life of the rail clip and determine the fatigue threshold.
New design of the testing setup was developed to conduct multiple rail clips at once. The test setup allowed to perform
fatigue testing for eight specimens simultaneously. It was found that 2 million cycles of the fatigue life was achieved for
the displacement range of 1.5mm. Fatigue threshold was identified at the displacement range of 0.8mm.
Keywords: Fatigue, Rail clip, Crack, DN curve, Railway
complicated, making it practically impossible to calculate
the stress applied to fatigue assessment, making it almost
impossible to achieve accurate fatigue life assessment
In addition, it is not quantitatively predicting the fatigue
life and residual fatigue life consumed up to now by
applying S-N lead diagrams, but simply applying the
infinite life evaluation method by applying the fatigue
limit.
This study intends to develop a new displacement-based
evaluation method by breaking away from the existing
stress-based fatigue life evaluation method. For example,
in the case of clamps, which are the core components of
rail tightening devices, the maximum displacement
caused by the train load is calculated to provide guidelines
for predicting fatigue life.

1. Introduction
Rail fastening devices on railway tracks are devices that
secure rails to ties or concrete underneath the track and
play an important role in providing safety and ride on
railways. Recently, there have been reports of damage to
rail fasteners on domestic railway tracks, but research for
accurate cause analysis and prevention is very insufficient.
Previously, if damage to rail fastener components is found
through visual inspection, it was simply replaced, but in
this study, it was intended to propose preemptive and
preventive maintenance measures such as suggestion of
replacement standards. In addition, quality control
recommendations for material factors (deburning layers,
non-metallic materials, etc.) that may negatively affect
fatigue performance of core components will be derived
and presented challengingly.
Clamps and anchor bolts, key components of rail fasteners,
may pose a risk to driving safety and passenger safety,
such as train derailments, but due to the conservatism of
the domestic railway sector, it was difficult to conduct
creative and challenging research.
In this study, research methods and research results are
shared and discussed with various railway experts to
secure creative and challenging design / evaluation /
maintenance technologies related to rail fastening devices
to prepare fundamental measures for damage to core
components. Through this, we want to secure railway
parts technology that can compete confidently in overseas
markets.
The clamp of the rail fastener is subjected to a relatively
high initial tension (force by fastening), and when the train
load is loaded, the tension decreases and the stress
fluctuates. Also, the stress distribution of stress
concentration in the fatigue-vulnerable part is very

Figure 1. Fatigue test setup
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stress changes due to train traffic are located in the linear
elastic section because the stress changes due to train
traffic are reduced. Therefore, it is determined that the
displacement of the rail clip and the actual stress generated
have a linear relationship.
Figure 2 shows the fatigue life of the KR-type rail clips
currently being performed on a log scale for the
displacement range. It is generally known that the fatigue
life of a steel depends on the stress range and the stress
ratio, and that the minimum fatigue life for each stress
range represents a linear relationship with a slope of –3 at
the log scale. And the fatigue life at a constant stress range
represents a normal distribution at the log scale. Figure 3
shows the distribution of fatigue life replaced by a
logarithm, with a slight bias from the normal distribution
curve toward a longer life span. The standard deviation of
the logarithmic fatigue life distribution is 0.129, slightly
larger than the standard deviation of 0.063 to 0.108 of
AASHTO fatigue categories C, D and E and less than the
standard deviation of 0.221 and 0.147.

2. Fatigue Testing
Fatigue test is conducted to analyze fatigue performance
of KR-type rail fastening devices. In previous studies,
fatigue experiments have been performed only on one rail
clip or a set of fasteners, but in this study, we have devised
a jig that can perform fatigue experiments on eight rail
clips, which we produce and conduct experiments are
carried out. Leveraging that jig saves time and money
spent on fatigue experiments
Considering the deflection of rails formed by actual train
driving, the deflection of rails was considered as a variable
load and the input displacement is as shown in Table 3. In
order to induce S-N direction of the displacement base, a
constant amplitude displacement was maintained through
displacement control of the actuator and the load was
loaded with a frequency of 5 Hz. Measure the
displacement and stress of the rail by drawing a
displacement meter at each clip tightening area and
attaching a strain gauge at the point where stress
concentration is expected to occur to measure the actual
displacement of the rail and the strain on the rail clip
during the experiment. Experimental results showed that
constant load was actually applied through rail
displacement and strain data. It was confirmed that the
crack starting point of the destroyed clip was found in the
stress concentration part of the finite element analysis
result, and the exact crack starting point and
decarburization layer will be analyzed through SEM.
It is expected that the remaining life of the previously
fastened KR-type rail clips can be predicted through the
S-N displacement chart derived from fatigue experiments.
3. Appraisal of Results
Rail clips, a key component of rail tightening devices,
have difficulty attaching strainers to the exact location
where stress concentration occurs due to their complex
shape and severe stress differences in the clip's location
when loading loads. Therefore, it is reasonable to define
fatigue strength for the displacement of rail clips rather
than stress-based fatigue strength assessment.

Figure 3. Statistical analysis results
4. Conclusion
The results of the fatigue test and the upper limit of the
fatigue life, which means 95% probability of destruction
from this distribution of fatigue life, are shown in Figure
2. In the displacement range of 4 mm, the test result is
located between the average fatigue life and the average
fatigue life of 3 mm, the test result is located between the
upper fatigue life and the lower fatigue life of 2 mm, the
displacement range is located between the average fatigue
life and the average fatigue life. Given that the fatigue test
results are distributed close to the normal distribution
around the mean, it is determined that the lower bound of
the fatigue life can be defined as a straight line with a slope
of –3 at the log scale. This distribution of fatigue life may
vary depending on the results of additional fatigue tests.
5. Acknowledgements
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Figure 2. Fatigue test results
The rail clip generates stress equivalent to yield stress in
the area where the highest stress is generated, but the
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Abstract
The tension clamp of a rail fastening system plays an important role in binding the rail to the sleeper. Fatigue damage of
the tension clamps during train operation has been reported in an urban railway track. This paper presents statistical
models of factors in the tension clamp for fatigue reliability analyses based on the field measurements. Three different
factors include wheel loads, vertical displacements of rails, and stress ranges of tension clamps from the field
measurements. It is confirmed that the mean and standard deviation of three factors in the inner rail are larger than those
in the outer rail, which implies that the probability of failure for the tension clamp can be larger in the inner rail. The
reliability analyses are conducted by using a fatigue damage index. The results show that the reliability level of the inner
rail is lower than that of the outer rail, which is consistent with the field observation that the fatigue damage occurred
more in the inner compared with the outer rail.
Keywords: Fatigue reliability analysis, Probabilistic model, Railroad, Rail Fastening System, Tension Clamp
1. Introduction
The tension clamp on a railway plays a crucial role in
fastening the rail to the sleeper, and its fatigue damage
should be avoided during the service year. However,
fatigue damages of the tension clamp were observed in an
urban railway track recently. This paper presents a general
approach to evaluate reliability indexes of the tension
clamp based on field-measured data. The probabilistic
models of three factors of the tension clamp are developed
for fatigue reliability. The three factors are as follows:
wheel loads, vertical displacement of rails, and stress
range of the tension clamp. The limit state function for the
reliability analysis is defined by subtracting a cumulative
damage index from the crucial damage index. The
estimated statistical parameters of the stress range of the
tension clamp are used in the reliability analysis. The
advanced first-order second-moment reliability method
(Haldar and Mahadevan, 2000) is adopted to evaluate the
reliability indexes of the tension clamp. It is noted that the
reliability index of the inner rail is lower than that of the
outer rail, which is coherent with the field investigation
that most fatigue damages observed in the inner rail.

2.1 Distribution Type
The distribution type of three factors is determined
likelihood function and confirmed through the
Kolmogorov-Smirnov goodness-of-fit test (Ang and Tang,
2007). Table 1 shows the proper distribution type of each
factor. The Gumbel, normal, and lognormal distributions
are the most likelihood distribution type for the wheel load,
vertical displacement, and stress range, respectively.
Table 1. Statistical parameters of the factors
Rail Factors Mean RMC COV Distribution
type
Outer wheel
58.5 58.9 0.095
Gumbel
rail
load
kN
kN
Displace 0.963 0.966 0.057
Normal
ment
mm
mm
Stress
97.3 97.5 0.098 Lognormal
range
MPa MPa
Inner wheel
64.4 64.6 0.073
Gumbel
rail
load
kN
kN
Displace 0.995 1.001 0.092
Normal
ment
mm
mm
Stress 103.4 104.2 0.152 Lognormal
range
MPa MPa

2. Probabilistic Model of Factors
The probabilistic model of factors in the tension clamp is
necessarily developed to estimate fatigue reliability
indexes of the tension clamp. In this work, probabilistic
models of the wheel load, vertical displacements of rails,
stress range of the tension clamps are developed based on
measured data. Since most of the fatigue damage in the
tension clamp are observed inner rail, the probabilistic
models of the factors are developed for the inner and outer
rails individually for the comparison purpose.

2.2 The Second Moment
The mean and coefficient of variation (COV) of the
factors are calculated by the linear regression of the
empirical cumulative distribution function on a
probability paper.
In Figure 1, the cumulative
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probabilities are plotted on the Gumbel probability paper
with centered symbols for the axle load of the inner rail as
a representative case for three factors. A straight line in
the figure represents a fitted Gumbel distribution for the
axle load. The statistical parameters of the factors are
summarized in Table 1. For the purpose of comparison,
the root mean cube of the factors is given in the table.
80

included as random variables for the reliability analysis.
3.2. Statistical Parameters
The statistical parameters of the random variables except
for the equivalent stress range are summarized in Table 2.
The statistical parameters of the fatigue detail parameters,
A, are estimated for the detail category A in the AASHTO
Bridge Design Specifications by following the study
reported by Chung (2004).

Raw values
Fitted Gumbel

Table 2. Statistical parameters of random variables
Factors Mean COV Distribution Reference
type
Chung
1.0
0.3
Lognormal
𝛥
(2004)
Mohamma
1.0
0.3
Lognormal dzadeh et
𝑒
al. (2014)
4.929
Chung
𝐴
0.544 Lognormal
(2004)
(MPa 3 )
× 1013

Axle load (kN)

75

70

65

60

55

-2

-1

0

1

2

3

4

3.3. First Order Reliability Method
The reliability indexes are calculated by solving the
following minimization problem defined by the advanced
first-order second-moment reliability method.
Min 𝛽 2 = ‖𝐗‖22 subject to 𝑔(𝐗) = 0
(2)
𝐗

Cumulative probabilities (-ln(-ln(CDF))

Figure 1. Axle load of the inner rail plotted on the Gumbel
probability paper
3. Reliability Analysis
The reliability indexes are evaluated for the tension clamp
by using the probabilistic model presented in the previous
section. The fatigue damage index is employed to
determine the limit state function for the reliability
analysis. The statistical parameters except for the field
measurement factors are quoted from previous studies
(Chung, 2004; Mohammadzadeh et al., 2014). The
advanced first-order second-moment reliability method is
utilized to calculate the reliability indexes in this study.

where 𝛽 is the reliability index, and X denotes the vector
of the random variables, 𝐗 = (𝛥, 𝑒, 𝐴, 𝑆𝑟𝑒 )𝑇 . ‖𝐗‖22
indicates the 2-norm of the vector X. The Hasofer-Lind
Rackwitz-Fiessler algorithm with the gradient projection
method (Liu and Der Kiureghian, 1991) is adopted for the
solution scheme to solve the minimization problem.
3.4. Results of Reliability Analysis
The variation of the reliability indexes against the number
of stress cycles is shown in Figure 2 for the inner and outer
rail. In the figure, the target reliability index is set as 3.7,
which is specified for the strength limit state 1 in Korea
Highway Bridge Design Code (KMOLIT, 2016). It is
clearly observed the reliability index of the tension clamp
decreases rapidly as the number of stress cycles increases.
The reliability index of the tension clamp reaches the
target reliability index with the number of stress cycles of
2.1 million for the inner rail and 3.6 million for the outer
rail.
The year in service corresponding to the number of stress
cycles could be calculated by the following relation:
(3)
𝑁(𝑌) = 365 ∙ 𝐴𝐷𝑇𝑇 ∙ 𝐶𝑠 ∙ 𝑌

3.1. Limit State Function
The limit state function for the fatigue reliability is defined
as the crucial cumulative damage index minus cumulative
fatigue damage obtained by the damage rule as follows
(Mohammadzadeh et al., 2014):
𝑚
𝑛𝑆𝑟𝑒
(1)
𝑔 =𝛥−𝑒
𝐴
Where g is the limit state function, and 𝛥 is Miner’s
critical damage cumulation index. Here, 𝐴 is the fatigue
detail parameter of stress range versus a number of cycles
(S-N) curve in the AASHTO Bridge Design Specifications
(AASHTO, 2014). Since the measured data includes
effects of an initial stress and stress concentrations in the
tension clamp, the detailed category A is selected for the
𝑚
fatigue detail parameter. 𝑆𝑟𝑒
indicates an equivalent stress
range, and m = 3 is employed in this study. In Eq. (1) 𝑛
denotes the number of cycles in stress range, and 𝑒
represents an error factor, which includes uncertainties in
estimating the stress value. The damage cumulation index,
fatigue index, equivalent stress range, and error factor are

where N(Y) is the accumulated number of stress cycles,
and Y is the number of years in service. In Eq. (3), ADTT
refers to an average daily train traffic on a rail, and ADTT
= 160 for the urban railway track considered in this study.
CS indicates the stress cycles per train passage for the
tension clamp. Since the maximum stress range per train
passage is selected to develop the probabilistic model, CS
becomes 1.
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Figure 3 shows the reliability index of the tension clamp
with the year in service for the inner and outer rails. The
year in service corresponding to the target reliability index
is estimated as 37-year for the inner rail, which is shorter
than that for the outer rail, 57-year, as shown in Figure 3.
The figure shows that the fatigue life of the tension clamp
in the inner rail is shorter than that in the outer rail under
the identical reliability index.
9
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inner and outer rails with the number of stress cycles
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The reliability indexes of the tension clamp on
the inner and outer rails are assessed with
respect to the number of stress cycles and years
in service. As the number of stress cycles
increases, the reliability level of the tension
clamp decreases rapidly.
The reliability index of the inner rail is always
estimated smaller than that of the outer rail,
which is consistent with the field observation
that most of the failures of the tension clamp
have occurred in the inner rail. It is
recommended that the replacement period of the
tension clamp in the inner rail should be about
65% shorter than that in the outer rail to secure
the target reliability index.
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Figure 3. Reliability indexes of the tension clamp in the
inner and outer rails with the service years
4. Conclusions
The probabilistic models of the three factors in the tension
clamps are developed for the fatigue reliability analysis,
and the reliability analyses of the tension clamp are
performed by employing the damage index to define the
limit state function. The following conclusions are drawn
through this study.

The most fitted distribution type of each factor
is identical for the inner and outer rails, while
the mean and COV of the factors in the inner rail
are larger than those in the outer rail. This leads
to differences in the reliability indexes between
the inner and outer rails.
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Abstract
Effect of the depth of the decarburized layer in SKL15 Tension clamp on fatigue strength was investigated. Due to
quenching and tempering of the spring steel, decarburized layer could be formed on the surface of the tension clamps.
Since the low tensile strength of the decarburized layer, fatigue crack could be initiated easily in the layer. Recently,
fatigue failure was reported in the SKL15 tension clamp. Depths of the decarburized layer was measured for the cracked
clamps and found that the depth was thinner than the manufacturer’s maximum allowable depth. To check the depth of
the decarburized layer where the fatigue crack may have initiated, the decarburized layer was assumed to be the initial
crack, and fatigue crack initiation was assessed based on the linear elastic fracture mechanics. The manufacturer’s
maximum allowable decarburized layer depth of 0.2 mm may result in fatigue cracks.
Keywords: Fatigue; Decarburized layer; Tension clamp; Quenched and tempered steel; Rail fastening system
under investigation.

1. Introduction
The tension clamp of a rail fastening system is a key
element to tie the rail to the sleeper. The design of the
tension clamp must prevent fatigue cracks because large
numbers of tension clamps are installed in railway tracks
and their failure significantly affects the safety of trains.
Recently, many SKL15 tension clamps, which are used in
the DFF-300 fastening system in South Korea, have been
reported to have experienced fatigue failures during
service. As a result of an in-depth investigation of this
fatigue failure, it was confirmed that the depth of the
decarburized layer was deeper than that suggested by the
manufacturer and excessive stress occurred during train
passage (Park et al., 2019).
The fracture of the tension clamp affects the driving safety
of trains, in addition to the deterioration of the
serviceability of the track system. Therefore, the early
fracture of tension clamps due to the decrease in fatigue
strength could result in serious accidents such as train
derailments. For this reason, by accurately identifying the
effect of the decarburized layer on the decrease in the
fatigue strength of the tension clamp, it is possible to
prevent the fracture of the tension clamp due to train
passage. In this study, for a railway line in South Korea,
the depth of the decarburized layer of SKL15, which
recently failed due to fatigue, was measured, and the effect
of the depth of the decarburized layer on fatigue strength
was analyzed using linear elastic fracture mechanics
(LEFM). Because the decarburized layer has a lower
fatigue strength than the base metal, the depth of the
decarburized layer is regarded as the initial crack. By
comparing the stress intensity factor range (ΔKI) and
fatigue threshold stress intensity factor range (ΔKth), we
propose a maximum depth of decarburized layer at which
the fatigue crack may not occur in the case of the route

Figure 1. Fractured tension clamp
2. Measuring Depth of Decarburized Layer
To determine the decrease in the fatigue strength of SKL
15, the depth of the de-carburized layer was assessed by
measuring the hardness from the cross-section to the depth.
The depth of the decarburized layer can be measured by
measuring hardness and by evaluating the picture of the
tissue of the fracture surface with a microscope. In general,
for quenched and tempered steels, the depth of the
decarburized layer is determined by measuring the
Vickers hardness (Mayott, 2010). Measurement results for
eight cracked and one uncracked tension clamps are
shown in Figure 2.
The depth of the decarburized layer was not constant and
showed a significant deviation. The minimum and
maximum depths of the cracked specimens were 0.17 and
0.36 mm, respectively. The decarburized layer depth of
the uncracked specimen was 0.12 mm. For reference, the
maximum decarburized layer depth suggested by the
manufacturer is 0.2 mm. With the exception of one of the
eight specimens, the depth of the decarburized layer of all
specimens was thicker than the manufacturer’s allowable
depth.
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MPa determined by the Goodman and Gerber curves
(Park et al., 2019). According to the measurement of the
depth of the decarburized layer of the tension clamp in
which the fatigue failure occurred, the thinnest depth was
0.17 mm. The ΔKI value of the depth of 0.17 mm was 3.65
MPa√m and greater than ΔKth of 1.74 MPa√m. Thus, a
thick decarburized layer depth could be another reason
why the fatigue crack occurred despite the fact that the
depth of the decarburized layer was thinner than the
maximum depth suggested by the manufacturer (i.e., 0.2
mm).
4. Conclusions
As a result of measuring the depth of the decarburized
layer of eight tension clamps with fatigue failure via the
hardness measurement method, the distribution of
measured depth ranged from 0.17 to 0.36 mm. All but one
had a decarburized layer depth greater than 0.2 mm, which
is the maximum allowable decarburized layer depth
suggested by the manufacturer, and the fatigue failure
occurred even in the tension clamp with a decarburized
layer depth thinner than the allowable depth.
By measuring the depth of the decarburized layer of the
tension clamp where the fatigue crack occurred and
calculating ΔKI, it was confirmed that it was impossible to
prevent the occurrence of fatigue cracking because the
depth of the maximum allowable decarburized layer
suggested by the manufacturer is too thick. The maximum
allowable depth of the decarburized layer of SKL15 on the
route on which the survey was conducted should be equal
to or less than 0.04 mm. How-ever, the stress range at the
crack location was also excessive, so stress range should
be controlled.

Figure 2. Determining the depth of decarburized layers
3. Determination of KI According to the Decarburized
Layer Depth
Of the section forces acting on the fatigue fracture surface,
the tensile force and the moment about the y and z axis
affect the opening mode of cracking. Thus, assuming the
decarburized layer as the initial crack, ΔKI at the crack tip
is defined as ΔKI generated by each force. Because the
tension clamp was made of a circular steel bar, the ΔKI
equation for tensile force and bending moment was used
when there was a crack around the circular steel bar (Tada
et al., 2000).
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Figure 3. Distribution of ΔKI along the notch
When the depth of the decarburized layer is 0.2 mm, the
maximum depth suggested by the manufacturer, the
maximum ΔKI value is 3.96 MPa√m, which is greater than
ΔKth. The maximum depth of the decarburized layer at
which the fatigue crack may not occur in the same stress
state—that is, the depth of the decarburized layer where
ΔKth is equal to ΔKI is 0.04 mm. The depth of 0.04 mm is
within the range of the short and long crack boundary,
which is between 0.03 and 0.13 mm. Therefore, both
stress range and stress intensity factor could govern the
fatigue strength. The maximum principal stress range at
the cracking location shown in Table 3 was 146 MPa, and
was within the range of the fatigue limit of 78 and 150
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Abstract
The design codes for steel bridges in Korea specify that the main members subjected to tensile or alternating stresses must
satisfy the toughness conditions at low temperatures in terms of the Charpy absorbing energy. From this toughness
requirement, the design codes also specify the maximum permissible thickness of the main members per the temperature
of each region. The domestic toughness requirements were based on the SINTAP (Structural INTegrity Assessment
Procedure) procedure considering the temperature conditions of each region in Korea. This paper aims to analyze the
background of the toughness requirements in terms of the maximum permissible plate thickness specified in the domestic
and foreign design codes. A parametric sensitivity analysis was also conducted to evaluate the effects of the main
parameters in the calculation of toughness requirements on the maximum permissible plate thickness.
Keywords: Bridge, brittle failure, fracture toughness, steel bridge
1. Introduction
Toughness of a metal is an intrinsic property of a material
that resists against fracture when subjected to tensile stress.
The design specifications for steel bridges present the
toughness requirements for the purpose of preventing
brittle fracture of bridges, particularly for the main
members and welded joints vulnerable to fatigue cracking
and propagation. The toughness requirements of the
domestic codes are based on the method specified in the
SINTAP (Structural Integrity Assessment Procedure)[Lee
et al., 2008]. The design toughness requirements must
satisfy the low-temperature toughness standard in terms of
the Charpy absorbed energy, and the maximum allowable
plate thickness should be specified according to the
temperature zone where the bridge is built. Eurocode 3
also states that the permitted thickness of steel elements
for fracture should be obtained from Section 2.3 and Table
2.1. Table 1 shows a partial part of the toughness
requirements in the Eurocode. This paper aims to analyze
the background of the fracture toughness requirements in
the Eurocode. The sensitivity analysis was also performed
to evaluate the variation of maximum allowable plate
thickness depending on the main parameters (e.g.,
working stress level, residual stress level) assumed in the
toughness calculations.

the “frequent” stress 𝜎𝑝 from actual external loads.
Although Table 2.1 of Eurocode 3 appears related only to
the stresses 𝜎𝑝 from actual external loads, the residual
stress 𝜎𝑠 is silently included in the calculation [Sedlacek
et al., 2008]. The crack mode assumed to determine the
toughness requirements is a semi-elliptical surface crack
located at the weld toe of the main flange.
The main formula of fracture mechanics is as follows:
𝐾𝑎𝑝𝑝𝑙,𝑑
𝐾𝑅6 −𝜌

(1)

≤ 𝐾𝑚𝑎𝑡

𝐾𝑎𝑝𝑝𝑙𝑑 = Y × 𝑀𝐾 × 𝜎𝐸𝑑 × √𝜋𝛼𝑑
(2)
where,
𝜎𝐸𝑑 : design stress applied to the member from external
loads [MPa], (𝜎𝐸𝑑 = stress ratio × f𝑦 (t) + 𝜎𝑠 )
f𝑦 (t): yield strength [MPa], (f𝑦 (t) = f𝑦 − 0.25 × t)
𝛼𝑑 : design size of crack [m]
(𝛼𝑑 = 2 × 10−6 × 𝑡 3 + 6 × 10−4 × 𝑡 2 + 0.1341 × 𝑡 + 0.6349)

Y : correction factor for various crack positions and
shapes.
𝑀𝐾 : correction factor for various attachments with
semi-elliptical crack shapes.
𝐾𝑅6 : plasticity correction factor from the R6-Failure
Assessment Diagram (FAD).

ρ: correction factor for local residual stresses.
𝜎𝑝
1
𝐾𝑅6 =
(3) and 𝐿𝑟 =
(4)
𝜎

2. Background of fracture toughness requirements
The toughness requirement in both Korean and European
standards are based on the concept of fracture mechanics.
In the Eurocode, it is basically assumed that the external
loading on the fracture mechanics model contains residual
stress 𝜎𝑠 =100MPa from remote restraints in addition to

√1+0.5×𝐿𝑟 2

where,

𝑔𝑦

𝜎𝑝 : stress from external loads applied to the grosssection. (𝜎𝑝 = stress ratio × f𝑦 (t))
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Table 1. Table 2.1 of Eurocode 3 (partially selected)
Steel
grade

Subgrade

S355

Charpy
energy CVN

Reference temperature 𝑇𝐸𝑑 [℃]
10

0

-10

-20

-40

-50

15
25

15
20

10
15

50
60

40
50

35
40

25
35

90

75

60

50

T [℃]

Jmin

JR
J0

20
0

27
27

40
60

35
50

25
40

20
35

J2
K2

-20
-20

27
50

90
110

75
90

60
75

ML

-50

27

155

130

110

𝜎𝐸𝑑 =0.75fy(t)

𝜎𝑔𝑦 : stress applied to the gross-section to obtain
yielding in the net section.
𝐾𝑚𝑎𝑡 = 20 + [70 (exp

𝑇𝐸𝑑 −𝑇27𝐽 +18℃+∆𝑇𝑅
52

-30

) + 10] × (

25

𝑏𝑒𝑓𝑓

)0.25

10 ~ -50

10 ~ -50

𝜎𝐸𝑑 =0.50fy(t)

𝜎𝐸𝑑 =0.25 fy(t)

See the values
in the
Eurocode 3

See the values
in the
Eurocode 3

influence of the residual stress ratio (residual stress / yield
stress) on the permissible plate thickness, a parametric
sensitivity analysis was performed, and Figure 2 shows
the results with the steel grade of S355, sub-grade of J2,
and the working stress of 0.5fy(t). As shown in Figure 2,
the maximum permissible plate thickness decreases
sensitively by increasing the residual stress ratio, implying
that the assumed value of residual stress can also influence
the permissible plate thickness significantly. Note that the
residual stress in Table 2.1 is 100MPa, which corresponds
to the ratio of 0.3 in Figure 2

(5)

where,
∆𝑇𝑅 : safety element = −7℃
𝑏𝑒𝑓𝑓 : length of the critical crack front.= 5 × 𝛼𝑑
3. Parametric sensitivity analysis
In the Eurocode, the applied stress gives three ranges of
0.25fy(t), 0.5fy(t) and 0.75fy(t), and the maximum
permissible plate thickness value under the corresponding
working stress is given. It can be seen from Table 2.1 of
Eurocode 3 that as the ratio of working stress and yield
stress increases, the maximum permissible plate thickness
decreases. To evaluate the influence of the stress ratio
(working stress / yield stress) on the permissible plate
thickness, a parametric sensitivity analysis was performed,
and Figure 1 shows the results. The sensitivity analysis
results in Figure 1 are based on the steel grade of S355 and
sub-grade of J2 in Table 1 as an example. As can be seen
in Figure 1, the maximum permissible plate thickness
tends to change sensitive to the stress ratio, indicating that
the assumed value of the stress ratio can have a significant
effect on the toughness calculation results.

Figure 2. Sensitivity analysis (residual stress effect)
4. Conclusions
This paper analyzed the background of the fracture
toughness requirements specified in the domestic and
European design standards for steel bridges. The
toughness calculation method in Table 2.1 of Eurocode 3
is systematically sorted out with the formula of fracture
mechanics, and main parameters are described in detail.
In the Eurocode, the values of the maximum permissible
plate thickness are presented for the working stress levels
of 0.25fy(t), 0.5fy(t) and 0.75fy(t). The toughness
requirements are also based on the assumed residual stress
level of 100MPa. A parametric sensitivity analysis was
performed to evaluate the influence of two main
parameters [i.e., working stress ratio (working stress /
yield stress), and residual stress ratio (residual stress /
yield stress) on the maximum permissible plate thickness
in the toughness requirements. The sensitivity analysis
results showed that the permissible plate thickness tends
to decrease sensitively as the two main parameters
increase, indicating that the assumed values of the
parameters (working stress and residual stress) can have a

Figure 1. Sensitivity analysis (stress ratio vs. permissible
plate thickness)
As previous mentioned, although only external loads 𝜎𝑝
are shown in Table 2.1 of Eurocode 3, the residual stress
𝜎𝑠 with a value of 100 MPa has been actually included in
the toughness calculation process. To evaluate the
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significant effect on the toughness calculation results.
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Abstract (Times New Roman, 10 Point, Bold)
Rail clip is one of the main components in the rail fastening system that binds the rail to the sleeper. Fatigue damage of
rail clips has been recently reported in some countries. However, research on this fatigue failure issue has been very
limited. Rail clip can be vulnerable to fatigue crack due to high initial tensile stress from the assembly process as well as
the repeated train load. The rail fastening systems of some overseas companies have been commonly used in Korea, and
the KR-type rail fastening system was recently developed and has been used in some domestic railways. This study aims
to evaluate the fatigue performance of the KR-type rail clips. Fatigue tests after assembling the rail fastening system were
performed, and the finite element analysis was also conducted to supplement the experiment results as well as to evaluate
the structural behavior of the clips.
Keywords: Rail fastening system, Rail clip, Fatigue, Finite element analysis
shows the maximum principal strain measurement with
plastic deformation during the assembly and unloading
process. The modal test results showed that the first and
second natural frequencies of the fastened rail clip were
measured to be 871Hz and 1,025Hz, respectively.

1. Introduction
Rail clip is a main component of a rail fastening system
which delivers the train load to the substructure and
maintains the gauge of the rail. Rail clip can be vulnerable
to fatigue crack due to high initial tensile stress from the
assembly process as well as the repeated train load.
Recently, fatigue damages of rail clips have been reported
in Korea and other countries, but research for the cause of
the fatigue cracks have been very limited. Since the
damage of the rail fastening system can have a significant
effect on the passenger safety, it is necessary to secure
fatigue durability of rail clips in the train operation(Park
et al., 2019) This paper aims to investigate the structural
behavior and fatigue performance of rail clips in the KRtype rail fastening system that has been recently
developed in South Korea. The assembly test, finite
element analysis and theoretical fatigue evaluation have
been performed to achieve this research goal.

Figure 1. Assembly test & Modal test set-up of KR-type
rail fastening system

2. Structural behavior in the assembly process of KRtype rail clip
The assembly test and modal test have been conducted to
investigate the structural behavior of the KR-type rail
clips (Figure 1). The test results showed that the
displacement of the central end of rail clip during the
assembly process was measured to be about 11.4mm.
Strain gage measurements at various locations showed
that the maximum principal strain (10,200μƐ), which
exceeds the yield strain (8,800μƐ) of the rail clip
material(SPS 9A), occurred in the section where the clip
geometry changes rapidly with high curvature. Figure 2

Figure 2. Assembly test result (Torque vs. max. principal
strain)
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3. Finite element analysis
A tensile coupon test of the KR-type rail clip material
(spring steel, SPS 9A) with three specimens was
performed to evaluate the mechanical properties. Figure 3
shows the results, which were reflected in the material
properties of the finite element analysis.

4. Fatigue test
Fatigue test of KR-type rail clip is being carried out, and
the crack initiation point and fracture surface have been
identified. The fatigue test revealed that the crack initiated
at two different locations(Failure Mode 1 and Failure
Mode 2 in Figure 5) where the geometry of rail clip
changes rapidly with a high curvature. The crack initiation
points observed from the test were similar to those from
the finite element analysis which shows a high principal
stress contour (Figure 5). The crack propagation path
observed from the fatigue test was also consistent (i.e.,
perpendicular) to the direction of maximum principal
stresses from the finite element analysis..

Figure 3. Tensile coupon test results
The finite element analysis considered the stiffness of the
elastic rail pad on the rail bottom by using a spring
element (ABAQUS, 2016). The actual contact parts
between the rail clip and other components were
simulated in the boundary conditions of the analysis with
two steps. Step 1 simulated the initial fastening using
screw spike by applying a displacement to the screw spike
contact area using kinematic coupling to reach the
displacement measured in the laboratory assembly test.
Step 2 simulated the vertical displacement of rail caused
by train load. Two different levels of rail displacements
(1mm and 1.5mm), based on the previous field
measurements, were applied to the location where the rail
clip contacts with the rail (KNR, 2015). Figure 4 plots the
maximum principal strains from both the experimental
and analysis results, and its comparison shows a good
correlation.

Figure 5. Comparison of test and analysis failure modes
5. Fatigue performance evaluation
Table 1 shows the stress states in the rail clip at the two
critical locations of crack initiation. The mean stress value
is based on the initial fastening simulated in the analysis
Step 1, and the stress amplitude is based on the rail vertical
displacement caused by train passage simulated in the
analysis Step 2. Figure 6 shows the fatigue performance
evaluation of rail clips using the facture and yield criteria
based on the input in Table 1. The fatigue evaluation used
the stress states at the maximum stress concentration
based on the finite element analysis results when the rail
displacement values are 1mm and 1.5mm, respectively.
As well known, fatigue crack initiation can be judged
based on the stress amplitude and mean stress, and Figure
6 indicates that the fatigue cracks generally might not
occur in the stress state (Table 1) under the criteria
curve(Bannantie et al., 1990). However, Figure 6(b)
indicates that it is potentially possible for the fatigue crack
to occur in the rail clip based on the Soderberg diagram
when the rail displacement is 1.5mm.

Figure 4. Comparison of test and finite element analysis
results (maximum principal strains)
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Table 1. Stress conditions at the cracking location
Failure Mode 1
1mm
1.5mm
Mean stress
𝜎𝑚 (MPa)
Stress amplitude
𝜎𝑎 (MPa)
Yield strength
𝑆𝑌 (MPa)
Ultimate strength
𝑆𝑈 (MPa)
Endurance limit
𝑆𝐸 (MPa)

Failure Mode 2
1mm
1.5mm

1176

1146

1187

1159

54

81.5

53.5

81.5

3.

1377
1509
528 (35% of 𝑆𝑈 )

process and the train passage. The comparison of the
analytical stress state with the test results showed a
good correlation. The crack initiation locations
identified from the fatigue test were also consistent
with the stress concentration region from the finite
element analysis results.
Based on the stress state from the finite element
analysis, the theoretical fatigue performance
evaluation using the fracture and yield criteria was
carried out. Although the rail clip generally might be
safe against crack initiation, it is potentially possible
for the rail clip to have a fatigue crack when the rail
vertical displacement from train passage exceeds 1.5
mm based on the theoretical fatigue criteria
assumptions..
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(b) Yield criteria
Figure 6. Fatigue performance evaluation of rail clips
6. Conclusions
Laboratory assembly test, fatigue test and finite element
analysis were performed to understand the structural
behavior and fatigue performance of KR-type rail
fastening clips.
1.

2.

The assembly test in the laboratory showed that the
rail clip can experience a local plastic deformation
(initial high tensile stress) exceeding the yield, which
can make it vulnerable to fatigue crack.
Finite element analysis was performed to evaluate
the stress state of the rail clip during the assembly
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Abstract
Recently, the new type girder-sleeper fastener was developed in order to install CWR (Continuous Welded Rail) on
ballastless plate girder bridge. The developed fastener has high lateral and longitudinal resistance so that the behavior of
the track on the girder is similar to that of concrete track [SSF(Strong Sleeper Fastener) concept]. Thus, the track buckling
is naturally prevented when the developed fastener is used. However, the developed fastener should be carefully applied at
the end of the girder, where the ballast track starts, since the lateral resistance of this transition zone is suddenly changed
and ballasted track is vulnerable to the buckling. In this study, the focus was made on the buckling behavior of such
transition zone. Proper reinforcement length of ballast at transition zone was proposed by a series of finite element
analysis.
Keywords: Track buckling, Lateral resistance of ballast, Ballastless plate girder bridge, Transition zone.
1. Introduction
Installation of CWR (Continuous Welded Rail) is one of
the method to reduce the vibration and noise of the track.
However, the use of CWR to the ballastless plate girder
bridge is limited since current girder-sleeper fastener has
low lateral resistance. Recently, the girder-sleeper
fastener that has high lateral and longitudinal resistance
was developed. The developed girder-sleeper fastener
adopted SSF (Strong Sleeper Fastener) concept. Thus, by
using such fastener, the buckling of CWR track on the
ballastless plate girder bridge can be prevented in nature.
However, in transition zone between the bridge and
embankment region, the lateral resistance is suddenly
changed. The lateral resistance of the ballast is lower than
that of the girder-sleeper fastener, and the buckling can be
occurred in ballasted track region at the end of the bridge.
To avoid the buckling problem at the transition zone, the
ballasted track in transition zone should be properly
reinforced. The proper reinforcement length of ballast at
transition zone was proposed in this study.

① Connector element (rail fastener) (6DOF)
Rail
Sleeper
z
y

③ Connector element
(Ballast and subgrade)
(3DOF)

(b)

② Connector element
(girder-sleeper fastener)
(3DOF)

Embankment
region
Bridge region
(3spans)
Embankment
region

2. Finite element analysis model
Fig. 1 shows the modeling approach of ballastless plate
girder bridge used in this study.

Rail

z

x

Bridge

x

Sleeper

y

Bridge

(c)
Bridge center

Support

Figure 1. Schematic view of finite element model:
(a) Cross-section; (b) Side view; and (c) Example of FE
model.

Connector element
(3DOF)
Rigid body element

(a)
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Rail, sleeper and girder were modeled by using beam
elements. Rail and sleeper were connected by CONN3D2
element provided by ABAQUS (2020).
UIC60 rail was used where the thermal expansion
coefficient of the rail is equal to 1.14×10-5 /℃. Tie spacing
is 0.4m and 0.6m for bridge and embankment region,
respectively. Longitudinal resistance of the rail fastener is
1.4×107 N/m with elastic limit of 0.5mm according to
KRS (2018). Other properties of the rail fastener are
adopted from Pita et al. (2004) and Lim et al. (2006).
The girder and sleeper is connected by girder-sleeper
fastener. To simulate the girder-sleeper fastener,
CONN3D2 element was also used. The peak longitudinal
and lateral resistance of the girder-sleeper fastener was
assumed as 40kN/m/track. The thermal expansion
coefficient of the girder was assumed as 1.2×10- 5 /℃.
(KRNA, 2016)
The length of the initial imperfection of the track was 10m.
The maximum value of lateral initial imperfection to
invoke the track buckling was 17mm. The analysis was

(a)

(b)
Figure. 2 Analysis results (Buckling shape): (a)

Reinforcement length=0m; and (b) Reinforcement
length=15m.

3. Parametric study
The parametric study was conducted to determine the
reinforcement length of the ballast in transition zone.
Table 1 represents parameters used for the buckling
analysis in this study. The number of the girder was 3. The
length of the one span of the girder was 9m. The peak
lateral and longitudinal resistance were 23.5kN/m/track
and 20kN/m/track, respectively. The peak lateral
resistance of 23.5kN/m/track for the reinforced ballast is
somewhat higher than that of normal ballasted track and it
is the required peak lateral resistance to obtain 92MPa of
the additional axial stress that is used for the concrete
track (Lee et al., 2020). In the case of non-reinforced
ballast in the embankment region, the peak lateral
resistance was 18kN/m/track. It should be noted that the
fastener was developed by using SSF concept and 92MPa
of additional axial stress must be obtained in bridge region.
The main parameter is the reinforcement length of the
ballast in embankment region and it varied from 0m (No
reinforcement) to 20m.

Fig. 2(a) and (b) show the buckling shape of CWR track at
the transition zone when reinforcement length=0m and
15m, respectively. From Fig. 2, it can be seen that the
track buckling is occurred in the embankment region
regardless of the reinforcement length. However, the
maximum lateral displacement, U2 (y direction) is
decreased with increasing the reinforcement length.
From the buckling analysis results, typical snap-through
buckling behavior was observed. The buckling strength
and additional axial stress (A.A.S.) can be obtained from
the lower buckling temperature. In UIC 774-3R (2001),
A.A.S. (Compression) is specified as 72MPa for ballast
track (where R is larger than 1,500m) and 92MPa for
concrete track. Since the fastener is developed by using
SSF concept. The A.A.S. is 92MPa for bridge region.
Also, the A.A.S. in ballasted track region in transition
zone has to be larger than 72MPa or have similar A.A.S.
with bridge region. The A.A.S. was calculated for each
analysis case and the results are shown in Fig. 3, where
the rail laying temperature was assumed as 25 ℃.

Table 1. Analysis parameters.
Range

Reinforcement length

0, 5, 15, and 20m

Gider length

9m

Peak longitudinal resistance of
reinforced ballast
Peak lateral resistance of
reinforced ballast
Number of girder span

Bridge region

Embankment region

conducted by increasing the temperature of the rail.

Parameter

Bridge region

Embankment region

20kN/m/track
23.5kN/m/track
3

Figure. 3 Analysis result (Reinforcement length vs.
A.A.S.).
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In Fig. 3, x and y axis represents the reinforcement length
and A.A.S., respectively. Based on A.A.S obtained from
the finite element analysis, the linear regression was
performed as shown in Fig. 3. From the results, the
minimum reinforcement length of 5m and 15m are
required for 72MPa and 92MPa of A.A.S., respectively.
4. Conclusions
Newly developed girder-sleeper fastener that has high
lateral resistance can be used to install CWR track on the
ballastless plate girder bridge. In this case, the buckling
may occurs at the transition zone between the bridge and
embankment region. Thus, the ballasted track in transition
zone should be reinforced. A series of finite element
analysis was performed to find the proper reinforcement
length in this study. From the results, it can be found that
the reinforcement length of 5m and 15m are needed for
72MPa and 92MPa of A.A.S., respectively, with peak
lateral resistance of 23.5kN/m/track.
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Abstract
Currently, about 440 open deck steel railroad bridges are in service in Korea, and, due to noise and vibration problems, a
project for replacing to new superstructure, mostly concrete or steel-concrete composite slab bridges, is in progress.
However, considerable cost, typically much higher than building a brand-new bridge, prevents from faster replacement.
Installing CWR (Continuous Welded Rail) is a cheaper and easier alternative to resolve noise and vibration problems, but
a new bridge-sleeper fastening system, which can provide stable longitudinal and lateral track resistances, needs to be
developed. In this paper, the mechanical performance test results of the new bridge-sleeper fastening system is presented.
The mechanical performance includes longitudinal and lateral resistances and fatigue strength. The test results show that
the bridge-sleeper fastening system can provide mechanical performance required for installing CWR on an open deck
steel railway bridge.
Keywords: Bridge-sleeper Fastening System, Open Deck Steel Railway Bridge, Track Resistances, Fatigue Strength,
CWR
longitudinal resistance requirement is based on KR
C-08080(Korea National Railway, 2017), while the lateral
resistance requirement is based on the nonlinear analysis
result (Lee et al., 2020). Also note that the fatigue strength
requirement is established based on ISO 12856-2 (ISO,
2020).

1. Introduction
Due to its economical and simple structure, the open deck
steel railroad bridge was the most constructed bridge type
in many countries a few decades ago. As the demand for a
calm environment increases, however, the open deck steel
railroad bridge is no longer being built, and efforts are
being made to improve the noise and vibration problems
of the existing bridges. Installing CWR is a cheaper and
easier alternative to resolve noise and vibration problems,
but a new bridge-sleeper fastening system, which can
provide stable longitudinal and lateral track resistance,
needs to be developed. In this paper, a recently developed
bridge-sleeper fastening system for CWR installation on
an open deck steel railroad bridge is introduced, and the
results of the mechanical performance tests including
longitudinal and lateral resistances and fatigue strength
are presented.

Table 1. Mechanical performance requirements for
the bridge-sleeper fastening system
Requirement
performance
Longitudinal Elastic limit ≥ 40kN/m/track
resistance
force
Elastic limit ≤ 2mm
displacement
Lateral
Elastic limit ≥ 40kN/m/track
resistance
force
Elastic limit ≤ 2mm
displacement
Fatigue strength
≥ 2×106
Property

2. Bridge-sleeper Fastening System Design
2.1. CWR Design Concept
Depending on the method of providing track resistance,
the CWR design concepts for an open deck steel railroad
bridge can be divided into SRP (Stronger Rail Fastener),
SSF (Stronger Sleeper Fastener), and TPI (Track Panel
Isolation). The bridge-sleeper fastening system has been
developed to meet the SSF design concept, and it should
be able to reliably provide the required mechanical
performance for the design concept.

Note
KR C08080
KR C08080

ISO
12856-2

2.3. Fastening System Design
Figure 1(a) is the bridge-sleeper fastening system
developed to provide the longitudinal and lateral
resistance of the track required for the SSF design concept.
In order to minimize the displacement of the sleepers and
the occurrence of track irregularities and to secure the
required mechanical performances, unlike the existing
fastening system applied to individual sleepers, the
bridge-sleeper fastening system is installed between the
sleepers and interlocks them with the main bridge member,

2.2. Performance Requirements
The performance requirements of the bridge-sleeper
fastening system are tabulated in Table 1. Note that the
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as shown in Fig. 1(b).

defects
Table 2 summarizes test results. In the table, the overall
mechanical performance of the bridge-sleeper fastening
system satisfies the requirements for installing CWR on
an open deck steel railway bridge.
4. Conclusions
In this paper, the mechanical performance test results of
the new bridge-sleeper fastening system is presented. The
mechanical performance includes longitudinal and lateral
resistances and fatigue strength. The test results show that
the developed bridge-sleeper fastening system can
provide mechanical performance required for installing
CWR on an open deck steel railway bridge.

(a) fastening system
(b) installation layout
Figure 1. Developed bridge-sleeper fastening system and
its installation layout
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3. Performance Test
Mechanical tests including longitudinal and lateral
resistances and fatigue strength are performed to confirm
the required performance. Note that the fatigue test is
conducted according to ISO 12856-2. Figure 2 shows test
setups for tests.
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(a) longitudinal resistance (b) lateral resistance

(c) fatigue
Figure 2. Test setups

Table 2. Mechanical performance test results
Property
Requirement
Test result
performance
Long.
Elastic limit ≥ 40
72.5
resistance
force
kN/m/track
kN/m/track
Elastic limit ≤ 2mm
0.3mm
displacement
Lateral
Elastic limit ≥ 40
68.0
resistance
force
kN/m/track
kN/m/track
Elastic limit ≤ 2mm
0.18mm
displacement
Fatigue strength
≥ 2×106
No visual
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Abstract
Due to its structural characteristics of direct connection between track and bridge main member, the train-induced impact
level is much higher than other bridge types. This impact generates structural damage to bridge members as well as noise
and vibration which often cause civil complaints. The sleeper pad installed beneath the bridge sleeper can reduce the
impact, and it can be utilized in adjusting track level. In this paper, the optimum stiffness of the bridge sleeper pad is
determined via multi-flexible-body dynamic analysis. In the analysis, three different vehicle types, including Mugunghwa,
ITX Semaeul, and KTX with various velocity, and a 30m-long open-deck steel plate girder bridge, the longest span length
in service in Korea, is analytically modeled. Running safety analysis is utilized in determining the optimum stiffness of
the pad. The analysis is performed using two commercial programs, ABAQUS and VI-Rail.
Keywords: Sleeper pad, optimum stiffness, polyurethane, railway, open deck steel bridge
elastic material under the sleeper of the concrete track.
Table 1 shows the mechanical performance requirements
of the pad based on the specifications for the sleeper box
of the low-vibration concrete track presented in KRCS
A010 06 of the Korea Railroad Corporation (Korail,
2017).

1. Introduction
The mid part of the main girder of the open-deck steel
railway bridge is often attached with flange upper and
lower reinforcement plates to increase the cross section.
These reinforcing plates are attached with rivets, and in
this case, the surface of the top flange on which the
sleeper is placed is not uniform due to the rivet head
(Figure 1). The bridge-sleeper pad installed between the
sleeper and the main girder needs not only to reduce
vibration but also to protect the sleeper from the irregular
surface of the girder. Therefore, the pad should have
appropriate mechanical performance and effectively
reduce vibration. Also, it should not adversely affect the
running safety or ride comfort of the train.

Table 1. Mechanical performance requirements for
the bridge-sleeper pad
Property
Requirement
Tensile Strength
≥12, before aging
(MPa)
≥11,
after aging
Elongation (%)

≥300, before aging
≥200,

Hardness (Hs)

after aging
58~68

3. Running Safety Analysis
3.1. Numerical Model
The optimum stiffness of the pad is determined via multi
flexible body dynamic analysis. In the analysis, three
different vehicle types, including Mugunghwa, ITX
Semaeul, and KTX with various velocity, and a 30m-long
open-deck steel plate girder bridge, the longest span
length in service in Korea, is analytically modeled using
ABAQUS program as shown in Figure 2. Note that, in
constructing the model, shell, beam, and connector
elements are utilized. Using the modal information from
the free-vibration analysis using ABAQUS program, the
multi flexible body dynamic analysis is conducted to
identify the running safety of the bridge using VI-Rail
program.

Figure 1. Top flange of the main girder of the open-deck
steel railway bridge with rivets
2. Mechanical Performance
Currently, there is no standard for the performance
requirements of the bridge-sleeper pad, but, in the case of
mechanical performance, considering the installation
condition inserted between the sleeper and the steel
member, it is reasonable to refer to the standard of the
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(c) bogie lateral acceleration
Figure 3. Results for KTX train

Figure 2. Numerical model for 30m open-deck steel
railway bridge

4. Conclusions
In this paper, the optimum stiffness of the bridge sleeper
pad is determined via multi-flexible-body dynamic
analysis using two commercial programs, ABAQUS and
VI-Rail. Running safety analysis is conducted in
determining the optimum stiffness of the pad. From the
analysis, the appropriate range for the pad stiffness is
determined between 30kN/mm ~ 90kN/mm.

3.2. Analysis Result
The train velocities considered in the analysis are
150km/hr, 175km/hr and 200km/hr for KTX, 100km/hr,
125km/hr and 150km/hr for ITX Saemaeul and
Mugunghwa. In the analysis, the stiffness of the pad
varies from 10kN/mm to 90kN/mm at intervals of
20kN/mm. Figures 3 shows the analysis results for KTX
train. In the figure, the derailment coefficient, lateral
pressure, and are all significantly smaller than the limit
values denoted in red dotted line. In addition, there is no
significant change when the stiffness of the pad is greater
than or equal to 30kN/mm. Consequently, the appropriate
range for the pad stiffness is determined between
30kN/mm ~ 90kN/mm.
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Abstract
Synthetic sleepers have been developed in many countries for substituting wooden sleepers, which can cause
environmental issues due to toxic preservatives used. The synthetic sleeper can be utilized at open deck bridges, rail joints,
and turnouts. This paper presents the design concept, the manufacturing process, and the physical performance test result
of the newly developed synthetic resin sleeper using basalt fiber and polyurethane. The physical performance include
density, absorption, pull-out, compressive, bending and shear strengths, thermal expansion, heat and cold resistances,
fatigue, and flame retardant. The test results show that the developed synthetic resin sleeper has performance far
exceeding the standard.
Keywords: Synthetic Sleeper, basalt fiber, polyurethane, physical characteristics
1. Introduction
The track, including rails, sleepers, and ballasts, plays a
role in distributing the train load transmitted from the rails
through the sleepers and ballasts, and transmitting them to
the trackbed. Among them, the sleeper fixes the rail so
that it can be maintained at regular intervals and
distributes the train load by the area of the bottom of the
sleeper and transmits it to the ballast. Currently, wood
sleepers and concrete sleepers are mainly used in railway
tracks. Wood sleepers have problems, however, in that the
life span and maintenance cycle are shortened due to low
quality of imported wood, and the creosote used to
prevent erosion causes environmental pollution. In
addition, the concrete sleeper, so-called PSC (PreStressed
Concrete) sleeper, has high durability and strength, but it
is not suitable for use as a bridge sleeper because of lack
of shock absorption. Accordingly, various sleepers, such
as plastic sleepers and synthetic resin sleepers, are being
developed that can compensate for the shortcomings of
existing sleepers. Among them, synthetic resin sleepers
can solve problems such as environmental problems,
corrosion, short lifespan, high weight, low elasticity and
lack of shock absorption. Synthetic resin sleepers are
mainly made of plastic and polyurethane, and in the case
of plastic sleepers, their physical properties are generally
low, so durability is poor and they are vulnerable to
impact. In Japan, since the 1980s, synthetic resin sleepers
using polyurethane resin and glass fibers have been
developed and used as a substitute for wooden sleepers.
However, glass fiber has a problem that it is a material that
can cause lung toxicity in the human body. In this paper,
the performance of a newly developed synthetic resin
sleeper made of polyurethane and basalt fiber, which is
environmentally friendly, light weight, corrosion
resistance, high elasticity, shock absorption, and high
physical properties is introduced.

2. Synthetic Resin Sleeper
2.1. Structural Characteristics
The developed synthetic resin sleeper consists of
polyurethane and basalt fibers, and as shown in Figure 1
about 60,000 to 70,000 filament fibers are evenly
distributed between polyurethane foams. The developed
synthetic resin sleeper has high physical properties by
using advanced fiber dispersing technology. Basalt fiber is
more environmentally friendly and has the advantage of
having 20-30% higher mechanical properties than glass
fiber. As a result, the synthetic resin sleeper developed
using the basalt fiber has 20-30% higher mechanical
properties than the existing synthetic resin sleeper using
the glass fiber.

Figure 1. Structure of the synthetic resin sleeper
2.2. Manufacture Process
Synthetic resin sleepers are cured by continuously casting
polyurethane on basalt fibers and then putting them into
an oven as shown in Figure 2. After that, the intermediate
sleeper
that
has
undergone
the
automatic
length-controlled cutting process goes through surface
grinding, adhesive application, pressing, curing, and
painting processes to produce a synthetic resin sleeper as a
finished product. The thickness, width, and length of the
sleeper can be freely adjusted when manufacturing the
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sleeper, so it is possible to manufacture ordinary sleepers,
bridge sleepers, turnout sleepers, and other various sizes
of sleepers.

modulus
Longitudinal
compressive
strength
Shear
strength
Fatigue strength
Rail
fastener
interface

Number of
repeated
loads
Rail lateral
displacement
Flame retardant
Figure 2. Manufacture process of the synthetic resin
sleeper

≥ 7MPa
≥ 7MPa
≥ 70MPa
≥ 6GPa
≥ 1×1010Ω
≤ 2%
≥ 0.64g/cm2
≥ 5×10-5 K-1
≥ 70MPa×0.7
≥ 6GPa×0.7

ISO
12856-1

JIS E 1203
ISO
12856-1

ISO
12856-1
JIS E 1203
(bending
strength)

≥ 7MPa×0.7

≥ 6GPa

ISO 17318
ISO 17318

≤ 1.0mm
HB

UL94:2013

Table 2. Performance test result
Property
Requirements Test result
Pullout strength (spike)
≥ 15kN
69.25kN
Pullout strength (screw ≥ 30kN
90kN
spike)
Longitudinal compressive ≥ 40MPa
78.6MPa
strength
Shear Strength
≥ 7MPa
25.4MPa
Adhesive shear strength
≥ 7MPa
16.7MPa
Bending strength
≥ 70MPa
143MPa
Bending elastic modulus
≥ 6GPa
7.98GPa
10
Insulation resistance
≥ 1×10 Ω
1×1013Ω
Absorption rate
0.14%
≤ 2%
2
Density
≥ 0.64g/cm
0.83g/cm2
Coefficient of thermal ≤ 5×10-5 K-1
2×10-5 K-1
expansion
Heat
Bending
≥ 70MPa×0.7 178MPa
resistance strength
(60℃,
Bending
≥ 6GPa×0.7
8.2GPa
24Hr)
elastic
modulus
Longitudinal ≥ 40MPa×0.7 59.3MPa
compressive
strength
Shear
≥ 7MPa×0.7
26.1MPa
strength
Cold
Bending
≥ 70MPa
190MPa
resistance strength
(-30℃,
Bending
≥ 6GPa
8.45GPa
24Hr)
elastic
modulus
Longitudinal ≥ 40MPa
64.4MPa
compressive

≥ 40MPa×0.7

≥ 70MPa

Δk≤10%
at 2×106
≥ 3×106

The performance test results are shown in Table 2. From
the table, it can be seen that the synthetic resin sleeper
sufficiently satisfies all performance properties.

of the synthetic sleeper
Requirements Standard
≥ 15kN
JIS E 1203
≥ 30kN
≥ 40MPa

≥ 7MPa

3. Performance Test

2.3. Mechanical Property
The synthetic resin sleepers is developed to satisfy the
Type A material standards of ISO12856-1, which can be
applied to bridges and turnouts, and also to satisfy the
pull-out loads (spikes, screw spikes) of JIS E 1203. It is a
material with excellent physical properties that satisfies
all of the performance criteria in Table 1.
Table 1. Requirements
Property
Pullout strength (spike)
Pullout strength (screw
spike)
Longitudinal compressive
strength
Shear Strength
Adhesive shear strength
Bending strength
Bending elastic modulus
Insulation resistance
Absorption rate
Density
Coefficient of thermal
expansion
Heat
Bending
resistance strength
(60℃,
Bending
24Hr)
elastic
modulus
Longitudinal
compressive
strength
Shear
strength
Cold
Bending
resistance strength
(-30℃,
Bending
24Hr)
elastic

strength)
≥ 40MPa

ISO
12856-1
JIS E 1203
(bending
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strength
Shear
strength
Fatigue strength

≥ 7MPa

18.5MPa

Δk≤10%
at 2×106

Static:
Δk=-4%
Dynamic:
Δk=+8%
0.46mm

Rail fastener interface

≤ 1.0mm
at 3×106

Flame retardant

HB

HB

4. Conclusions
In this paper, the design concept, the manufacturing
process, and the performance test results of the new
synthetic resin sleeper developed using eco-friend basalt
fiber and polyurethane are presented. The performance
tests include density, absorption rate, pull-out,
compressive, bending and shear strengths, thermal
expansion, heat and cold resistances, fatigue, and flame
retardant, etc. The test results show that the developed
synthetic resin sleeper has mechanical performance far
exceeding the standard.
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Abstract
This study employed shape memory alloy (SMA) fiber to provide the cement-based structure with the displacement
recovery capacity. The crimped SMA fibers were mixed together with cementitious materials, such as cement, water, sand,
and superplasticizer. To evaluate the displacement recovery performance with the change in the fiber content, this study
takes into account three fiber volume fractions of 0.5, 1.0, and 1.5%. A bending test was first performed to provide
flexural displacement and cracks in the SMA fiber-reinforced cementitious material. Then, heating was applied
considering the martensitic temperature, which was designed to minimize the damage of cementitious materials by high
temperature, to induce the shape memory effect of the SMA inside the cementitious materials. With increasing fiber
volume fractions from 0.5 to 1.5%, this study evaluated the flexural displacement recovery capacity of the slab specimen
due to the SMA fiber-reinforced cementitious material.
Keywords: Shape memory alloy, shape memory effect, displacement recovery, fiber-reinforced cementitious materials
1. Introduction
Concrete structures should resist various types of loads
including self-weight, superimposed dead load, and live
load. Thus, a proper repair and retrofit is required to
restore load capacity and service condition during the life
of the structure. In particular, when subjected to large
external loads such as an earthquake and overload,
displacement recovery should be first performed prior to
the repair and retrofit of the damaged structure.
Recently, SMA has been applied to structural engineering
using superelasticity and shape memory effect (SME) of
SMA. Superelasticity can recover the material to its
original shape when load is removed even in the inelastic
range. SMA with SME is generated by heating to restore
the material to the undeformed, original shape.
This study employed SME of SMA to generate the
displacement recovery performance in cementitious
materials. Fiber-reinforced cementitious materials can be
easily cast to increase mechanical properties, especially
tensile performance of cementitious materials (Lee et al.,
2016; Shajil et al., 2013; Wang and Aslani 2020). Several
previous pullout tests (Choi et al., 2020a; Choi et al.,
2020b) showed that the mechanical properties of the
fiber-reinforced materials are strongly dependent on the
bond resistance of the SMA fibers and cementitious
material. In addition, most of the previous studies were
performed using small-size beam specimens due to the
limitation of the SMA fiber manufacturing (Jung and Lee,
2020; Lee et al., 2018a; Lee et al., 2018b). Thus, this
study fabricated crimp-shaped fibers from a cold-drawn
NiTi SMA wire to design a slab specimen. Loading was
first applied to generated flexural displacement of the slab.
Then temperature was applied to the bottom of the slab to
induce SME of SMA fibers, mixed randomly with
cementitious materials.

2. Properties and fabrication of SMA fibers
A previous study (Choi et al., 2020a; Choi et al., 2020b)
proposed crimped-type SMA fibers to increase the pullout
mechanical properties of the fibers and cementitious
matrix. This study followed the proposed method to
fabricate NiTi crimped SMA fibers. Figure 1 shows the
rolling device and process to generate crimp shapes on the
prestrained SMA wire, which can induce recovery
performance. In addition, SME of SMA requires the phase
transformation due to heating. In this study, austenitic
temperature is defined as around 90 °C. The recovery
performance of the fiber was evaluated measuring the
changes in the diameter and length owing to a temperature
above the austenitic temperature. In addition, uniaxial
tensile test was also performed to determine the yielding
stress and modulus of elasticity of the crimped SMA fiber.

Figure 1. Fabrication machine and process for SMA
crimped fibers, taken from Choi et al. (2020a)
3. Experiments and results discussion
This study designed a slab specimen to induce flexural
displacement. Figure 2 present the specimen setup and
flexural loading tests. After the loading tests, a residual
displacement was recovered owing to the SME of SMA
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fibers, randomly embedded in cementitious materials.
SME property is induced by heating on the bottom of the
specimen. Temperatures were measured using
thermocouples installed on the surfaces of the specimen.
The heating was continued when the average temperature
of the side surface of the specimen reached approximately
90°C. Figure 2 shows the recovery ratio of flexural
displacement and crack width due to the SME of SMA
fibers. According to a linear trend analysis, displacement
reduced from approximately 40 to 8% almost linearly
with increasing SMA fiber content from 0.5 to 1.5%. In
addition to the displacement recovery, crack width was
also decreased by mean 52 to 76% with increased SMA
fiber content.

4. Conclusions
Damaged concrete structures require recovering
displacement before the application of proper repair and
retrofit technologies. This study utilized fiber-reinforced
cementitious materials and SME of SMAs to provide the
displacement recovery performance in cementitious
materials. In addition, the fiber involved in the study was
a crimped shape recently proposed to increase bond
mechanical properties between the fibers and
cementitious matrix. The results of the study showed that
residual flexural displacement was recovered due to the
SME of SMA fibers, randomly embedded in cementitious
materials. The recovery performance of the flexural
displacement and crack-width closure increased with
increasing fiber content.
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Figure 2. Specimen setup and measurement for bending
and displacement recovery tests.

Figure 3. Recovery ratio of displacement and crack width
with increasing SMA fiber content
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Abstract
This study objected to evaluate the seismic performance of self-centering devices through finite-element analysis. The
operating performance of this device has been verified by previous experimental results. Then, this study was conducted
to investigate the effect of the parameter on the stiffness of the self-centering devices. As a result, it was found that an
increase in the diameter and number of SMA bars had a positive effect, whereas an increase in the bar length and moment
arm had a negative effect on the effective stiffness of the device. The hysteresis response of the steel frame made of SMA
devices showed perfect self-centering performance.
Keywords: self-centering, superelastic, SMA, seismic performance, FEA
1. Introduction
The self-centering system is considered as a promising
concept for improving the seismic performance of civil
structures. Such a system can minimize damage by
controlling local deformation and restoring the original
shape of the structure after an earthquake. The application
of shape memory alloys has attracted much attention due
to its intrinsic properties such as superelasticity and shape
memory effect. Thanks to its flag-shaped hysteresis action,
SMA is considered a material for use in self-centering
devices. Based on previous experimental studies on
self-centering devices using SMA bars, this study
provides a numerical study of the performance and
applicability in improving the seismic performance of
steel frames using finite element analysis.
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To investigate the accuracy and reliability of the results
obtained with ABAQUS, we compared the load
displacement graphs obtained experimentally and
numerically for the two cases as shown in the graph above.
The solid line is the result obtained by the numerical
method through ABAQUS, and the dotted line is the
experimental result. Since the predicted maximum
load-bearing capacity corresponding to the applied range
is consistent with the experimental results, we show that
the load-displacement relationship predicted by the
numerical method is reliable for design purposes. In the
case of pushing, softening is observed due to geometrical
stiffness, whereas in pulling, hardening is captured due to
the tension action. Experimental data show residual strain
and numerical results show complete recovery of
displacement.
The effective stiffness of the device at various loads is
shown in the graph below.
Overall, stiffness decreases with increasing displacement.
However, if the load is large enough during the pulling
process, the stress-strain curve may exceed the transition
region and shift to the martensitic elastic region, which
may increase the effective stiffness.

2. Model of SMA devices

An SMA bar of effective length L and dimension D are
hold at both ends with two jigs made of steel. Each jig has
a clamping part to hold the SMA bar and a handle part to
which a load is applied. In a pull or push action, the handle
element pulls or pushes the SMA bar through the
clamping element.
The SMA device was modeled with the physical
properties obtained by comparing the experimental results
and numerical values in ABAQUS. The deformed shape
of the bar is as follows.
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An increase in the diameter and number of SMA bars
positively affects the effective stiffness of the
self-centering SMA device, whereas an increase in bar
length and moment arm negatively affects the effective
stiffness. A single SMA bar device does not exhibit
symmetrical motion, but the seismic response of a steel
frame equipped with two SMA devices shows perfect
self-centering with symmetrical motion. The SMA device
with pin connection reduces the maximum stress
occurring in the beam from 430 MPa to 220 MPa,
exceeding the yield stress of the beam by 300 MPa.
Therefore, SMA self-centering devices can help protect
the beam from yield damage. It is recommended to use the
device in conjunction with the use of pins as beam and
column connections to prevent local buckling of the beam
flange as well as to minimize damage to the connection
area. Steel dampers with semi-rigid connections can
consume more energy. However, it offers full
self-centering, which makes it much more useful for
structures.
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Abstract
Superelastic shape memory alloy (SMA) wires reinforced mortar beams shows good performance on recentering capacity.
In this paper, it is objected to achieve prestressing effect and recentering capacity especially with martensite state SMA
wire reinforcement. Various shapes of wire (AR,DB,CR, and A-CR) have been introduced to reinforce mortar beam in
this paper, and heating test has been done with two different method (Hest Gun heating and Electric Heating method) to
check the recovery and residual stress. Moreover, five cycles of hysterical three point bending test has been conducted to
see the flexural behavior and crack closing capacity of reinforced beam.
Keywords: NiTi SMA; crack-healing; recentering; prestressing effect
1. Introduction
It is widely known that SMA wire can introduce
prestressing effect and recentering capacity on various
types of cementitious materials due to its shape memory
effect. When NiTi SMA and Fe-SMA has applied to
cementitious materials, due to wire’s recovery stress,
cementitious materials show recentering behavior.
Various shape of fibers such as dog bone shape, paddled
end shape and crimped shape wires are investigated to see
the bond resistance and recovery stress (Sherif MM.,
2017; Choi E., 2018; Choi E., 2019). This paper aims to
study prestressing effect and recentering behavior of
mortar reinforced with long crimped NiTi SMA wire.
Through heating test and flexural test, flexural behavior
and recentering behavior has been analyzed.

Figure 1. Dimensions of the specimens
2.2. Beam heating test using two different methods
Conducting heating test, two different type of heating
method has been introduced. Heating method using hot
gun, is most widely used heating method to apply heat on
reinforced cementitious materials. Electronic heating
method uses electronic battery connected to protruded
part at the ends of NiTi wire reinforced beam.
Heating procedure using hot gun for all types of beam
took approximately 1500 to 2000 sec. heating time, which
is relatively long comparing with electronic heating
procedure. As a natural consequence, beam temperature
shows the highest temperature at midpoint. Interesting
part of hot gun heating method is that, at intruded wire
part, wire temperature has measured as same as room
temperature. This means that when using hot gun to heat
beams, only targeted part affected by concentrated heating
and other part does not. This feature can be usefully used
on real construction, when aiming prestress effect on
reinforced cementitious materials.
In case of electronically heating method, duration of
heating only required about 500 to 700 sec. All part of
beam surface appeared to show similar temperature at
each time, meaning end part of the beam has been also
perfectly heated with this method. Comparing with
temperature of hot-gun heated beam, temperature of
bottom layer when electronically heated, showed similar
temperature with side part of hot-gun heated beam. For
top layer of beam, electronically heated beam showed
similar temperature with bottom mid-point of hot-gun
heated beam.

2. Prestressing effect and flexural behavior on mortar
beams reinforced with crimped NiTi SMA wire
2.1. Material properties of specimen
Two types of specimens including unreinforced and
reinforced beams with the dimension of 300 mm x 30 mm
x 30 mm (LxBxH) were manufactured using the matrix
composition represented in Table 1. We used eight wires
in two rows in the molds to reinforce the cement-based
beams (figure 1). Moreover, to measure compressive
strength of the mortar, a compression test was conducted
for cylindrical specimen showing 15.8 MPa.
Table 1. Matrix composition by weight ratio
Cement
Fly
Silica
water
(Type Ⅰ)
ash
fume
1.00
0.15
1.00
0.79
15.783
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2.3. Calculation of recovery stress and residual stress
The affiliation(s) of the author(s) (including city, country
and email address) should be typed below the list of
authors. The affiliation(s) should be centered and typed
with 10-point plane typeface.

DB

A-CR

2.5. Displacement recovery ratio
As numerical criteria of recovery capacity is needed, a
term of ‘displacement recovery ratio (DRR)’ has been
used. This term of standard can be calculated by
subtraction of final displacement from maximum
displacement at each cycle and divide them by maximum
displacement and multiply by 100 to make percentage
value. Using this formulation, we can see that CR beam
shows DRR over 90 %, which means CR beam shows
over 90 % of recovery capacity(table 2). However, for AR
and DB beam DRR only ranged between 10-30 %. For CR
EH2 beam, which shows relatively high recovery capacity
then other beam, DRR reached about 99 %. It shows
almost perfect recover of crack during unloading under
same condition. While most of CR beam shows over 50 %
of DRR, AR and DB beam only showed 10-20 % of
displacement recovery capacity. Furthermore, unheated
CR beam only showed 46-65 % of DRR but heated beam
showed 60-90 % of recovery ratio. From numerical data
below, it can be inferred that crimped NiTi SMA wire
reinforced beam has high crack closing capacity when
comparing with other shaped NiTi wire reinforced beam.

AR

CR

Displacement
(mm)
AR-EH(AVE)
AR-HG(AVE)
AR-NH(AVE)
CR-EH(AVE)
CR-HG(AVE)
CR-NH

Cycle
No.1

Recovery ratio (%)
Cycle Cycle Cycle
No.2
No.3
No.4
4

6

8

10

39.10
44.85
30.13
94.65
76.26
65.67

31.70
20.09
10.91
97.73
75.20
55.06

20.69
13.60
5.65
95.60
68.33
62.07

17.56
9.30
8.20
93.21
65.64
53.89

13.74
8.38
6.95
89.29
68.00
46.04

13.62
23.88
26.06
87.62
70.46
66.05

19.02
20.57
13.81
89.53
67.80
64.49

20.37
15.43
7.80
88.16
67.07
71.40

Choi E, Mohammadzadeh B, Hwang JH and Lee JH.
Displacement recovery capacity of superelastic SMA
fibers reinforced cementitious materials, Smart
Structures and Systems, (2019) 24(2) :157-171.

Cycle
No.5

2

20.13
37.81
39.46
86.30
71.35
66.79
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Table 2. Displacement recovery ratio of beam
Beam No.

48.55
59.36
64.00
84.22
71.56
65.84

3. Conclusions
In this study, 4 different types of beam with two different
heating method has been introduced. Dog bone wire
introduced to prevent slipping that AR shows. A-CR wire
was preventing slipping of CR wire. Performance of AR
and CR was compared to see displacement recovery
capacity of wire with different shape. Two different
heating method, hot gun and electric heating, was used to
compare and choose practical heating way. With three
point bending test consisted with 5 cycle, displacement
recovery ratio has been calculated to see recovery
capacity as displacement increases.
Displacement recovery ratio of CR beam appeared to be
over 80 % when electronically heated and 75~80 % when
hot gun heated. Displacement recovery capacity has
induced by prestress from NiTi SMA wire embedded in
mortar beam after heating process. During hysterical three
point bending test, anchoring of crimped shape made
prestressing effect to be manifested in most effective way.
Difference of wire shape made magnificent difference
between two types of beam.
As the result of experiment shows, crimped NiTi wire
reinforced mortar beam shows outstanding performance
of crack healing in martensite state. Martensite state SMA
wires are easier to produce and cost of producing is much
lower than super-elastic wire. As super-elastic status wire
is hard to stay at room temperature, advanced producing
procedure is needed. Despite of its excellent performance,
high cost of austenite SMA made them hard to apply on
massive structure. This makes crimped NiTi SMA wire to
be more effective way to reinforce beam in real
construction area.

2.4. Flexural test of NiTi wire reinforced beam
For three-point bending test, the span of support has set as
260 mm, and load has been put on midpoint. At the
bottom of midpoint of the beam we have placed LVDT to
measure shift of displacement while loading and
unloading. Speed of loading has been set as 1mm/min and
same as unloading. Especially for hysterical test of NiTi
SMA beam, controlling UTM with both load and
displacement is available. However, when using load to
control the specimen, even though UTM machine shows
load of zero, with the unaided eye we could see the zig
was still pressing beam. Therefore, to control beam
displacement control during hysterical test has been done.
Test has set to made initial gap of 1mm between zig of
UTM and specimen, in order to make indisputable
unloading.

Wire
type

DB-EH(AVE)
DB-HG(AVE)
DB-NH(AVE)
ACR-EH(AVE)
ACR-HG(AVE)
ACR-NH

Choi E, Mohammadzadeh B, Hwang JH and Kim WJ.
Pullout behavior of superelastic SMA fibers with
various end-shapes embedded in cement mortar,
Construction and Building Materials, (2018)
167:605-616.
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Abstract
The mechanical behavior of shape memory alloy strands and their components has been studied in this research, using
three-dimensional structural formulations and by implicit solution method in Abacus software using a user-defined
material subroutine. Material parameters have been extracted using existing numerical simulations and experimental
results. Finite element analysis is firstly performed for elastic steel strand and then for two examples of superelastic shape
memory alloy strand with different constructions. Comparison of numerical and experimental results performed for these
two types of strands indicates the acceptable accuracy of the obtained results and ensures the accuracy of the simulation
method in the present work. Afterwards, the finite element analysis performed for two examples of superelastic shape
memory alloy strands is also performed for shape memory alloy strand actuator under the shape memory feature and the
mechanical behavior of the strand is investigated by normal stress, shear stress, strain and temperature diagrams for both
superelasticity and shape memory properties.
Keywords: NiTi SMA; Finite element analysis; SMA wire
1. Introduction
Nowadays, the use of power transmission tools is
increasing due to their various applications. Cables are
one of the most important means of power transmission.
The different geometric arrangement of strand wires
creates different mechanical properties, which include
flexibility, abrasion resistance and significant corrosion
resistance [1]. Maintaining the safety of cables despite the
breakage of one or more wires is an important feature of
these tools. Towing, maintenance of suspension bridges,
use in mooring of ships and oil platforms are also among
the most important applications of cables [1].
The finite element analysis of the shape memory alloy
strand is validated using the experimental results by Shaw
et al. [2]. Ensuring the accuracy of the analysis, the
mechanical behavior of the memory alloy strand and its
components with the 27 × 1 and 7 × 7 construction is
investigated under the shape memory feature and the
diagrams for normal stress-strain-temperature and shear
stress-strain-temperature are presented. Also, shape
memory alloy strand is optimized in order to achieve the
maximum specific energy.

Fig. 1 How to name the strands with different geometric orientation

3. 37×1 steel strand

In order to validate the present work, numerical results of
[3] are used in which a of 37× 1 steel strand sample is
analyzed using finite element. In strand simulation, the
interactions of the wires are defined in two directions,
tangential and perpendicular to the surface of the wire, in
the surface-to-surface situation, and a coefficient of
friction of 0.2 is assigned [3]. For the model meshing,
elements with dimensions of 0.6 × 0.16 mm and used in
linear state. The geometric parameter values of the 37×1
steel strand component and the material parameters values
are presented in Tables 1. L is the length of the wire, E is
the modulus of elasticity of steel, v is the Poisson's ratio
and  represents density.
Table. 1 Geometric parameter adopted for steel component

2. Strand definition
A set of wires that are wound together in different
diameters is called a strand. Each strand is twisted around
a core strand in different geometric arrangements to form
a strand. In core strand and surrounding strands, the wires
wound around their core wire have uniaxial and biaxial
torsion, respectively. The three characteristics of lay,
texture, and pitch determine the structure of the strand,
which define the direction of the wires, the placement of
the wires in the strand, and the distance of a complete turn
of wires (strands) around the core wire (strand),
respectively. According to Figure 1, the method of
naming the overall structure of the strands is determined
by multiplying the number of strands by the number of
wires that make up each strand [3].

 degree

Specimen

d (mm )

Core Wire

1.09

-

67.00

First layer's wire
Second layer's wire
Third layer's wire

1.00
1.00
1.00

10.77
10.77
10.77

68.19
68.19
68.19

L (mm )

Fig. 2 Resultant elongations of the steel strand
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4. Shape memory alloy strands

The model of a shape memory alloy strand with two
27 × 1 and 7 × 7 constructions, in which about 185300 and
84000 linear elements with dimensions of 0.05×0.03 and
0.2×0.06, are used. The results of the normal stress-strain
and shear stress -strain diagrams in the present work are
compared with the experimental data [2] for the 7 × 7
shape memory alloy strand in the Figure 3 diagrams.
Diagrams for the mechanical behavior of strand
components are presented in Figure 4 and show that the
obtained results have an acceptable agreement with the
experimental results. According to this figure, a small
amount of shear stress is applied to the core wire due to
the effects of the wires of other layers, which can be
ignored compared to the shear stress of other components.

Fig. 5 Force-strain-temperature diagram of the strand

Fig. 3 Comparison results strand in present work and experimental study

Figure 5 is related to the stress-strain-temperature
diagram of strand in which the further increase in
temperature is due to the observation of the material
behavior after strain recovery and as can be seen, no
change occurs in the model behavior. The rate of recovery
of inelastic strains in the shape memory state is very small
at first and then most of the strain recovery takes place in a
small temperature range.

Fig. 6 Shear stress-strain-temperature diagram of the components

5. conclusion

In the present research, a detailed study of the mechanical
behavior of shape memory alloy strands was performed
under two characteristics of superelasticity and shape
memory and with two 7 × 7 and 27 × 1 structures. The
obtained results are very accurate compared to the
experimental results. Considering the mechanical
interactions between the wires, the mechanical response
of the strand components is extracted separately. The
highest stress and strain are always applied to the central
wire (core), which shows its importance compared to
other wires in the strand. Also, in shape memory strands
with bi-axial torsion, following the core wire, the highest
stress in the external strand is applied to the wires having
bi-axial torsion.
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The shear stress generated in the central wire is due to the
effect of the outer layer wires. In the shear
stress-strain-temperature diagram of strand components
(Figure 6), a change in the lay direction of the wires leads
to a change in the shear stress sign. When the load is
completed and the stress of the strand components reaches
zero, the inelastic strains are recovered uniformly with
temperature.
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Abstract
Tunnels require large-scale control for emergency repairs when structural defects occur, resulting in increased social costs
and economic losses. Therefore, it is necessary to take preemptive measures through pre-monitoring, and it is essential to
develop technologies such as imaging, diagnosis, and measurement of damaged areas. In this study, a rotation imaging
system was developed to obtain clear crack pictures from a vehicle moving at a speed of 30 to 60 km/h and a similar field
experiment was performed. In this shooting system, the blurring phenomenon caused by the vehicle speed was solved by
using the principle of the distance from the tunnel wall and the angular velocity of the rotating camera. In addition, by
installing a vibration-free pallet, we tried to minimize the vibrations occurring in the vehicle. This technology can acquire
higher-quality images than video images using mirrorless cameras and reduce the internalization time for crack review
and presentation by automating crack detection using deep learning algorithms.
Keywords: Vehicle driving, Tunnel inspection, High-definition, Deep learning, Crack detection
the overall appearance of the experimental vehicle, with
the self-developed rotation imaging system, LED lighting
for adjusting the brightness of the target, and an
illuminance meter for measuring illuminance. By
installing it, the tunnel wall was photographed like a
stationary state.

1. Introduction
Currently, for tunnel safety inspection, a visual
inspection or video recording technique is used in which a
video camera is installed on a vehicle running at a speed
of 10-20 km/h and then photographed. However, it is
difficult to obtain a high-quality image by filming while
the vehicle is in motion, and it is difficult to analyze
cracks because the resolution of the image obtained from
the image is remarkably low.
In this study, a rotation imaging system was developed to
obtain a clear picture of cracks in a vehicle moving at a
speed of 30-60 km/h, and high-quality images were
acquired through an experiment in a similar environment.
In addition, we aim to reduce the internal work time by
automating crack review and display using deep learning
algorithms.
2. Similar Field Experiments
2.1. Rotational Shooting System Development
Figure 1 shows a device that installs a camera on a
rotating plate to take pictures of the tunnel wall while
driving, and sends a shooting signal through Arduino Uno
and proximity sensor (LJ12A3-4-Z/BX). It is designed so
that the camera can take a picture when looking directly at
the tunnel wall, and when the disk rotates and the
proximity sensor passes the signal device, a shooting
signal is given to the camera shutter to take a picture.

Figure 1. Shooting system details

2.2. Experiment Plan
In order to check the performance in similar environment
to the inside of a tunnel, the distance between the vehicle
and the target was maintained at 4 times, and the
illuminance of the test site was measured. Figure 2 shows

Figure 2. Full view of subject vehicle
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2.3. Experiment Method
Figure 3 is a crack diagram showing cracks of 0.1mm to
0.5mm certified by KTL (Korea Testing Laboratory). The
vehicle speed was driven at 30 km/h, and the rotating fan
was rotated at 19.4 rpm using a servo-motor to
synchronize the speed. The shutter speed of the installed
camera was set to 1/500 and 1/2000 to check the clarity of
the target area. To create an environment similar to a real
tunnel, the experiment was conducted after 10 pm while
maintaining the illuminance of the target area constant at
about 535 lux with a self-manufactured LED light under
the condition that the outdoor illuminance was 0 lux.

Figure 5. Speed 30km/h, shutter speed 1/2000
3.2. Crack Detection Using Deep Learning
Figure 6 shows the results of analysis of images taken
with a vehicle speed of 30 km/h and a shutter speed of
1/2000 of the camera using the self-developed deep
learning-based crack determination detection technology
algorithm. The crack detection rate was about 90%
compared to the original file. Figure 7 shows the process
of the deep learning network receiving training data and
learning. Deep learning network classifies validation data
as cracked or non-cracked while learning and measures
validation accuracy.

Figure 3. Crack diagram
3. Experiment Result
3.1. Crack Shooting Results while Driving
Figure 4 is a picture taken at a vehicle speed of 30km/h, a
rotational fan speed of 19.4rpm, and a camera shutter
speed of 1/500. Cracks of 0.2 mm or more are clearly
photographed, and cracks of 0.1 mm are partially
confirmed. Figure 5 shows the result of shooting with the
shutter speed of the camera at 1/2000 at the same speed.
0.1mm cracks are clearly visible compared to 1/500
shutter speed. However, it is judged that additional
consideration for vibration reduction is necessary because
the clarity of 0.1mm cracks is insufficient due to minute
vibrations caused by not perfectly controlling the vertical
vibrations occurring in the vehicle. In some parts of the
target area, cracks may not be recognized due to excessive
illuminance increase or insufficient illuminance, so
sufficient consideration for lighting is required.

Figure 6. Crack detection result

Figure 7. Deep learning training process
4. Conclusions
In this study, a rotation imaging system was developed to
obtain clear crack pictures from a moving vehicle and a
similar field experiment was performed. As a result of
photographing while driving at a vehicle speed of 30 km/h,
all crack lines of 0.2 mm or more came out clearly, and
crack lines of 0.1 mm were confirmed more clearly than
1/500 when the shutter speed was 1/2000. Therefore, it is
judged that the rotation speed of the rotating plate, the
distance to the target, the moving speed of the vehicle, and
the target shooting system of the camera are synchronized

Figure 4. Speed 30km/h, shutter speed 1/500
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well. However, it is judged that it is necessary to consider
an additional vibration reduction device in addition to the
vibration-free pallet in order to solve the problem that the
clarity of the 0.1mm crack line is deteriorated due to the
vibration of the vehicle that occurs separately from the
synchronization of the shooting system.
As a result of analyzing the captured images using a deep
learning algorithm for automating crack detection, about
90% of cracks were detected. In the case of some
undetected cracks, while the data used for deep learning
were natural cracks in concrete, in the experiment, it is
judged that an error occurred in the process of identifying
cracks artificially drawn on the target with the algorithm.
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Abstract
This study develops a simplified hysteretic model that can reproduce the stress-strain relationship of superelastic NiTi
shape memory alloys (SMAs). The developed model can explicitly simulate the mechanical training effect of SMAs,
which has been rarely implemented in civil engineering applications. This effect reduces the transformation stress and
increases the accumulation of residual strain. Because the model is developed in a simple multilinear manner, practitioners
who may not have a professional background in materials can easily adjust the developed model to appropriately
reproduce experimented stress-strain curves. The ability of the developed model is validated using the test results of
several NiTi SMA specimens. The amount of forward and reverse transformation stress degradation and the amount of
residual strain accumulation per cycle, which are observed in the experimental results, are captured with reasonable
accuracy in the developed model.
Keywords: NiTi shape memory alloys, superelasticity, mechanical training, hysteretic model, stress-strain relationship
1. Introduction
The superelastic stress–strain characteristics of NiTi shape
memory alloys (SMAs) under earthquakes have prompted
interest in their use in seismic design and retrofitting of
structures in the civil engineering field. However, most of
the numerical simulation models used in the civil
engineering field did not account for the reduction of
transformation stress and accumulation of residual strain
caused by the training effects resulting from cyclic loading
(Strnadel et al., 1995). The effect of cycling on the
properties of SMA devices is of great importance due to
the cyclic nature of earthquake ground motions. Therefore,
it is necessary to improve the simulation accuracy of
cyclic stress–strain response of existing NiTi SMA models
to design SMA-based seismic devices more effectively in
terms of seismic performance and costs.
Based on past experimental evidence of superelastic
SMAs, a refined simulation model is developed to predict
the effect of mechanical training on the stress–strain
response of NiTi SMAs. The model was calibrated to the
tested stress–strain response of NiTi SMA specimens. The
stress–strain response of the developed model is compared
with the tested response to illustrate good alignment.

modulus, 𝐸𝑀 = martensite modulus, 𝜀𝑇 = transformation
strain.

Figure 1. Idealized
superelastic SMA

stress–strain response of

Ideally, the superelastic SMA returns to a fully austenitic
state upon the removal of stress, and no residual strain
exists. However, in reality, after the first cycle of
unloading, the pure austenite is replaced by a mixture of
austenite and remaining martensite in the alloy (Jiang et
al., 2019). This is called mechanical training effect. From
a phenomenological point of view, mechanical training
has an influence on the stress–strain response for (1)
progressive decrement of the starting and finishing phase
transformation stress boundary (Eggeler et al., 2004); (2)
accumulation of permanent deformation (Fang et al.,
2019). An illustration of the initial and stabilized cyclic
stress–strain loop is shown in Figure 2. In the developed
model, six model parameters are required to define the
backbones ( 𝐸𝐴 , 𝐸𝑀 , 𝐸𝑇 , 𝜎𝐹𝑠 , 𝜎𝐹𝑓 , and 𝜀𝑇 ), and four

2. Hysteresis of the developed model
The superelastic behavior of SMAs is attributed to the
austenite-martensite
phase
transformation.
This
transformation is mechanically reversible and can be
induced by stress changes. Figure 1 shows a schematic
stress–strain response of a superelastic SMA material. In
this figure, 𝜎𝐹𝑠 = forward transformation start stress, 𝜎𝐹𝑓
= forward transformation finish stress, 𝜎𝑅𝑠 = reverse
transformation start stress, 𝜎𝑅𝑓 = reverse transformation
finish stress, 𝐸𝐴 = austenite modulus, 𝐸𝑇 = transformation
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SMAs was developed in this study. The developed model
can account for the mechanical training effect. The
amount of permanent strain accumulation and reduction
of transformation stress progressively increase as the
cycling goes on. A comparison with experimental data
reveals that the developed model can predict the stress–
strain response affected by mechanical training.

additional parameters (𝑐𝑠1, 𝑐𝑠2, 𝑐𝑟1 and 𝑐𝑟2) are required
for training effect.

Figure 2. Stress–strain response of developed
superelastic SMA model under training effect
3. Model verification
To further facilitate the use of the developed model in civil
engineering applications, the model is implemented in
OpenSees (McKenna, 2011) for simulating the earthquake
response of structural components and systems. The
stress–strain response of the developed model under
tensile-unloading cycling is presented in Figure . The
stress–strain response of the developed model degraded as
the cycle accumulated. The initial and final cyclic loops
are highlighted with blue and red lines, respectively. A
notable difference between the initial and final cyclic loop
can be observed. The amount of degradation was greatest
between the initial and the subsequent cyclic loop. The
permanent strain also gradually increased as the cycling
continues.

Figure 4 Co mparison of simulated and tested
stress–strain response
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Figure 3. Si mulated stress–strain response of the
model under tension-unloading cycling
The developed model is validated for an SMA specimen
tested by McCormick et al. (2007) subjected to a far-field
type earthquake loading history, as shown in Figure 4. The
transformation stress values are consistent with those
found during the experiment.
4. Summary and Conclusion
A computationally efficient hysteretic model for
simulating the stress–strain response of superelastic NiTi
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Abstract
Long-span steel cable-supported bridges are relatively light and prone to vibration under the wind or passing vehicles.
Especially when the typhoon passes over or near the bridge, long span steel cable-supported bridges may have excessive
vibration and cause serviceability problems to passengers and pedestrians. Sometimes bridges are closed for traffic. In
this study, vibration serviceability is analyzed for a cable-stayed bridge during the recent typhoons passing Korean
peninsula. Measurement data for displacement and acceleration are collected from the bridge monitoring system.
Assessment criteria used in this study are Reiher-Meister curve using displacement amplitude and ISO 2631-1 using
weighted rms(root-mean-square) acceleration. Natural frequencies and damping ratios are also analyzed for the
comparison. Results of this study are expected to be the basis for planning, design and operation of long-span steel cablesupported bridges.
Keywords: Vibration, Serviceability, Cable bridges, Long-span, Monitoring, Typhoon
1. Introduction

six levels of comfort, as shown in Table 1.

Cable-supported bridges shows relatively large
deformation and vibration due to their structural
characteristics and therefore, need appropriate vibration
serviceability standards and assessment criteria in terms
of design and operation. Vehicles and wind are main
causes for vibration. Especially, excessive vibration can
occur on long-span cable-supported bridges when there is
high wind or typhoons pass near the bridge.
The purpose of this study is to evaluate the vibration
serviceability of a steel cable-stayed bridge during recent
typhoons passing.
Two criteria are used in this study for the evaluation of
vibration serviceability: Reiher-Meister criterion(1931)
and ISO2631-1 standard(1997). In Reiher-Meister curve,
the vibration serviceability is evaluated by the maximum
displacement amplitude based on the first vertical natural
frequency of the structure, as shown in Figure 1. The
serviceability level is divided into six categories, A(very
disturbing) to F(not perceptible).The frequency range is
extended to 0.1 Hz to be applied to structures having low
natural frequency or long period, such as long span cable
supported bridges. It should be noted that these criteria are
based on the displacement amplitude, not the bridge
deflection. ISO2631-1(1997) standard specify the general
requirements for the evaluation of human exposure to the
whole body vibration. Its criteria are based on the
weighted rms(root-mean-square) acceleration, as shown
in Eq.(1). The weighting factor, 𝑊𝑘 is based on the first
natural frequency of the vertical mode.
1

𝑇

𝑎𝑤 = [ ∫0 (𝑊𝑘 𝑎(𝑡))2 𝑑𝑡]
𝑇

1⁄
2

Figure 1. Reiher-Meister(1931) curve
Table 1. Comfort level in ISO 2631-1
Value of weighted RMS
Comfort level
acceleration
not uncomfortable
~ 0.315 m/s2
a little uncomfortable
0.315 m/s2 ~ 0.63 m/s2
fairy uncomfortable
0.5 m/s2 ~ 1 m/s2
uncomfortable
0.8 m/s2 ~ 1.6 m/s2
very uncomfortable
1.25 m/s2 ~ 2.5 m/s2
extremely uncomfortable
2.0 m/s2 ~
2. Example bridge, monitoring system and typhoons
In this study, a cable-stayed bridge that located in
southwest coast of Korean peninsula is selected for the
analysis. It has total length of 484 m, width of 12.5 m and
two-lane (Figure 2). The main span length is 344 m and
measured first vertical natural frequency is 0.434 Hz.
The example bridge has monitoring system that measure
displacement of girder and pylons, acceleration of girder
and cables, temperature, wind speed, and etc., as shown in

(1)

Even though this standard does not specify any
serviceability limit or criteria, the appendix recommends
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Figure 3. To evaluate vibration serviceability in this study,
vertical
displacement
(using
GNSS
system),
acceleration(two vertical sensors and one horizontal
sensor) and wind speed that measured at 1/2 point of main
span were used.
During the year of 2019, five typhoons had affected the
bridge. Table 2 shows the five typhoons, effective periods,
and maximum wind speed (10 min average) measured on
the stiffening girder at the midspan of the main span.

amplitude of the bridge must be calculated from the GNSS
measuring system. Inherently, the GNSS raw data
measured on the bridge contains signal noise, and it can
be removed using Low-Pass-Filter (LPF). Figure 4 shows
the GNSS data before and after LPF. After filtering, the
displacement amplitude is calculated from the inflection
points also shown in Figure 4. The fast Fourier transform
of the GNSS data shows that the first natural frequency of
the vertical mode of bridge is 0.434 Hz, as shown in
Figure 5. Therefore, the cutoff frequency of the LPF was
set to 2.0 Hz.
To apply the ISO 2631-2 standard, the weighted RMS
accelerations are calculated from the vertical acceleration
measured at the midspan of the center span. RMS value
was calculated based on 10 minutes period. According to
ISO 2631-1, 𝑊𝑘 or 𝑊𝑓 factor can be applied. 𝑊𝑘 factor is
used for the comfort evaluation and 𝑊𝑓 factor can be used
for the evaluation of motion sickness. These factors vary
based on the first natural frequency of the bridge, as
shown in Figure 6. These factors show different
tendencies.

(a) Longitudinal section

(b) Cross section
Figure 2. Example bridge

Figure 4. GNSS data before and after LPF

Figure 3. Monitoring system of bridge
Table 2. Typhoons
Name
DANAS
FRANCISCO
LINGLING
TAPAH
MITAG

in 2019 affecting the bridge
Period
𝑉𝑚𝑎𝑥 (m/s)
07.19 ~ 07.22
16.43
08.05 ~ 08.08
7.39
09.05 ~ 09.08
27.48
09.21 ~ 09.24
11.62
10.01 ~ 10.04
14.24
Figure 5.FFT of GNSS data before and after LPF

3. Processing measured data for evaluation of
vibration serviceability
To use the Reiher-Meister curve, the displacement
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natural frequency of the example bridge, 0.434 Hz, , 𝑊𝑘
factor is calculated as 0.379 and 𝑊𝑓 factor is 0.330. Then
limiting value may be 83.1 gal or 95.5 gal based on the
limiting value of 31.5 gal. Therefore, the bridge is in “not
uncomfortable” level and measured RMS acceleration is
about 30% of the limiting value.

Figure 6 𝑊𝑘 and 𝑊𝑓 factor in ISO 2631-1
4. Evaluation of vibration serviceability
Figure 7 shows a graph of the maximum displacement
amplitude of a bridge over time during a typhoon
LINGLING (2019.09.05 ~ 2019.09.08). The maximum
displacement amplitude (mm) is a maximum value of 10minute period. This figure also shows the 10-min average
wind speed (m/s) measured at the midspan of the main
span. The figure shows that displacement amplitude and
wind speed are well correlated. Before the typhoon
LINGLING comes, the maximum displacement
amplitude was about 33 mm and it may be due to the
normal traffic. When the typhoon comes, it increases to
about 77 mm. During the peak time of typhoon, it is
expected that there is no traffic on the bridge. Therefore,
this value may be solely due to the wind. In the ReiherMeister curve, the limiting values for the B and A levels
correspond to the natural frequency of this bridge are 20.1
mm and 159.3 mm, respectively. It indicates that during
typhoon LINGLING and some times in normal traffic, the
bridge serviceability is at Level B.
Figure 8 shows the maximum (instantaneous) acceleration
for 10 minutes during typhoon LINGLING calculated
from the measurement data of the example bridge. It
shows that maximum acceleration of the bridge and wind
speed are well correlated. The maximum acceleration of
the vertical direction was about 99.7 gal(cm/s2). In the
design guideline for steel cable bridge(KSCE 2014), the
maximum acceleration is limited to 50 gal during the wind
action and maximum value during typhoon LINGLING is
well above the limit.
Figure 9 shows the 10-minute RMS acceleration (without
the weighting factor) with the 10 min average wind speed.
The accelerations from two vertical and one horizontal
sensors are included. It shows that RMS acceleration of
the bridge and wind speed are also well correlated. The
maximum RMS acceleration was about 25.5 gal. Since
ISO2631-1 uses weighted RMS acceleration, the
weighing factor must be applied to RMS acceleration. In
this study, instead of apply the weighting factor to the
acceleration value as shown in Eq.(1), the weighting
factor is applied to the limiting value. From appendix of
the standard, 31.5 gal is recommended as the comfort level,
as shown in the first row in Table 1. It is not clearly shown
in the standard that which weighting factor should be used
for the serviceability evaluation of the bridge. For the

Figure 7. Maximum displacement amplitude vs wind
speed during typhoon LINGLING

Figure 8. Maximum acceleration vs wind speed during
typhoon LINGLING

Figure 9. RMS acceleration vs wind speed during
typhoon LINGLING
Figure 10 and Table 3 shows the results of all typhoon
(Table 2) passing using Reiher-Meister criteria. The
values on graph are the maximum displacement amplitude
of each typhoon. When typhoon MITAG came, the

70

example bridge was in the level A (very disturbing) and
the others are in the level B (disturbing).
Table 4 shows the evaluation results for all typhoons by
ISO 2631-1. The vertical rms accelerations for all
typhoons are less than limiting value. The greatest value
is 70.1 gal from typhoon MITAG, which is about 83% of
the rms acceleration limit.

Table 4. Maximum rms acceleration of typhoons
Vertical rms
Name
Ratio (%)
acceleration (gal)
ISO2631-1 limit
83.1
100
DANAS
14.1
16.7
FRANCISCO
5.3
6.3
LINGLING
25.5
30.2
TAPAH
8.0
9.5
MITAG
70.1
83.0

5. Conclusions
In this study, vibration serviceability of a steel cablestayed bridge was performed base on the measured
displacement from GNSS system and acceleration.
Reiher-Meister curve and ISO 2631-1 standard are used
for the evaluation. The following conclusions can be made:
(1) Reiher-Meister curve based on displacement
amplitude and ISO 2631-1 standard based on
weighted RMS acceleration can be effectively
used for the evaluation of the vibration
serviceability of steel cable bridge.
(2) The displacement amplitude can be effectively
extracted from GNSS system with Low-PassFiltering.
(3) The limiting value of 50 gal in the current design
guideline for steel cable bridge may not be
suitable for the serviceability evaluation.
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Further study should be performed for the comprehensive
evaluation of vibration serviceability for the cable bridges,
such as more example bridges, precise signal conditioning,
clear human comfort standard, and so on.

Figure 10. Typhoons on Reiher-Meister curve
Table 3. Results of Reiher-Meister criterion
Max
Name
displacement
Area
amplitude (mm)
DANAS
45.5
B
FRANCISCO
46.6
B
LINGLING
76.9
B
TAPAH
43.4
B
MITAG
166.2
A
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Abstract
This study proposed an enhanced guardrail shape for the reduction of drag force, which could provide significant
advantages in the planning of long-span cable-supported bridges. Various cross-sectional modifications of conventional
steel guardrails were developed. The aerodynamic performance was evaluated using two-dimensional Computational
Fluid Dynamics (CFDs) with the RANS turbulence model. The section-model wind tunnel tests also verified the CFD
results. The modification of the cross-section of the rail members mainly focused on the backside, which was exposed to
the upcoming winds. This study examined triangular or circular attachments to the backside of rail members. Firstly, the
single rail member was tested by CFD, and the overall reduction reached more than 60% in terms of drag force by
introducing a circular attachment. Wind tunnel tests also tested three layers of rail members in vertical, and the overall
reduction of drag force was confirmed to be 49%. Finally, the modified guardrails were tested for the actual suspension
bridge with the main span length of 1,545 m. The wind tunnel test was prepared with the bridge deck section model with
a reduced scale of 1/30. The drag coefficient of the deck section with the modified guardrail was decreased by 10% from
the drag coefficient of the deck section with the original railings. This study expects a 5~10% reduction in drag coefficients
of the overall bridge deck via the proposed aerodynamic enhancement of guardrails made from the POSMAC steel.
Keywords: Bridge guardrail, Long-span bridge, Drag coefficient, Wind tunnel test, Computational Fluid Dynamics
balance method with a 3-axis load cell was used to
evaluate the aerodynamic force on the bridge crosssection. The static air force coefficient was calculated as
in Eq.(1) from the drag force (FD), lift force (FL ), and
pitching moment (FM) per unit length of the object. B is
the width of the object, ρ is the air density, and U is the
average wind speed.

1. Introduction
As the long-span bridge becomes longer and more
susceptible to winds, the cross-sectional shapes of decks
have been changed to be more streamlined, which resulted
in a reduction of drag force of the deck. During this
process, the aerodynamic optimization primarily targeted
only the deck shape. As the drag force of the deck reduces
more, the contribution of drag force by the bridge
guardrails increases up to 30~40%. This fact motivates
research on the potential aerodynamic enhancement of
bridge guardrails to reduce the drag force by shaping the
rail elements. This study proposes an enhanced rail shape
that can reduce the drag force of the bridge deck while
maintaining the original purpose of the guardrail. The
aerodynamic effect of the proposed guardrail was verified
by applying it to the actual suspension bridge model.
Considering that the drag reduction effect will vary
depending on the bridge deck shape, a framework was
developed to examine the reduction of bridge drag force
when an enhanced guardrail is applied.

𝐶𝐷 = 1

𝐹𝑥

𝜌𝑈2 𝐵

2
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𝐹𝑦

𝜌𝑈2 𝐵

2

𝐶𝑀 = 1

𝑀𝑧

𝜌𝑈2 𝐵 2

(1)

2

2.2. Numerical methods
An open-source CFD software, OpenFOAM was used to
calculate drag force numerically and select the optimal
section of the guardrail. For stability and efficiency of the
analysis, a total of 300 × 200 = 60,000 alignment grids
were created to automatically adjust the analysis time
interval so that the current number is 0.75 or less (Eq.(2)).
The grid on the wall of the target structure was divided
into two times finer than that of the surrounding grid so
that the average value of the Reynolds stress y* associated
with the height of the first grid point on the wall was kept
below 200 (Eq.(3)). SST k-ω turbulence model was used
for a numerical model of turbulence around the wall,
which has excellent performance and is widely applied in
the field of bridge engineering. To verify the validity of
the numerical analysis, the independence of the analysis
results according to the grid numbers and boundary
conditions was confirmed, and the error level was

2. Wind tunnel test and numerical methods
2.1. Wind tunnel test measurements
Aerodynamic sectional model tests were performed in an
open-circuit wind tunnel at Seoul National. The force
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evaluated by comparing it with the wind tunnel test results.
𝑢∙Δ𝑡
C≡
(2)

evaluated as 45.7% and 49.6% respectively. As shown in
Fig. 3, when the attack angle was bigger, the triangular
attachment applied guardrail showed a better reduction in
drag coefficient than circular attachments. When the
actual guardrail is on the deck, it will be more likely to
receive wind from a large angle of attack.

Δx

∗

𝑦 =

𝜌𝑢𝜏 𝑦𝑝
𝜇

𝜏𝜔

, 𝑢𝜏 = √

(3)

𝜌

3. Assessments of drag reductions for enhanced
guardrails

2
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Drag Coefficient (CD)
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(a) Windward side guardrail

(c) Circular attachment

2

As a result of the numerical analysis, case 8 (circular
attachment with a diameter of 150 mm) had the most
effective drag reduction rate of 62.3%.

2
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Drag coefficient (CD)

(b) Triangular attachment

Original case
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Figure 1. Analysis cases for single rail member
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(a) Original guardrail
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Case 2

Case 1

1.6

Drag coefficient (CD)

3.1. Drag reduction for single rail member by CFD
analysis
To select a cross-section that can minimize the drag force,
various attachment types for a single member section of a
guardrail were proposed as Fig.1. The cases were set by
changing the end angle of the triangular attachment and
the diameter of the circular attachment.

Original case
Triangular attachmemt

Original case
Circular attachment
Triangular attachment

1.6
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-15
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(b) Leeward side guardrail

Circular attachmemt

1.5

Figure 3. Experiment result for three layers of a rail

1

member

0.5

3.3. Wind tunnel test for bridge deck section with
enhanced guardrails
Finally, aerodynamic coefficients were evaluated by
applying the improved guardrail to the prototype section
of a suspension bridge with a main span of 1534 m. As
shown in Fig. 6, the drag coefficient reduction rate at 0
degrees of attack angle was evaluated as 6.4% for circular
attachment and 11.1% for triangular attachment. The
improvement of the shape of the guardrail had no
significant effect on the slope of the lift coefficient and
moment coefficient, which are important variables for the
buffering analysis.

0
1

2

3

4

5

6

7

8

Case number

Figure 2. Analysis result for single rail member
3.2. Wind tunnel test for three layers of the rail member
Since the optimized shape was found for a single rail
member, a wind tunnel test was performed with three
layers of rail members in vertical. When the guardrails are
adjacent to each other, each changes the surrounding flow
field which can cause inconsistency result between single
and three layers of rails. In addition, depending on the
position of the guardrail (windward or leeward), the crosssectional shape that receives the wind changes. A wind
tunnel test was performed with cases 4 and 8, which had
the best reduction effect each for a triangular and circular
shape. As a result of the experiment for windward position
and 0 degrees of wind attack angle, the drag coefficient
reduction rate of triangular and circular attachment was

FL

Wind

h

α

FD

FM

Figure 4. Cross-section of prototype bridge
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4.1. Bridge deck drag coefficient for completed stage and
temporary stage.
In the wind resistance design stage of the long-span bridge,
aerodynamic coefficient data for the construction stage
and the temporary stage are extracted through wind tunnel
tests. By this data, the drag force shared by the guard rail
among the total drag received by the deck can be
calculated.

(a)

(b)

4.2 Estimation of drag proportion ratio of
upwind/downwind guardrail – CFD analysis.
Since the windward side and the leeward side guardrail
receives wind with different shapes, the drag reduction
rate is also evaluated differently when the improved
guardrail is applied. Therefore, to properly apply the
respective reduction rates, the share ratio of the
upwind/downwind guardrails is calculated. CFD analysis
is used because it is not possible to adequately evaluate
this share through the wind tunnel test. The drag force can
be calculated by integrating the pressure around each
guard rail to the area.

Figure 5. Experiment cases for enhanced guardrail
applied to the prototype bridge section

Drag coefficient (CD)
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4.3 Result of drag coefficient for three layers of guardrail
member – Wind tunnel test.
In Section 3.2, the drag coefficient of only the three-layer
rail member was extracted through a wind tunnel test.
Using this result, it is possible to apply the appropriate
reduction rate even if the wind angle received by the guard
rail varies depending on the shape of the deck.

5

Angle of attack (°)

Figure 6. Experiment result for the prototype bridge
section

4.4 Assessment of wind angle for the guard rail on the
deck – CFD analysis
The drag reduction rate varies greatly depending on the
wind angle acting on the guardrail. Therefore, it is
necessary to estimate the wind angle at which the
guardrail receives when the deck is present. As shown in
Fig. 8, the wind angle can be calculated using the global
x-direction and y-direction wind speed for all meshes that
exist on a straight line in front of the guardrail. The wind
angle acting on the guardrail is calculated by averaging
the wind angle above the deck as shown in Fig. 9. The
wind angle can be calculated for each upwind/downwind
guardrail by the following process.

4. Framework for estimating drag reduction of a
bridge deck
To evaluate the deck’s drag force reduction due to the
application of the improved guardrail through a wind
tunnel test, a large-scale model wind tunnel test is
unavoidable for the detailed implementation of the
guardrail. To overcome this difficulty, a framework for
predicting the deck drag reduction level of the improved
guardrail was constructed. This framework includes CFD
analysis and usage of previously acquired data which does
not need to conduct a large-scale wind tunnel test.
Previously acquired data

CFD result for
target bridge deck

Bridge drag coefficient for
completed stage and temporary stage

Drag proportion of
upwind/downwind guardrail

Drag coefficient for three
layers of guardrail

Wind angle of guardrails on
bridge deck

Bridge deck’s overall drag reduction

Figure 7. Framework for predicting bridge deck’s drag

Figure 8. Wind profile for calculating rail attack angle

force reduction
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Location above deck (m)

1.4

Vaona, P. (2013), “On the evaluation of bridge deck flutter
derivatives using RANS turbulence models.” Journal of
Wind Engineering and Industrial Aerodynamics, 119, 3947.
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Figure 9. Guardrail wind attack angle
4.5 Bridge deck’s overall drag reduction prediction
Finally, by synthesizing the above process, the drag
reduction level can be predicted when the improved
guardrail is applied to any bridge cross-section. Table 1
compares the actual wind tunnel test results with the
predicted results. The prototype bridge introduced in
section 2.3 is used for verification of the prediction
framework. As a result of the comparison, it can be seen
that the predicted results do not deviate significantly from
the experimental results.
Table 1. Load conditions for example 1
Drag reduction (%)
Circular
Triangular
attachment attachment
Wind tunnel test result
8.5
11.0
Prediction result
6.4
10.8
5. Conclusions
In this study, a method to reduce the drag coefficient of
the long-span bridge was suggested by proposing the
shape of the improved guard rail. It was finally confirmed
that the drag coefficient of the bridge could be reduced by
more than 10%. In the design of a long-span bridge, the
reduction of the drag coefficient can be beneficial to the
cross-sectional design and can also contribute to reducing
the bending moment received by the pylon. A framework
to predict drag force reduction rate is also developed to
examine the enhanced guardrail without performing largescale wind tunnel tests.
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Abstract
As a part of the studies of highway bridge construction systems, a girder system with a novel connection was proposed. A
prototype design was developed by deploying a new innovated connection between prefab bridge elements (PBEs)
through an injection channel. The numerical analysis on the plastic moment capacity of prefabricated steel girders with
injection channel connections was conducted. In the present study, various experimental studies of the girder systems with
the connection will be reviewed and the experimental study of plastic moment capacity of steel girder systems with
injection channel connections will be established in order to verify the numerical analysis.
Keywords: Connections, Experimental test, Plastic Moment
1. Introduction
In this paper, the conceptual design of the prefabricated
steel girder bridge was conducted based on domestic
design standards. The components of the prefabricated
steel girder bridge are factory-made members such as
steel girders, crossbeams, and precast decks, and
girder-horizontal connections, girder-floor connections,
and floor-to-floor connections created by on-site factories
can be divided into. To apply each of these components,
PBE (prefabricated member manufactured at the factory),
OAM (prefab member (PBE) on-site assembly details,
building kit (prefab member and accessory gyro
configuration and assembly process details). There are
currently no guidelines and performance evaluation
criteria for the hypothesis stage of PBE and OAM design.
The PBE and OAM of the prefabricated steel girder
bridge differ depending on the construction method of the
bridge, and the deck-integrated bridge, the full-thickness
deck bridge, and the half-thickness deck bridge use PBE
and OAM as shown in Figure 1.
This analytical review was conducted to review and
establish the criterion for evaluating the flexural
performance of the cross-section of a bridge girder having
a through-type triple composite structure. A numerical
analysis performance verification model was established
in consideration of the properties of the bent steel flange
and concrete hybrid material to compose the injection
channel, and a nonlinear analysis was performed to reflect
the characteristics of plastic behavior. Then, a prototype
of a steel composite girder bridge corresponding to the
verification model is manufactured, and the results of the
nonlinear analysis are compared with the results of a
live-action experiment. Considering the state of complete
synthesis between PBEs with different materials used, the
method of calculating the plastic moment was first
reviewed and compared with the construction standard

code (KDS) design standard.

(a)

(b)

(c)
Figure 1. Types of deck steel composite bridges:
(a) All-in-one, (b) Full thickness, (c) Half thickness
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2. Design of prefabricated steel girder bridge
Plan and longitudinal sectional views of the prefabricated
steel girder bridge were designed. As can be seen in
Figure 2, a 4-prefab steel girder bridge was designed with
a 40m span and a bridge width of 2.3m as a secondary
section. The bridge width was designed according to the
standard drawings of Korea Expressway Corporation. The
section is 240mm thick, 3,150mm spacing between
girders, 230mm in height of filling part, 500 x 22mm in
width of upper flange, 110 x 22mm in length, 1650 x
14mm in the abdomen, 500 x 22,30,30 mm in the lower
flange, in three types. The materials of the floor slab were
30MPa concrete, filling material was 75MPa grout,
housing material was HSB380 (Fy=380 MPa), subsidiary
material was SM275 (Fy = 275MPa). Each section is a
section to which each length is applied, as shown in
Figure 3, 4. The results of the plastic neutral axis and
plastic moment of the composite sections of each section
are shown in Table 1. To verify the flexural performance
of the prefabricated steel girder bridge, the flexural
moment of the test specimen to be manufactured will be
designed so as not to exceed the minimum plastic moment
18824.8 kN∙m.

Figure 4. Section shapes of the prefabricated steel girders
bridge
Table 1. Section modulus and plastic moment calculation
Thickness Plastic neutral
Plastic
Section
of lower
Moment (Mp)
axis ( )
flange
SEC1

22 mm

194.77 mm

18824.8 kN∙m

SEC2

30 mm

202.54 mm

20219.7 kN∙m

SEC3

32 mm

214.2 mm

22306.6 kN∙m

3. Experimental program
An experimental test will be conducted to compare the
results of the numerical analysis of the prefabricated steel
girder bridge. Experimental verification is required to
induce efficient assembly and synthesis between
prefabricated bridge elements (PBEs), and to review
standards and appropriate application ranges for plastic
moment strength and structural ductility. In this study, we
plan to design the cross-section and specifications of a
general prototype and manufacture a test specimen to
demonstrate this. Figure 5 shows the setup of the test
specimen to be used in the experiment. Based on the value
of the cross-sectional plastic moment obtained through
the numerical analysis result, the test specimen will be
reduced so that the bending moment does not exceed the
plastic moment value. The load is assumed to be 3500 kN
and the maximum bending moment is assumed to be
14,000 kN∙m.
The fabricated specimens are expected to perform
durability verification as well as flexural performance. As
for the durability verification experiment, it is judged that
the experimental method performed by FHWA report
(Graybeal, B. 2014) provides the most effective results, so
it is applied mutatis mutandis to the performance
verification. In this experimental study, samples from two
life-size tests were designed to be referenced in the
slab-on-stringer process commonly used in the
construction of highway bridges in the United States.

Figure 2. Plan sectional view of the prefabricated steel
girders bridge

Figure 3. Cross-sectional view of the prefabricated steel
girders bridge
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4. Conclusion
40m span girder bridge was designed to examine the
plastic moment of the prefab steel composite girder bridge.
The girder bridge is divided into three types of
cross-sections, and the plastic neutral axis and plastic
moment values were different according to each
cross-section. Test specimens will be prepared for
experimental verification of the designed girder bridge.
The test specimen will be manufactured conservatively so
that the bending moment does not exceed the sectional
plastic moment. In addition, the flexural performance and
durability of the bridge will be evaluated through
load-loading and durability tests. Details of the
experimental results will be presented.

Figure 5. Test setup for plastic moment capacity of test
specimens
The experimental method is expected to proceed as
follows. In the first step, cyclic loads were subtracted
from the test specimens to simulate the types of working
loads commonly applied. The test setup drawing in Fig. 1
indicates where the load is loaded. The test specimens
were supported in a range of 12 by roller supports, and the
vertical load was applied symmetrically to 4 m in each roll
furnace, and the load was applied by a hydraulically
controlled actuator operating in load control.
In the second stage, as shown in Figure 6, a total of four
stages of the load program will be loaded. In the first three
stages, a structural load of more than 2 million cycles is
applied each, and an additional load of more than 5
million cycles is applied in the final stage. During this
cycle test, the vertical shear force and displacement can be
measured and the durability of the prefab steel composite
girder bridge to the cyclic load can be evaluated.
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Figure 6. (a) Overall test setup for cyclic test program
and (b) The result of Cyclic test program (Graybeal, B.
2014)
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Abstract
Since orthotropic steel deck is lighter than concrete slab, it has been used for long span bridge and bridge in urban areas.
Wheel loads induces the local stress reputation at weld joints between deck plate and vertical stiffener, and large number
of fatigue cracks have been generated in their weld joints. In order to reduce the stress concentration, construction of
semicircular notch at the top of the vertical stiffener has been suggested. In this study, construction of slit-shaped notch
is suggested as enhancement of the stress reduction and retaining crack propagation.
The stress reduction at the weld joint by slit-shaped notch was investigated from finite element (FE) analysis. In addition,
the crack with various size was introduced to the weld joint, and reduction in stress intensity factor (SIF) by slit-shaped
notch was examined. To confirm the fatigue propagation life extension due to slit-shaped notch, fatigue tests were
performed for small-scaled specimens. Fatigue life extension can be seen in most specimen while another crack was
developed from the notch in a specimen.
Keywords: Orthotropic steel deck, Fatigue crack, Slit-shaped notch
extension by slit-shaped notch, fatigue test were
performed. In this fatigue test, specimens with pre-cracks
in weld joint to investigate fatigue life extension for
orthotropic steel deck with fatigue crack propagation.

1. Introduction
In orthotropic steel deck, transverse ribs, main girders,
vertical stiffeners and longitudinal ribs are welded to deck
plate. Since cyclic wheel loads induces the local stress
reputation at weld joints, large number of fatigue cracks
have been generated in their weld joints. Fatigue cracks in
weld joint between deck plate and vertical stiffener can
induces road depression and flatness depletion.
To extend the crack initiation life in the weld joint,
hammer peening and smoothing weld toe had been
suggested. Construction of semi-circular notch at the top
of the vertical stiffeners is also one of the countermeasure
for fatigue crack in weld joint between deck plate and
vertical stiffeners. This countermeasure was proposed by
Grundy, 1994 and the reduction of the stress concentration
has been studied by Takada, 2009 and Kakichi, 2010.
However, fatigue cracks have been found even after semicircular notch construction. This is because the effect of
stress reduction of the semicircular hole is sensitive to the
construction position. It is necessary to install the notch
close to the deck plate to achieve sufficient improvement
(Yamada, 2007). When the construction space is narrow,
the boring machine cannot approach close to deck plate.
In this study, construction of slit-shaped notch is
suggested as enhancement of the stress reduction and
crack propagation extension. The stress reduction at the
weld joint by slit-shaped notch was investigated by FE
analysis. In addition, the crack with various size was
introduced to the weld joint and SIF reduction by slitshaped notch was investigated. To confirm fatigue life

2. Finite element analysis
FE analysis was performed to investigate stress and SIF
reduction by semi-circular notch and slit-shaped notch.
2.1. FE model
Linear elastic analysis was performed by finite element
analysis software, Abaqus ver. 6.14. Full-scale FE model
is shown in Figure 1. Full-scale FE model was fabricated
with deck plate, transverse ribs, main girders, vertical
stiffeners, and longitudinal rib. Their dimensions were
referred from actual bridge in which fatigue cracks
propagates even after semi-circular notch construction.
Additionally, construction space between vertical stiffener
and U-shaped rib was narrow, therefore Semi-circular
notch cannot be constructed at the top of vertical stiffener
close to deck plate because of restriction of boring
machine. Asphalt pavement was also considered. The 1/2
model was used because of the symmetry in the
longitudinal direction, and the boundary conditions were
that the displacement of lower splice plates were zero in
all direction. The elements around weld joint between
deck plate and vertical stiffener were divided into 1mm
cube. The Young’s modulus of the steel was
200000N/mm2, and the Poisson’s ratio was 0.3. The
Young’s modulus of the asphalt pavement was
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15000N/mm2, and the Poisson’s ratio was 0.35. To
investigate the maximum stress range induced by the load,
various loading position were applied to the model as
shown in Figure 2. Semi-circular notch and two types of
slit-shaped notches were simulated as shown in Figure 3.
The diameter of semi-circular notch was 100 mm. The
length of slit-shaped notch A was 100mm. The length of
slit-shaped notch B was 125mm. The height of slit-shaped
notch was 25mm. The distance between deck plate and top
of the notches was 20mm, which comes from the
limitation of boring machine.
In this analysis, sub-modeling technique was used to
obtain the stress and SIF. Small-scale FE model used in
sub-modeling technic is shown in Figure 4. Small-scale
FE model was small part of full–scale FE model,
fabricated by deck plate, vertical stiffener, main girder,
transverse rib, and asphalt pavement. Displacement at the
same coordinates of full-scale FE model was introduced
to the outer surfaces of small-scale FE model.
2.2. Stress rages
The stress range generated by the load was examined at
several points. Interest points are turn-around weld joint
between deck plate and vertical stiffener, turn-around
weld joint of scallop and the arc of notches, as shown in
Figure 5. Stress range in transverse direction was
outputted at point① and point②. Absolute value of
maximum principal stress range along with arc surface
was outputted at point③.
Influence line of stress range at turn-around weld joint
between deck plate and vertical stiffener is shown in
Figure 6(a). Higher stress reduction can be seen in slitshaped notch than semi-circular notch. Significant stress
reduction can be seen in slit-shaped notch B, which is
longer slit-shaped notch. Stress reduction by slit shaped
notches can be seen regardless of loading position.
Influence line of stress range at turn-around weld joint of
scallop is shown in Figure 6(b). Stress range with notches
were higher than that of as-welded condition. Highest
stress range can be seen in the case of slit-shaped notch B
while significant stress reduction can be seen at weld joint
between deck plate and vertical stiffener.
Influence line of stress range at the arc of notches is shown
in Figure 6(c). The magnitude of stress range with slitshaped notch is larger than semi-circular notches. Stress
range at the arc of slit-shaped notches were almost same
value regardless of notch lengths. Fatigue crack have been
observed at semi-circular notch in fatigue test by Tanabe,
2021. Fatigue crack can generate at slit-shaped notch due
to large stress generation.

notch B. Additionally, higher SIF reduction can be seen
with smaller crack size.

Deck plate
&Asphalt pavement
U-shaped rib

Vertical stiffener

Main girder

Unit:mm

Figure 1 Full-scale FE model

Figure 2 Loading position

(a) As-welded

(b) Semi-circular notch

(c) Slit-shaped notch A (d) Slit-shaped notch B

Figure 3 Case of analysis
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2.3. Stress Intensity Factor range
The crack with various size shown in Figure 7 was
introduced to the weld joint between deck plate and weld
joint. SIFs of mode-1 at the crack tip in depth direction is
shown in Figure 8. Loading porition was x=100mm in
Figure 2 which maximum stress range obserbed in chapter
2. Higher SIF reduction can be seen in slit-shaped notch
than semi-circular notch. SIF can be reduced by the
construction of notch especially in the case of slit-shaped

Wheel load

300

Deck plate&
Asphalt pavement
U-shaped
rib

392

Vertical
Introducing
Stiffener
displacement of
Unit:mm
full- scaled model
Figure 4 Small-scale FE model
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Figure 5 Output point of stress range

Figure 7

Shape of crack

Figure 8 SIF at the crack tip

3. Fatigue test
In order to grasp crack propagation life extension, fatigue
test was performed.

3.1. Test specimen and condition
In this study, small-scaled specimens shown in Figure 9
were used. Vertical stiffener, web, U-shaped rib were
welded to deck plate. The position of strain gauge is
shown in Figure 10. Reference point was decided at CH11 and CH-12. Same value of stress ranges generated at
the reference point regardless of notch construction in
previous FE analysis. The steel type was SM400A, a
rolled steel for welding steel. Specimen and fatigue testing
machine are shown in Figure 11. A plate bending type of
loading was used for fatigue test (Yamada, 2007). Stress
ratio on the surface of deck plate (R) was set to -1. The
relationship between number of cycle and crack
propagation in this fatigue test is shown in Figure 12.
Ninitial was number of cycle when the stress range at 2mm
away from weld toe reduced 5% of initial stress range. N b
was number of cycle when the crack reached the edge of
weld bead. N x was number of cycle when the crack
reached x mm from the edge of weld bead. Nfinal was N30
or number of cycle when crack penetrates the deck plate
or other crack generated at the arc of slit-shaped notch.

Figure 6(a) Stress range in point ①

Figure 6(c) Stress range in point ③

3.2. Test cases
The crack with various seize was introduced to the weld
joint between deck plate and weld joint before
construction of slit-shaped notch. Specimens with precracks in weld joint to investigate fatigue life extension
for orthotropic steel deck with fatigue crack propagation.
In this test, the size of slit-shaped notch was same size as
slit-shaped notch B in chapter 2. The timing of
construction is shown in Table 1. In specimen type “SPAW”, specimen was as-welded condition until the end of
fatigue test. In specimen type “SP-SL-Nb ”, Slit shaped
notch was constructed at the cycle of Nb. In specimen type
“SP-SL-N x”, Slit shaped notch was constructed at the
vertical stiffener at the cycle of N x.

Figure 6(b) Stress range in point ②

3.3. Test result
Test result is shown in Figure 13. Fatigue life with slit-
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shaped notch was longer than As-welded. Significant
extension can be seen in SP-SL-Nb-1 that slit-shaped
notch was constructed at Nb. crack propagation extension
was enhanced by slit-shaped notch with small crack size.
In SP-SL-Nb-2 and SP- SL-N10 generated on roughness
surface at the arc of slit-shaped notch shown in Figure 13
by circles. Crack at slit-shaped notch in SP-SL-N10 is
shown in Figure 14. Crack propagation from the arc of
notch to deck plate can be seen. High local stress
reputation on roughness surface induced fatigue crack.
The smoothness of slit-shaped notch is needed to prevent
crack generation at the corner of notch.

Table 1 Test case

Fatigue crack

Figure 14 Fatigue crack
at the arc of notch
Figure 9 Small-scaled specimen

Figure 13 Test result

4. Conclusions
In this study, significant stress and SIF reduction can be
seen by construction of slit-shaped notch by FE analysis.
Higher reduction ca be obtained by slit-shaped notch with
long length. Fatigue propagation extension by slit-shaped
notch was confirmed by fatigue test. Crack generated at
the arc of slit-shaped notch can be observed.
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Figure 10 Position of strain gauge

Figure 11 Specimen and fatigue testing machine

Figure 12 Number of cycle
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Abstract
Recently Beam String Structure is mainly utilized in large-span structures due to its concise force distribution, aesthetic
appearance, and economic property. In this paper, beam string structure is adopted in footbridge, bringing this effective
structural system into footbridge design. A practical application of a lightweight footbridge is introduced in this paper,
showing a comprehensive design process from architectural forming to structural analysis.
Keywords: Beam String Structure, Footbridge design, Strut design, Pretension stress, Span height
office campuses in the Caohejing Hi-tech zone. The main
span of the footbridge is 40.30m, with two end spans of
3.95m and 4.1m, respectively (Figure 2).

1. Introduction
1.1 Beam string structure
Beam string structure (BSS) was first proposed by Masao
Saitoh (Japan) in the 1980s. A hybrid self-balance tensile
system applies the middle strut as the connection between
rigid members and cables (Li & Yang, 2008). This joint
force system gives a complete play of two distinct
materials to their respective force characteristics. Other
than its advantages of unambiguous structural force
principle and efficient material using from the structural
aspect, its lightweight profile also contributes to the Beam
string structure's strong adaptability to architectural form.
Beam string structure is mainly adopted in large-span
spatial engineering practices, such as multifunctional
halls, convention and exhibition centers, sports venues,
etc. (Yan, Hu, Chen, & Yang, 2020). This includes some
notable projects, like Green Dome (Japan) and Shanghai
Pudong International Airport (China). The prototype of
beam string structure was first adopted in the bridge
design in 1859, which is The Royal Albert Bridge
(England), designed by I.K. Brunel. This design smartly
resolved the limited condition of only allowing one pier to
exist in the river that was ordered by the navy (Masao,
2006). The Royal Albert Bridge is a significant milestone
in bridge design.

Figure 2. Section view of the footbridge
Beam string structure is adopted in the main span of the
footbridge, with a maximum drape depth of 1.5m. The
end two spans adopt a box girder structure as the design.

Figure 3. The footbridge
2. Architectural Considerations
2.1 General concept
Considering the local condition, where it is better to
minimize the lateral force at the footbridge foundation.
This determines the structural form of the footbridge
should avoid arch or suspension system, which always
comes with a substantial lateral force at two ends of the
bridge. Also, considering this project is located in a
Hi-tech zone and surrounded by modern office buildings,
it is better to design the footbridge in a concise, stylish,
and lightweight feeling to make this footbridge fully fit
into the local environment without any sense of
abruptness. Therefore, the bulky beam structure is
eliminated. After a series of comparisons, the beam string
structure is picked, superior to its transparent and

Figure 1. The Royal Albert Bridge
1.2 The footbridge
In this paper, a practical application of footbridge locates
in the southeast of Shanghai is focused. The geometrical
shape of the bridge is a straight-line, connecting two
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straightforward configuration from an architectural
aspect.

With a series of calculations, the deformation pattern of
the footbridge under normal use is as shown in Figure 6,
with the maximum deformation of the bridge appearing at
the mid-span. The deformation under pedestrian load is
about L/610 (L=span length), which can meet the
limitation of L/400 for cable structure footbridge as
required in Chinese standard.

2.2 Integrated design
Since the structural form is determined, a more detailed
design is addressed. For solving the out-of-plane
instability brought by beam string structure, the struts are
designed in Y shape, with its top two ends connecting to
the two sides of the deck and its bottom end connecting to
the cables (Figure 4). This setting can essentially
minimize the overturning effect and make the whole
system more stable.

Figure 6. Deformation under normal use
For beam string structure, overturning is still a critical
issue that needs to be paid attention. It is tested by
assuming all the pedestrians are standing on the right half
side of the bridge, measuring the deformation from two
sides of the deck in one section to see if there will be a
tipping situation. A pedestrian load is re-added as below
(Figure 7). After the calculation, the result indicates the
deformation difference from deck two sides is about 7mm
under regular use, which is acceptable.

Besides, the connection of the struts and the above rigid
members are also well-designed. For avoiding the
bending moment brought by the cable end of the strut, it is
better to ensure the hinge connection between struts and
the decking system. The strut is designed to directly
connect to the diaphragm, with only the webs of the strut
be welding.
Also, it makes a combination of diaphragms and
balustrades. This integrated design is both beneficial to
the construction process and aesthetic effect.

Figure 7. Re-added load for testing overturning
Also, the lateral reaction forces of foundations under the
ultimate load state are calculated all below 50kN, which
can ensure to meet the soil condition limitation.
3.2 Dynamic performance
The response from pedestrian action is always the main
factor that conditions the design of a footbridge
(Bachmann & Ammann, 1987). European Design of
footbridge Guideline (HiVoSS, 2007) is referenced as a
guideline in design. A damping ratio of 0.4% is adopted in
the calculation, with two traffic classes taken.

Figure 4. Integrated design of the strut

Traffic Class 3 (TC3)=dense traffic (0.5 pedestrian/m2)
Traffic Class 5 (TC5)=Exceptionally dense traffic (1.5
pedestrian/m2)

3. Structural Analysis
3.1 Static performance
For contributing a more effective calculation, a beam
element model of the footbridge (Figure 5) is calculated
using the finite element analysis method to observe its
static performance.

For this footbridge, the natural frequencies for lateral
vibration are out of the range 0.5Hz ~ 1.2Hz, and then the
vertical vibration is the only indicator to be assessed. With
a uniformly distributed harmonic load represents the
equivalent pedestrian stream is added to the model, which
gives the following results that were taken at the
maximum acceleration point.

Figure 5. Beam element calculation model
A permanent force, pedestrian force, wind load, and
temperature load are considered to work on the footbridge,
with the value taken following the relevant standards. The
support system for the main span is designed as one end
hinged and the other end moveable. This can broadly
release the lateral force at the foundations.
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model are reliable.
Furthermore, the struts are also built-in shell element
under consideration as critical members. Their strength,
stiffness, and stability characteristics are checked by using
relevant software as below (Figure 11 & 12), which can
all meet the safety demands.

Figure 8. Max acceleration under TC3

Figure 11. Strength check for strut
(stress all below 330N/mm2-Q390 steel)

Figure 9. Max acceleration under TC5
The above results present the maximum acceleration
under TC3 condition is 0.044m/s2 and 0.209m/s2 under
TC5 condition. These can both satisfy the criterion of the
first comfort class (maximum degree of comfort) that with
the vertical acceleration less than 0.5m/s2. Therefore, it
can determine the footbridge can satisfy the dynamic
performance under human-induced vibration following
the European HiVoSS guideline.

Figure 12. Stability check for strut
(bulking factor =7.6)

4. Discussion
During the calculation and design, it is found the strut
setting and strut numbers can also influence the
footbridge ’ s static performance. This can be further
discussed with a series of comparisons, as an optimization
direction.

3.3 Detailed analysis
Apart from what mentioned in above static performance
section, which uses a beam element model for a quick
overall structural calculation. A shell element box girder
is built at two end spans for further detailed analysis
(Figure 10). The details like ribs and inbox diaphragms
are built in the box girders, bringing the simulation closer
to reality. Although this new shell model will vastly slow
down the calculation speed, the accuracy of the constraint
can help to check the previous static performance, and
also make a reliable calculation of components'
characteristics.

Also, it should note that, for the bridge design with beam
string structure, it has to include the waterway clearance
into the consideration at the early stage. Because for beam
string structural bridge, which means setting all the
structure components underneath the deck, and this
relates closely to the waterway condition.
5. Conclusion
Overall, adopting beam string structure into footbridge
design can contribute to a clear force distribution and
high-efficiency material using under the structural aspect,
which also helps to build a transparent and lightweight
effect that can satisfy architecture needs.

Figure 10. Box girder (shell element)
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Abstract
As a seismic device that absorbs seismic energy through the axial deformation in the plastic region of the steel, the
axial-yield type damper, a kind of steel damper, is often used as a secondary member of arch bridges or truss bridges. In
this paper, a dynamic analysis is carried out for steel upper-deck arch bridge by taking the axial stiffness, yield load and
the installation positing of the dampers as parameters. The seismic performance effect of the axial−yield type damper is
investigated through the dynamic analysis results and the parameter study. The results are as follows: First, the difference
in the axial stiffness of the dampers has a small effect on the hysteresis energy absorption and the seismic resistance effect
of the bridge system. Second, although the reduction effect of dynamic response in arch bridges can be expected despite of
the yield load of dampers, it is found that since the axial load from damper acts to the arch rib, the force in structure
members becomes larger when the damper yield load is big resulting in larger section force in the main structure member
such as arch rib. Third, for the installation position of dampers in arch bridges, the analysis shows that the response
reduction effect becomes larger when the damper is installed in the main structure plane where the response reduction
effect is expected.
Keywords: Buckling Restrained Brace, Seismic Response Analysis, Arch bridges
In order to make clear for the effect on the bridge system
response and the response reduction under various
analytical conditions of the damper, the analysis study is
carried out in this paper on a steel upper-deck arch bridge
since there are many application examples of the damper
in such bridge.

1. Introduction
The axial-yield type damper is a kind of steel damper, and
often used to replace the secondary members of the arch
bridge and the truss bridge in the seismic reinforcement.
In such case, the study on the response reduction effect is
usually carried out through the dynamic analysis for the
whole bridge including the nonlinear hysteresis model to
simulate the damper. However, most of the analytical
study for the bridge system focus on the effect of seismic
response based on the earthquake behavior, the
relationship between the frame system and the damper
stiffness.
On the other hand, only few study on the relationship
between the response reduction effect and the damper
position, damper stiffness and yield stiffness is known. In
particular, there is very few research about the effect of
the axial stiffness of the damper on the seismic response
reduction of the bridge system.

2. Bridge in Analysis and Analytical Conditions
2.1 Bridge in Analysis
As shown in Fig. 1, the bridge used in analysis is a
2-hinged steel upper-deck arch bridge with a bridge length
of 110m and an arch span of 80m. The bridge is a straight
and symmetrical to center of span, it is supported on the
strong ground. Supposing this exited bridge is designed
under earthquake level 2.
2.2 Analytical Model of the Bridge
Fig. 2 shows the frame model of the whole bridge system
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and the nonlinearity of steel members. The analytical
model is a three dimensional frame model. In the model,
the stiffened girder, the transverse girder, the arch rib and
the vertical column in support are modeled as nonlinear
beams elements (fiber elements). The nonlinear spring
elements are used for the members only subjected to the
axial force, such as the lower lateral structure, lateral
member in arch rib and the brace in the support. For the
members subjected to the axial force and bending moment,
the bilinear stress and strain model is used for these
members because the purpose of this study is to confirm
the response variation of the whole bridge system by
changing the parameters of the damper. Moreover, for the
members only subjected to the axial force, the nonlinear
elastic model is used where the yield load in tension and
compression is different. For the other members, the
modeling method is same as showed in Ref.4).

changed to four patterns based on the buckling load Pca of
the existed member. Moreover, length Lc is determined
based on the results in section 3.
The parameter related to the position of the damper is
considered as the position of replaceable secondary
members, which are the brace in the support and the
lateral member in arch rib.
2.4 Analysis Method
The analysis code used in the analysis is TDAPIII, which
is a general analysis program for three-dimensional
dynamic analysis and the linearized finite deformation
theory is adopted. The input ground motion is the standard
acceleration wave of Level 2 (type II) showed in the road
bridge specification of Japan. The Rayleigh type damping
model is used together with the main vibration modes of
the bridge in the transverse direction

2.3 Modeling and Analysis Parameters of the Damper
The material of the damper is LY255 steel. The damper is
modeled by a spring element with the nonlinear hysteresis
curve as shown in Fig.2. The axial stiffness of the damper
is evaluated from the dampers in each position as shown
in Fig. 3, which are considered as a series spring.
The parameters used in the analysis are shown in Table 1.
The parameter related to the axial stiffness of the damper
is the ratio of the damper stiffness to the existed member
(axial stiffness ratio). The axial stiffness ratio parameter is
changed by adjusting the elastic length L1 and plastic
length Lc of the damper.
The parameter related to the yield load of the damper is

3. Study on the Axial Stiffness Effect of the Damper
3.1 Dynamic Response of the Bridge
The comparison of maximum response strain of the
section in the base of the arch rib and support is shown in
Fig. 4, where the analysis cases C1-1~C1-5 are compared
with case C0. Moreover, the strain is normalized by the
yield strain εy. It can be seen that in the case C0 without
damper, the significant plastic deformation occurred in
the arch and support. However, in the cases C1-1 to C1-5,
the plastic strain is much smaller than the case C0 since
the dampers are adopted. On the other hand, the difference
of the maximum strain in the cases C1-1~C1-5 is not so
large.
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3.2 Dynamic Response of the Damper
The comparison of the maximum axial strain response is
shown Fig.5, where the axial strain is defined by the ratio
of the axial displacement δ in the damper and the plastic
length Lc. In this study, the stiffness is varied with Lc, and
the axial strain also changes with the variation of Lc even
if the axial displacement is the same.
In general, the allowable strain of the axial-yield type
damper is 2 to 3%. When the axial stiffness ratio is about 1,
the performance as a damper can not be expected. On the
other hand, when the axial stiffness is small, the response
is generally less than the allowable strain. Moreover, it is
found that there is no the plastic deformation occurring in
the damper under the level 1 earthquake in either case.
This is because the transverse stiffness of this bridge is
much influenced by stiffened girder and arch rib, etc.
However, in the case of the secondary member is
subjected to a large force from the lateral load, it is
necessary to pay attention to the axial stiffness design of
the damper.

Axial force acts from damper

Divide the force acts
from damper to arch rib

Figure 9. Status of axial force of arch ribs
member of arch rib is large and the response exceeds the
case C0 when the yield load is 800kN. The strain response
in the base of end support is much influenced by the yield
load variation of the damper. Moreover, the larger the
yield load of damper, the bigger the influence.
On the other hand, from the displacement time history
response of the whole bridge system as shown in Fig. 7, it
is found that the response of the whole bridge system has
no significant difference, but the response of all cases is
smaller than the existed bridge.
In this paper, it is investigated why the response reduction
in the base of the arch rib is small. The axial force and
bending moment of the cases C2-4 and C0 are shown in
Fig.8. It is found that although the transverse moment
decreased with the adoption of the damper, the axial force
increased toward the arch base. As shown in Fig. 9, since
the axial force from the damper used as the lateral
member acts to the arch rib, the response reduction effect
in the bridge system is not observed in the arch rib,
especially, in the base of arch rib.

4. Study on the Effect of the Damper Yield Load
4.1 Response of the Bridge
The comparison of the maximum axial strain response of
the section in arch and support base is shown in Fig. 6,
where the analysis cases C2-1~C2-4 are compared with
C0. The axial yield load of the other dampers in the other
side of arch rib and support is 200kN.
It is found that for the strain response of the arch rib, the
effect of the yield load variation of the damper installed as
brace in the support is small. However, effect of the yield
load variation of the damper installed in the lateral

4.2 Response of the Damper
The energy absorption of the damper is shown in Fig. 10,
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where the energy of PN3 calculated from the maximum
loop and from all hysteretic curves of total time period
respectively are compared with the energy from all of the
dampers installed in the arch rib.
Although the energy absorption of PN3 becomes larger
with the increase of yield load, the energy absorption of
all the dampers in the arch rib is almost same for each case.
This can be understood from the plasticity ratio of the
damper as shown in Fig. 11, in the cases C2-3 and C2-4
with large yield load, the dampers in PN7~PN10 of
middle span are not yielded. Therefore, it can be said that
those dampers are not functioned as a seismic energy
absorption device.

Lateral bracing yield axial force (kN)

Damper plasticity δ/δy

Figure 10. The energy absorption of the damper

5. Effect of the Damper Position
5.1 Dynamic Response of the Bridge
The comparison of the maximum axial strain response in
the cases C3-1, C3-2, C0 and C1-1 is shown in Fig.12.
The damper in the case C3-1 is installed in support and in
the case C3-2 is in the arch rib. In the case C1-1, the
dampers are installed both in support and arch rib. The
strain response reduction effect in the base of support and
arch rib increases with the adoption of the dampers in
cases C3-1 and C3-2.
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5.2 Response of the Damper
Fig. 13 shows comparison of the axial strain of a damper
installed in the arch rib for the cases C1-1 and C3-1. The
axial strain in C3-1 is twice of the case C1-1. As the
allowable strain of the damper is usually about 2~3%, the
damper in case C3-1 may not be able to satisfy the
required capacity as a damper. The increase in
displacement of C3-1 is due to the exited member used in
the support. Since the existed member undertook the big
axial force and did not yield and resulting in a bigger
stiffness of the bridge system.
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Figure 12. The maximum axial strain response

6. Conclusion
The study results of this paper can be summarized as
follows.
1) When the secondary member is subjected to the small
force under the lateral load, the hysteretic energy
absorption of the damper is almost not affected by the
difference in the axial stiffness of the damper.
2) The response reduction effect for the bridge system
can be expected by installing the damper despite of
the yield load of the damper. However, if the yield
load is too large, the large axial force from the
damper will act on the arch rib, and it may cause the
large section force in the arch rib.
3) For the position of the damper, when the damper is
installed in the main structure plane where the
response reduction is expected, the effect of the
response reduction becomes larger.
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Figure 13. The axial strain of a damper
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Abstract
Recently, several researches have been conducted for resolving a growing need for durable and resilient highway bridge
construction/reconstruction systems in many countries. As a part of such studies, the girder systems with a novel
connection like injection channel that facilitate simplified construction by eliminating the need for interlacing the girder
shear connectors into pockets in the deck panels have been proposed. Based on a thorough literature study, a prototype
design is developed by deploying a new innovative connection between prefab bridge elements (PBEs) through an
injection channel. A study has been conducted to focus on verification of structural capacity like plastic moment strength
of such a steel composite girder system using prefab bridge elements (PBEs), and the study results could be utilized for
future study to set up the performance evaluation procedure and the applicability of the current design codes.
Keywords: Connections, Nonlinear Analysis, Plastic Moment
1. Introduction
Accelerated bridge construction (ABC) has become
increasingly popular for new bridges and for
replacement/rehabilitation projects. In order to realize this
purpose, prefab bridge elements (PBEs) are typically
employed. The performance of prefab bridge elements
(PBEs) is greatly dependent on the design and detailing of
connections between elements. Therefore, the girder
systems with a novel connection like injection channel
that facilitate simplified construction have been proposed.
Typically, deck panels are connected to the supporting
girders by injecting UHPC concrete in a U-sections
channel above the steel girders to achieve composite
action between the deck panels and bridge girders. The
new concept for composite bridges with prefabricated
decks described in this paper offers several advantages;
reducing traffic disruption, faster erection time, higher
quality, better working environment and a dry bridge deck
surface. Basic definition of Building Kit is shown in
Figure 1. PBE: Prefab bridge elements are manufactured
at the factory, OAM: On-site assembly members connect
prefab elements.

Figure 1. Basic configuration of building kit
2. Numerical Analysis
The Finite element model of Prefabricated Steel Girders
with Injection Channel Connections was set up using
Abaqus. The eight-node linear brick element with reduced
integration (C3D8R) was used to model the concrete slab
and connection grout. The main beam, crossbeam and
stiffener were modelled utilizing the four-node reduced
integration shell element (S4R). Tie constraints were
utilized to consider the fully composite action between the
steel beam, connection grout and concrete slab. A
convergence study was done to find the optimum mesh
size for steel beam, connection grout and concrete slab
models. Based on the results, elements size of 100 x 100
mm, 50 x 50 x 50 mm and 100 x 100 x 100 mm were
adopted for steel beam, connection grout and concrete slab
models, respectively. Figure 2 and Table 1 indicate the
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section properties of the prefabricated steel girder. The
material properties of the prefabricated steel girder are
presented in Table 2 and Table 3. The model of this study
is illustrated in Figure 3 and it also shows the applied
boundary and load condition.

Figure 3. The model of the prefabricated steel girder
3. Analysis Result and Comparative Study
In this study, the elastic buckling analysis was conducted
to introduce the initial deformation. The nonlinear
analysis was also carried out. The plastic moment capacity
of Prefabricated Steel Girders with Injection Channel
Connections was predicted by using the Riks method
which uses the load magnitude as an additional unknown
and solves simultaneously for loads and displacements.
This method is available in Abaqus. The results of the
finite element analysis are used to study the nominal
flexural resistance. For example, the nominal flexural
resistance (6.10.7.1.2 AASHTO LRFD 2020) is suggested
as Eq. (1) and Eq. (2) depending on Dp, Dt.

.
Figure 2. The section of the prefabricated steel girder
Table 1. The section properties of the prefabricated steel
girder
bfc1
400
tfc1
22
tfc2
22
Upper
hfc2
118
Flange
bfc3
110
Main
Girder
tfc3
22
(mm)
hfc3
110
bt
500
Bottom
Flange
tt
22
D
1500
Web
tw
12
beff
3150
Deck (mm)
ts
240

If Dp ≤ 0.1Dt, then: Mn = Mp
(1)
Dp 

Otherwise: M n  M p 1.07  0.7 
(2)
Dt 

Dp: Distance from the top of the concrete deck to the
neutral axis of the composite section at the
plastic moment.
Dt: Total depth of the composite section.
Mp: Plastic moment of the composite section.
Figure 4 shows the result of elastic buckling analysis. The
flexural failure mode shape is illustrated in Figure 5. The
FEA result of Figure 6 indicates the momentdisplacement curve during the loading cycle. The moment
resistance comparison results are shown in Table 4.

Table 2. The material properties of the prefabricated steel girder
Elastic
fc’/Fy
Element
Plastic
E
c
(Mpa)

(Mpa)
Slab
Concrete Damaged
30
26411.5 0.2
concrete
Plasticity – CDP
Connection
Concrete Damaged
f c’
Ec
0.2
grout
Plasticity – CDP
Elastic – Perfectly
Steel
380
205000 0.3
Plastic
Table 3. The compressive strength and elastic modulus
of connection grout
Case
fc’ (Mpa)
Ec (Mpa)
1
30
6000
2
75
15000
3
110
22000
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adhesion model between the steel beam, connection grout
and concrete slab. But the result between simulation and
calculation also has a difference. Also, the plastic moment
capacity performance is dependent on other factors of the
section. Therefore, it is necessary to study more carefully
and thoroughly connecting the elements, there are
improvements for the model to increase the plastic
moment resistance performance of Prefabricated Steel
Girders with Injection Channel Connections. In addition,
an experimental study will also be conducted to compare
and evaluate the performance of plastic moment resistance,
to choose the optimal design for prefabricated steel girder
bridge. Further investigation is now going on to improve
the plastic moment resistance performance. The study
results could be utilized for future studies to set up the
performance evaluation procedure and the applicability of
the current design codes.

Figure 4. Elastic buckling analysis result
(a) z-y view, (b) z-x view, (c) Buckling shape
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Figure 5. The flexural failure mode shape
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Figure 6. The moment-displacement curve
Table 4. The moment resistance comparison results
M - FEA
M - LRFD
Difference
Case
(kNm)
(kNm)
(%)
1
15793.25
17797.94
11.26
2
16204.75
17870.66
9.32
3
16314.10
17902.62
8.87
4. Conclusion
In order to study the applicability of the current design
specifications to Prefabricated Steel Girders with
Injection Channel Connections, the finite element analysis
was carried out. The difference of the moment resistance
between the simulation result and the calculated result is
about 10%. There is also a slight increase in the moment
resistance performance when the compressive strength of
the connection grout is grown. Using simulation method
through Abaqus to analyze and evaluate the plastic
moment resistance of Prefabricated Steel Girders with
Injection Channel Connections gives suitable result due to
consideration of material nonlinearity, geometric
nonlinearity, buckling, as well as choosing the suitable
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Abstract
Existing steel girder bridges have often suffered damage in the girder ends during large-scale earthquakes. In this paper,
finite element analysis was conducted for a composite steel girder bridge to investigate the seismic performance of the
superstructure subjected to lateral loading. Pushover analysis for the superstructure was performed in the longitudinal and
the transverse directions.
Keywords: Steel girder, girder end, nonlinear finite element analysis, seismic performance
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1. Introduction
Steel girder bridges are often damaged during large-scale
earthquakes. In particular, major damage to the
superstructure has included local buckling or deformation
in the end support area and end cross-frame caused by
large seismic lateral forces [NILM, 2014 and 2017]. The
end cross-frame and the lateral-bracing are designed
elastically using simple plane frame models. Considering
that the bridge superstructure behaves threedimensionally as an assembled system consisting of
individual components, actual behavior may differ from
design assumptions. Girder ends should be designed to
assure seismic performance. Existing steel girder bridges
often also have severe corrosion in the girder ends, which
affects the decrease of the load-carrying capacity of the
superstructure under seismic lateral force. In this work, an
elastoplastic finite displacement analysis is conducted on
a composite steel I-girder bridge to investigate the seismic
performance of a superstructure subjected to lateral
loading. Pushover analysis for the superstructure is
performed in the longitudinal and the transverse
directions of the bridge.

600

G4

(a) Plane view
CL

10700
9500

600

Asphalt pavement t=50mm
RC deck t=180mm

1500

250

600

G1

1000

G2

8700

G3

G4

1000

(b) End cross section view
Figure 1. Overview of the model bridge used for analysis
3. Analysis method
The finite element analysis software MSC.Marc.2020
[MSC.Software, 2020] was used to develop and analyze
the model, an overview of which is shown in Figure 2. A
detailed three-dimensional model is made for the failure
analysis of the girder end portion. The material properties
and constitutive laws of the modeled members are
summarized in Table 1. Steel components, including the
main girders with stiffeners, and transverse members,
including gusset plates, were modeled using four-node
shell elements. The RC deck was modeled using
eight-node solid elements. The element size at the girder
end (adjacent to the intermediate sway bracing, 6000 mm
from the girder end) was set to 25×25 mm. The RC deck

2. Analysis model bridge description
The target bridge, summarized in Figure 1, is a simple
span composite steel I-girder bridge with a span length of
30m and is based on the 1964 Japanese specifications for
highway bridges [JRA, 1964]. Structural specifications of
transverse members such as the sectional dimensions of
the end cross-frame and lateral-bracing (to resist lateral
forces), were determined using the past standard design
drawings of steel girders by the former Ministry of
Construction.
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and the upper flanges of the main girders were rigidly
connected with the tying element at the shear stud position.
Pin-and-roller supports were assumed for the supporting
points. The 22-mm thick soleplate on the bearing was
modeled with eight-node solid elements, based on past
standard design drawings. The position of the center of
rotation at the supporting point was set in consideration of
the distance between the lower flange and the center of
rotation of the spherical bearing. Initial imperfections,
such as residual stress and deformation of the steel
components, were not considered. A lateral load was
applied separately to the longitudinal direction (from the
pin support side to the roller support side: +X direction,
from the roller support to the pin support: −X direction)
and then the transverse direction (from girder G4 to girder
G1) An inertia force corresponding to the mass
distribution of the superstructure was applied to every
element, and pushover analysis was performed by
gradually increasing the lateral acceleration. The total
dead load was 2152 kN.

+X

Longitudinal direction
Girder end focusing on in the analysis

G4

Elastic
modulus
2

（kN/m ）

（N/mm ）

Poisson's
ratio

Yield
strength
(N/mm2)

constitutive
law

RC deck

24

2.65 × 104

0.2

-

Linear

Main girder flange/web

77

2.00 × 105

0.3

315

Bilinear

Stiffeners /Lateral members

77

2.00 × 105

0.3

235

Bilinear

4.1. Damage behavior against lateral loads in the
longitudinal direction
The resulting relationship between the lateral load and the
lateral displacement against the lateral load in the
longitudinal direction is shown in Figure 3, and the von
Mises stress distribution and deformation diagram in the
girder end at major load levels is shown in Figure 4. The
lateral load was calculated by adding the reaction forces
of each support. As the load was applied in the
longitudinal (+X) direction, the web yielded in
compression and tension above the soleplate (point (a) in
Figures 3 and 4) at a lateral load of approximately 3000
kN, representing a lateral seismic resistant intensity was
approximately k = 1.5. Subsequently, the yielding area
proceeds at the web panel above the soleplate in the girder
end side to the end vertical stiffener (hereafter the girder
end web panel), and at the free edge of the end web panel
(point (b) in Figures 3 and 4). The load-displacement
relationship then became nonlinear. The lateral load at the
yielding of the free edge of the end web panel was
approximately 5600 kN, representing a lateral seismic
resistant intensity was approximately k = 2.6.
Subsequently, the lower flange yielded in tension near the
soleplate (point (c) in Figures 3 and 4). In the longitudinal
(−X)
direction,
a
nearly
identical
lateral
load-displacement relationship was observed.
The behavior at the girder end due to lateral force is
shown in Figure 5. A coupling force according to pin
rotation acted on both side web panels of end vertical
stiffener above the soleplate, and plasticized area
proceeded with an increase of lateral load.

Roller support

Pin support

3

4. Results and discussion
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Lateral displacement point
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(c) Yielding at the lower flange near the soleplate
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Figure 2. Overview of 3D finite element model of the
entire superstructure system
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Table 1. Material properties and constitutive laws

Figure 3. Lateral load-lateral displacement relationship in
the longitudinal (+X, -X) direction
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0

observed at the adjacent lateral-bracing end at
approximately 4800 kN, no obvious change in the
load-displacement relationship was observed and the load
increased gradually (point(d) in Figure 6).

(Deformation scale of 5 times)

Load direction

6000

(d) Yielding at the end of lateral-bracings
adjacent to girder end
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Figure 4. Von Mises stress distribution and deformation
diagram in the longitudinal(+X) direction, where load
levels(a), (b), and (c) correspond to the points in Figure 3.
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Figure 6. Lateral load-lateral displacement relationship in
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Figure 5. Behavior at the girder end against lateral force
in the longitudinal direction

G3

Load direction

G4

Load level (a)

4.2. Damage behavior against lateral loads in the
transverse direction
The resulting load-displacement relationship against
lateral load in the transverse direction is shown in Figure 6,
and the von Mises stress distribution and deformation
diagram at girder G3/G4 end and end cross-frame are
shown in Figure 7. The initial local yield occurred at the
lower part of the end vertical stiffener at a lateral load of
approximately 1640 kN, representing a lateral seismic
resistant intensity of approximately k = 0.8. As shown in
Figure 8, yielding likely occurred at the lower part of the
end vertical stiffener at all girders according to shear
deformation caused by the relative displacement between
the lower and upper flanges connected to the RC deck
(point (a) in Figures 6 and 7). Subsequently, yielding
occurred at both ends of the diagonal member of the end
cross-frame, leading to an increased out-of-plane
deformation (point (b) in Figures 6 and 7) at
approximately 2270 kN, representing a lateral seismic
resistant intensity of approximately k = 1.1. As the
yielding area of the end cross-frame expanded, the free
edge of the outer end vertical stiffener of the exterior
girder (G1/G4) yielded near the height of the end-cross
frame connection at approximately 3100 kN (point (c) in
Figures 6 and 7). Whereas subsequent yielding was

Load level (b)

load level (c)

Figure 7. Von Mises stress distribution and deformation
diagram in the transverse direction
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5. Conclusions
Elastoplastic finite displacement analysis (Pushover
analysis) of a steel I-girder bridge was conducted to
clarify the damage mechanism and load-carrying capacity
at the girder end under seismic lateral force, focusing on
the plastic and deformation behavior. The major findings
are summarized as follows.
1) When a lateral load was applied in the longitudinal,
an initial local yield occurred on the web in compression
and tension above the soleplate at 3000 kN, thereby
demonstrating a resistant seismic intensity of
approximately k = 1.5. The in-plane force in the vertical
direction due to the rotational moment of the pin support
was dominant in the plastic behavior of the girder end
web panel.
2) When a lateral load was applied in the transverse, an
initial local yield occurred on the lower part of the end
vertical stiffener mainly due to shear deformation at
1640 kN, thereby demonstrating a resistant seismic
intensity of approximately k = 0.8. After the
plasticization of the components of the end cross-frame
progressed, the free edge of the outer end vertical
stiffener girders G1/G4 yielded near the height of the
end cross-frame connection at approximately 3100 kN,
increasing the transverse displacement.
3) The seismic resistance of the load-carrying capacity
in the transverse direction (k = 0.8) was lower than that
in the longitudinal direction (k = 1.5) at the initial local
yield load. In the transverse direction, the frame
structure comprised columns made of end vertical
stiffeners with effective web width and end cross-frames
that could resist the lateral force. The plasticization and
deformation advancement for each component at the
girder end thus should be controlled to improve their
seismic performance.
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Abstract
The steel box girder bridges which possess an excellent torsional rigidity compared to steel I-girder bridges have been
widely constructed for interchanges to help traffic flow smoothly. Although it has considerable advantages on the
structural design, the distortional behavior of the box girder can be an issue for the application of box girder bridges,
especially in single-cell box girder designs. This study investigated the effects of various deck overhang design influences
on distortional warping normal stress of single-span rectangular steel box girder bridges. Three-dimensional finite
element analysis of the composite steel box girder bridges using shell elements (S4R) was investigated. Parameters
including span length, various girder height to width designs with different thickness, intermediate diaphragm spacings,
and diaphragm stiffness were determined based on the preliminary design of the analysis models. All the design
parameters were chosen from a preliminary design using current bridge design codes and manuals. Finally, the effects of
the overhang designs on the distortional behavior were evaluated by a comparative study based on the analysis results.

Keywords: box girder, distortion, intermediate diaphragm, FEM, distortional warping normal stress
program. Parameters including span length, various girder
height to width designs with different thickness,
intermediate diaphragm spacings, and diaphragm stiffness
were determined based on the preliminary design of the
analysis models.

1. Introduction
The steel box girder bridges which possess an excellent
torsional rigidity compared to steel I-girder bridges have
been widely constructed for interchanges to help traffic
flow smoothly. Although it has considerable advantages
on the structural design, the distortional behavior of the
box girder can be an issue for the application of box girder
bridges, especially in single-cell box girder designs.
When live loads with eccentricity are applied to the bridge
deck of the steel box girder bridges, the girders can be
distorted due to torsional moments. The distortional
behavior of the box sections can induce instability of the
box section which should not be occurred in the bridge
design not only in construction stages but also in service
stages of the box girder bridges. For these reasons,
intermediate diaphragms should be installed in the box
sections to prevent distortion of the box girder sections. In
this study, the effects of various deck overhang designs
were investigated to evaluate the distortional warping
normal stress of the single-span rectangular steel box
girder bridges. Finally, effects of the overhang designs on
the distortional behavior were evaluated by a comparative
study based on the analysis results.

Plate type diaphragms (S4R)

Figure 1. An example of FEA models (Lee et al. 2020)
Additionally, various overhang designs including
different combinations of deck widths and thicknesses
were considered in the FEA. All design parameters, load,
and boundary conditions were chosen based on a previous
study (Lee et al. 2020). The FEA models were designed
based on current design codes (KDS (2016), AASHTO
(2020)) and design manuals (KMCT, 2008).

2. FEA
2.1. FEA modeling and design parameters
Three-dimensional (3D) finite element analysis (FEA) of
the composite steel box girder bridges using shell
elements (S4R) was investigated using the ABAQUS

Table 1. Design parameters applied in FEA models
L (m)
B (m)
H (m)
A (m)
t c (m)
30-60 1.8-3.6 1.2-2.4 1.1-1.5 0.2, 0.25
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2.2. FEA results and Discussions
Figure 2 and 3 shows relationships between distortional
warping normal stresses and intermediate diaphragm
spacings considering different overhang length, the
thickness of concrete decks and applied loading types.
Regarding the concrete deck thickness, no significant
changes of distortional warping normal stress were
observed. However, the overhang length plays a
significant role in the distortional behavior of steel box
girder bridges in terms of distortional warping normal
stress. If the overhang length increases, distortional
warping normal stress also increases regardless of applied
loading types because longer overhang length may cause
an increase of torsional moment.
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Figure 2. Relationships between distortional warping
normal stresses and intermediate diaphragm spacings
considering various deck thickness and overhang
lengths under concentrated loads.

10
8
6

6

4

0

4

2

2
0

20

40

0

0

20

20

40

0

0

20

40

5. References
Lee, J., Lee, K., Choi, J., and Kang, Y. J. (2020).
“Intermediate diaphragm spacing for single-cell
rectangular steel box girder bridges considering
aspect-ratio.” Journal of Constructional Steel Research,
2020, 105877.
AASHTO,
AASHTO
LRFD
Bridge
Design
Specifications, 9th Ed., American Association of State
Highway and Transportation Officials, 2020.
KDS, KDS 24 14 31 : 2016, Steel Bridge Design
Specification (LRFD), Korean Ministry of Land,
Infrastructure and Transportation, 2016 (In Korean).
KMCT, Design Manual for Highway Bridges, Korean
Ministry of Land, Infrastructure and Transportation,
2008 (In Korean).
SIMULIA, ABAQUS Manual, 2018.

L = 30 m
L = 40 m
L = 50 m
L = 60 m

8

σ

σ

10

L = 30 m
L = 40 m
L = 50 m
L = 60 m

0

4. Acknowledgements
This research was supported by the Basic Science
Research Program under the National Research
Foundation of Korea (NRF) funded by the Ministry of
Education (No. 2019R1I1A1A01059684) and supported
by a grant provided by POSCO Corporation. The authors
wish to express their gratitude for the financial supports.

L = 30 m
L = 40 m
L = 50 m
L = 60 m

5

σ

σ

40

15
10

2

3. Conclusions
Based on a parametric study on distortional analysis of
straight box girder bridges considering various deck
designs, the effects of various deck designs were
evaluated. The overhang length can considerably affect
the distortional behavior in terms of distortional warping
normal stresses because it may influence the distance of
load eccentricity of the applied loadings. Regarding
concrete deck thickness, it does not have a significant role
in distortional behavior. However, as the concrete deck
thickness may induce bending normal stress, it may
influence intermediate design in terms of distortional
warping normal stress ratio.
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Figure 3. Relationships between distortional warping
normal stresses and intermediate diaphragm spacings
considering various deck thickness and overhang
lengths under distributed loads.
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Abstract
The objective of this study is to propose a new nominal flexural strength for compact composite I-girder sections using a
high-performance steel HSB460 subjected to negative moments, considering the effect of strain-hardening of the steel. In
stress-strain responses, HSB460 undergoes the strain-hardening immediately after yielding without yield plateau, unlike
conventional steels. Thus it is reasonable that the nominal flexural strength for a compact composite I-girder section using
HSB460 takes into account the strain-hardening stresses which probably affect the flexural strength. However, the design
equations for the nominal flexural strength given in AASHTO LRFD Bridge Design Specifications do not take into
account the strain-hardening effect, because they were developed based on the works for the composite I-girder using
conventional steels. To evaluate the strain-hardening effect on the flexural strength, an extensive parametric study with a
wide range of composite I-girder sections was conducted. The results show that the strain-hardening of HSB460 was more
effective on the flexural strength than conventional steels. Based on the results of the parametric study, the new equations
for a nominal flexural strength for the compact composite I-section using HSB460 under negative moments were
proposed. It was concluded that the nominal flexural strengths for a compact composite I-girder section using HSB460
under negative moment can be 1.18 times greater than the AASHTO nominal flexural strength.
Keywords: Nominal flexural strength, Negative moment, Composite I-girder, Compact section, HSB460
1. Introduction
Unlike conventional steels, high-performance steel
HSB460 undergoes strain-hardening immediately after
yielding in stress-strain responses. Thus, the compact
composite I-sections using HSB460 are significantly
affected by the strain-hardening stresses at the ultimate
limit state, unlike compact composite I-sections using the
conventional steels. Also, this strain-hardening can resist
stresses above yield stresses, and it affects the ultimate
flexural strength. However, the nominal flexural strength
of AASHTO (2017) LRFD Bridge Design Specifications
does not take into account the effects of strain-hardening.
The goal of this study is to develop a new nominal
flexural strength of compact composite I-sections using
HSB460 under negative moments considering the effects
of strain-hardening.

w, D  pw, D ↔ 2 Dcp / tw 
cp

E / Fyc


Mp
 0.09 
 0.54

Rh M y



2

(2)

where  f is the slenderness ratio for the compression
flange (= b fc / 2t fc ), b fc is the width of the compression
flange, t fc is the thickness of the compression flange,  pf
is the slenderness ratio limit for the compact flange
(= 0.38 E / Fyc ), E is the elastic modulus, Fyc is the yield
stress of the compression flange, w, Dcp is the slenderness
ratio for the web (= 2Dcp / tw ), Dcp is the depth of the web
in compression at the full plastic moment (as shown in Fig.
1), t w is the thickness of the web, w, Dcp is the slenderness
ratio limit for the compact web (=the rightest term of Eq.
(2)), M p is the full plastic moment, M y is the yield

2. AASHTO (2017) Specifications
The compact composite I-sections under negative
moments refer to the cross-sections satisfy the following
two conditions:

moment, and Rh is the hybrid factor (AASHTO 2017).
The nominal flexural strength base on the flange local
buckling for compact composite I-sections under negative
moments, M n, AASHTO , is defined by the plastic moment,

- for the flange in compression,
 f   pf ↔ b fc /  2t fc   0.38 E / Fyc

cp

M p , in Appendix A6 as follows;

(1)

- for web,

M n, AASHTO  M p

(1)

The full plastic moment, M p , is calculated from the
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full plastic stress distribution assuming that the total area
of the steel sections are yielded and the concrete sections
in tension are ignored, as shown in Fig. 1 where Dt is the
total depth of the composite section, D p is the distance

  Fyc / Fcr
Fcr  k

from the bottom fiber to the plastic neutral axis, Fyr is the

 2 E  2t fc 


12 1   2   b fc  tw 

(4)
2

(5)

yield stress for the reinforcing bar steel, and Fy is the
yield stress for the girder steels.
As shown in Fig. 1, the full plastic moment that is the
nominal flexural strength for compact composite
I-sections under negative moments does not take into
account the effects of strain-hardening.

Here, k is the plate buckling coefficient (=0.425) and 
is the Poisson’s ratio (=0.3).
The stresses over the cross-section were determined by
using the idealized stress-strain curves, and then the force
equilibrium in the cross-section was checked by
integrating the stresses. When the force equilibrium was
satisfied, the cross-sectional bending moment was
calculated and it was defined as the ultimate flexural
strength M u . If the force equilibrium was not satisfied,
the procedure was repeated with the newly assumed
neutral axis until the force equilibrium reached.
Table 1. Parameters for cross-sections, maximum and
minimum values, and discretization numbers
Min.
(mm)

Max.
(mm)

No.

Slab width ( bc )

304.8

3,429

10

Slab thickness ( t s )

Figure 1. Assumed full plastic stresses for M p

Parameter

3. Numerical Method
The cross-section model for numerical analyses of
compact composite I-sections under negative moments is
defined as 9 dimensional variables as presented in Table 1.
For the study of variable analysis, each dimensional
variable was defined by evenly discretizing the maximum
and minimum values by the number given in Table 1
The idealized stress-strain curves for steels are defined
as shown in Fig. 2. The curve for the high-performance
steel, HSB460, show the strain-hardening immediately
after yielding unlike the conventional steel, SM420. Also,
SD400 and SD500 are the steels for reinforcing bars.
The material combinations applied to the cross sections
for the parametric study are shown in Table 2, and only
the cross-sections that satisfy both Eqs. (1) and (2) were
selected.
The ultimate flexural strength M u is obtained by using
the strain-compatibility method (SCM) with the assumed
strain distribution for the ultimate limit state, as shown in
Fig. 3. In this strain distribution, the important assumption
is that the strains are linear along with the depth of the
composite section and the strain in bottom fiber of
compression flange reaches the critical buckling strain
 cr that is determined as follows (Gardner et al. 2011);

 cr 

0.4



3.2

 y  15

152.4

254

5

Reinforcing steel ratio (  )

1 (%)

4 (%)

3

Top flange width ( b ft )

152.4

762

17

Top flange thickness ( t ft )

12.7

76.2

17

Web depth ( D )

304.8

2,540

8

Web thickness ( t w )

6.35

25.4

5

Bottom flange width ( b fc )

152.4

762

17

Bottom flange thickness ( t fc )

12.7

76.2

17

Figure 2. Idealized stress-strain curves of steels
Table 2. Material combinations and the corresponding
number of cross-sections

(3)

Applied steels
Material
combination Steel girder Reinforcement

where  y is the yield strain of the compression flange and

 is the slenderness ratio of the cross-sections that is

calculated as follows;
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The number of
cross-sections

S4

SM420

SD400, SD500

3,350,441

H4

HSB460

SD400, SD500

3,358,307

(a)
Figure 3. Assumed strain distribution at the ultimate limit
state based on critical buckling strain of compression flange

(b)

Figure 4. Frequency of Mu /Mp values (a) for compact
composite SM420 I-sections and (b) for Compact
composite HSB460 I-sections

4. Results
Figure 4 shows the frequency of M u / M p values where
M u is the ultimate flexural strength obtained by using

SCM and M p is the full plastic moment calculated based
on Fig. 1. Also, Fig. 4(a) shows the frequency of M u / M p
values for the compact composite I-sections using SM420
and Fig. 4(b) shows the frequency of M u / M p values for
the compact composite I-sections using HSB460.
It was concluded from Figs. 4(a) and (b) that the
compact composite HSB460 I-sections have the greater
level of M u / M p values, compared with the compact

Figure 5. Normalized ultimate flexural strength, Mu /Mp,
and normalized new nominal flexural strength, Mu,HSB460
/Mp, for the compact composite HSB460 I-sections with
respect to both  f /  pf and Dp / Dt

composite SM420 I-sections. This is because the
strain-hardening stresses in HSB460 steel affected
significantly the ultimate flexural strength of the compact
composite HSB460 I-sections.
Figure 5 shows the M u / M p values of the compact

5. Conclusions
In this study, the new nominal flexural strength for the
compact composite HSB460 I-sections under negative
moments was proposed by considering the strainhardening effects. the new nominal flexural strength can
be up to 1.18 times greater than the AASHTO (2017)
nominal flexural strength.

composite HSB460 I-sections with respect to both
 f /  pf (given in Eq. (2)) and Dp / Dt (shown in Fig. 1).
In addition, the enveloping surface for the lower-bound of
the M u / M p was shown in Fig. 5. Furthermore, the new
nominal flexural strength normalized by the full plastic
moment for the compact composite HSB460 I-sections
under negative moments, M n, HSB 460 / M p , considering the
strain-hardening effects was proposed by the enveloping
surface that can be calculated as follows;
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- for  f / pf  0.6 ,
M n , HSB 460
Mp

 1.18

(6)

- for  f / pf  0.6 ,
M n, HSB 460
Mp

2

  0.11


0.69    f
 1.07  7 D / D  
 1   7 D / D  1.01 (7)
 p t  
 p t

e

  pf

 e
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Abstract
The purpose of this study is to analyze the variations and differences in the allowable design and experimental load of
reused system scaffolding and system support and determine its characteristics of variations and differences. The
allowable experimental strength checked by the contractor at the site was compared to the allowable design strength
calculated by the standard code, and a reasonable method for the designer to consider the reusable characteristics of
temporary equipment was proposed. In addition, the strength was compared with the reusable temporary equipment
through experiments.
Keywords: Design standard, Reusable temporary equipment, Allowable design strength, Vertical member
and a reasonable method for the designer to consider the
characteristic of being reused of system scaffolding and
system support was proposed. Additionally, the strength
of the unused system scaffoldings and system support
measured through the experiment was compared with the
strength of the reused system scaffolding and system
support.

1. Introduction
The use of temporary structures that require legal
confirmation of structural safety is increasing, with the
trend of large-scale construction projects. The design
standard for temporary structures in Korea is based on the
allowable stress design. When designing and reviewing
temporary structures, the performance of the temporary
equipment to be used in the site cannot be checked, so the
structural safety review of the temporary structures is
generally is carried out based on the nominal allowable
strength of steel specified in the design standards. But
system scaffolding and system support that recommended
to be used for accident prevention, have a characteristic
that reused products are mainly used rather than new
products because of the higher cost of new products.
Therefore, there is a difference in the performance of the
temporary equipment used in the field and the strength
reflected in the design, due to the reuse of products and
the residual stress caused by manufacturing. Some design
experts have used the reduced allowable load which can
be obtained by 15-20% decrement of the nominal
allowable strength reflecting the characteristic of being
reused in their designs. However, the basis for the strength
reduction rate is not clear, and there are not many specific
studies on the actual strength decrease of reuse temporary
equipment that can be referenced.
The purpose of this study is to analyze the variations and
differences in the allowable design and experimental load
of temporary equipment (Vertical member of reused
system scaffolding and system support) and determine its
characteristics of variations and differences. The
experimental allowable strength checked by the contractor
at the site (A total of 1083 quality certification reports of
temporary equipment in a site) was compared to the
allowable design strength calculated by the standard code,

2. Design allowable stress of temporary equipment
The design of temporary structures in Korea is based on
the allowable stress design method and focuses on vertical
members under axial compression load. The allowable
axial compressive stress value for the compression
member (plate thickness 40 mm or less) made of STK500
(currently SGT355) and STK490 (currently SGT355)
specified in the Korea Bridge Design Code (KBD Code
2010, Allowable stress design) is as following equation,
where 𝑙/𝑟 means the slender ratio, and 𝑙 means the
effective buckling length, 𝑟 means the cross-sectional
secondary radius.
STK500:
𝑙
≤ 15.1: 215 𝑁/𝑚𝑚2
𝑟

𝑙

(1)
𝑙

15.1 < ≤ 75.5: 215 − 1.55 ( − 15.1) 𝑁/𝑚𝑚2 (2)
𝑟
𝑙

75.5 < :
𝑟

1,200,000
𝑙
4,400+( )2
𝑟

𝑟

𝑁/𝑚𝑚2

(3)

STK490:
𝑙
≤ 16.0: 190 𝑁/𝑚𝑚2
𝑟

𝑙

(4)
𝑙

16.0 < ≤ 80.1: 190 − 1.29 ( − 16.0) 𝑁/𝑚𝑚2 (5)
𝑟
𝑙

80.1 < :
𝑟
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1,200,000
𝑙
5,000+( )2
𝑟

𝑟

𝑁/𝑚𝑚2

(6)

according to the slenderness and the ratio of design
allowable strength to design allowable strength. As can be
seen from the figure, the test permissible strength of most
reused vertical materials was lower than the design
permissible strength, and the distribution of test
permissible strength was wide in the slender section
(System support: Slenderness ratio 60~90, system
scaffolding: Slenderness ratio 50~60) corresponding to
the middle pole. It is judged that the distribution result in
the middle section is caused by uncertainty due to inelastic
buckling.

3. Allowable stress of reused vertical material by
quality certification reports
In Korea, for quality maintenance of temporary equipment
at construction sites, quality tests and inspections are
required according to the contents of the Enforcement
Decree of the Construction Technology Promotion Act
(Articles 91 and 93), and the quality test report is to be
kept at the site. The quality test method of the vertical
member of the system scaffold and the system scaffold is
specified in the safety certification notice for protective
devices of the Occupational Safety and Health Act, and a
compressive load test is performed. In this study, the
material, diameter, thickness, length, and maximum test
strength of the vertical member were collected from the
certificate after confirming the authenticity of the quality
test report stored at the construction site and the
appropriateness of the quality test. There are a total of
1083 vertical member test result data collected in the
quality test report, and the specification is as shown in
Table 1.
Table 1. Specifications of the collected vertical
member test data
Steel
grade

Diameter
(cm)

Thickness
(cm)

0.23
STK500

6.05
0.26

0.22

STK490

4.86

0.23

0.24

Length
(cm)
25.0
45.0
60.0
90.0
180.0
21.6
43.1
43.2
86.3
129.1
172.5
47.5
95.0
190.0
380.0
47.5
90.0
190.0
380.0
47.5
90.0
190.0
380.0

Number
of
members
3
3
3
3
3
86
61
34
110
137
140
3
4
4
4
47
54
63
63
51
54
69
84

(a) Experimental allowable strength and design allowable
strength curves for each of slenderness ratio

(b) The ratio of experimental allowable strength to design
allowable strength

Figure 1. Comparison of experimental allowable strength
and design allowable strength curve of system support

The experimental stress was obtained by dividing the
collected maximum experimental strength by the crosssectional area of each vertical member, and the allowable
stress was calculated by applying the safety factor of 2.5
suggested in the temporary structures design standard
specification.

The data of the unused vertical member (system scaffold)
through the experiment refer to the research result of Jang
(2020). Most unused products have been shown to exceed
the road bridge design standards as shown in Figure 3.
Therefore, sites using the unused product can use
allowable strength based on design criteria when
reviewing the structural safety of system scaffolds, but
sites using reused system scaffolds need to be used to
reduce allowable strength based on design code.

4. Allowable Stress Results for Reusable Vertical
Materials
Figures 1 and 2 show the experimental allowable strength
and design allowable strength curve of vertical members
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design allowable strength curve is shown in Tables 2 and
3. The allowable stress of the vertical member of the reuse
system was found to be about 88% of the allowable stress
specified in the design code. It is judged that applying a
level of 88% or less of the allowable design strength
according to the design criteria when designing the system
can lead to similar results to the performance tests of
temporary structures in a site.
Table 2. Average of experimental allowable
strength ratio to design allowable strength by
slenderness group
Steel grade
Experimental allowable strength and design allowable
strength curves for each of slenderness ratio

(a)
STK500

STK490

Slenderness ratio

Mean (SD)

10.5 & 12.1

0.838 (0.071)

21.0 & 29.1

0.843 (0.051)

42.1 & 43.7

0.916 (0.038)

63.0

0.874 (0.095)

84.2 & 87.4

0.876 (0.107)

Total

0.882 (0.097)

21.9 & 29.0

0.891 (0.102)

57.8 & 58.1

0.860 (0.123)

115.7 & 116.1

0.826 (0.130)

231.4 &232.3

0.714 (0.108)

Total

0.845 (0.173)

5. Conclusions
In this study, based on the test report of temporary
equipment (system scaffolding and system supports)
stored and managed at the construction site, the difference
between the actual strength characteristics of the vertical
member of the reused temporary equipment and the
allowable strength predicted by the design standards was
analyzed. The experimental allowable strength of most
reused vertical members was found to be low at about
71~91% of the design allowable stress. It is judged that
applying a level of 88% or less to the design of the reused
temporary equipment will be advantageous in securing the
structural safety of the reused system scaffolding and
system support in the site.

(b) The ratio of experimental allowable strength to design
allowable strength

Figure 2. Comparison of experimental allowable strength
and design allowable strength curve of system
scaffolding
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Figure 3. Comparison of experimental allowable strength
and design allowable strength curve of unused system
scaffolding
The reused vertical members were divided into 5 groups
and 4 groups according to their slenderness, and the
average of the experimental allowable strength ratio to the
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Abstract
Composite structures made of the square concrete filled steel tubular (CFST) column and steel beam have been widely
utilized for high-rise buildings due to their high strength, stiffness, and durability. Because the beam-to-column joint is a
critical part, its shear strength becomes an important issue to be investigated. In this paper, five calculation methods
provided by the American, European, Japanese, and Chinese design codes were reviewed and compared. Moreover,
previous test results were collected and then compared with the predictions by the mentioned codes. Results showed that
the American code and the Eurocode overestimated the panel zone yield strength by 45.7% and 11.6% on average,
respectively. By contrast, the Japanese codes and the Chinese code showed a good agreement with the test results.
Following the analyses and comparisons, suggestions on the design of panel zone shear strength in square CFST column
to steel beam joints with internal-diaphragm (ID) and through-diaphragm (TD) joints type were proposed.
Keywords: Concrete filled steel tubular column, Beam-to-column joint, Panel zone, Design codes
2. Calculation methods
2.1. American code
In the American code (AISC 341, 2016), the yield shear
strength Vy of the composite panel zone is calculated by
Eq.(1), where Ac is the area of the concrete core engaged
in panel zones; Aw is the cross-sectional area of panel zone
webs; Cv2 is the web shear buckling coefficient defined by
the American code (AISC 360, 2016); fc′ is the concrete
cylinder strength; fyw is the yield strength of steel webs.
Vy =2.325Ac fc +0.6f yw Aw Cv2
(1)

1. Introduction
Composite moment resisting frames (C-MRFs) with
square concrete filled steel tubular (CFST) columns and
steel beams have gained widespread usage, and the
internal-diaphragm (ID) and through-diaphragm (TD)
joints (see Fig.1) are two common joint types used in
C-MRFs. The panel zone, composited of steel webs and
core concrete, primarily transmits large shear forces under
seismic loads with substantially identical mechanical
models in ID and TD joints. Several codes have provided
methods for calculating the panel zone yield shear
strength. However, the applicability of these methods to
ID and TD joints is required to be fully investigated, and
the differences between these methods have not been well
concerned.
To this end, five calculation methods from the American,
European, Japanese, and Chinese codes are reviewed and
compared. Subsequently, previous tests are collected and
then compared with the predictions. Following the
analyses and comparisons, suggestions on the design of
panel zone shear strength for ID and TD joints are
proposed.

(a) ID

2.2. Eurocode
According to the Eurocode (EN 1994-1-1, 2004), Vy is
calculated by Eq.(2),
0.9 f yw Aw
Vy =
 0.85 Acs f c sin 
(2)
3
where Acs is the cross-sectional area of the inclined
concrete compression strut as calculated by Eq.(3); ν is a
coefficient of the column axial force effect; hc and bc are
the depth and width of steel column sections, respectively.
Acs =0.8  bc  2tcw  hc  2tcf  cos 
(3)
As shown in Fig.2(a), θ is the inclination angle of concrete
compression strut, as calculated by Eq.(4), where tcf and
tbf are the thicknesses of steel column flanges and beam
flanges, respectively.
 h  2tcf 
 =tan 1  c
(4)

 hb  tbf 
2.3. Japanese codes
In the Japanese code (AIJ, 1987), Vy is calculated by
Eq.(5),

(b) TD

Figure 1. Joint Configurations
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Vy = J Ac f J 

Aw f yw

N0 =As fs  Ac f c

(5)

3
where βJ is a coefficient reflecting the influence of panel
zone width-to-depth ratio, as defined by Eq.(6).
2.5hc
J =
 4.0
(6)
hb  tbf
The fJ defined by Eq.(7) is the core concrete shear
resistance.
f J =1.48+0.03f   0.1 fc
(7)

hb  tbf

(a) EN 1994-1-1
V

1

hcc

(b) AIJ 2008
Figure 2. Inclination angles of concrete compression strut
In the Japanese code (AIJ, 2008), Vy is calculated by Eq.(8)
with the consideration of column axial stress effect by von
Mises criteria,
Vy = Aw

f yw2   s02

  yVcu

(13)



hb  tbf

hb  tbf

1

hcc

1
M fp = bc tcf2 fs
4






(14)

2.4. Chinese code
In the Chinese code (CECS 159, 2004), Eq.(15) calculates
V y.
2 N y hcc  4M w  4M j  0.5 N c hcc
Vy =
(15)
hb
In Eqs.(16) ~ (19), the contribution of column web shear
strength Ny, column web flexural strength Mw, full plastic
moment of the internal diaphragm Mj, and the shear
resistance of the core concrete Nc are considered,
respectively, where bcc is the clear distance between the
column webs; tj and fj are the thickness and yield strength
of internal diaphragms; fc is the concrete prism strength.
tcw hb f yw
Ny =
(16)
3
hb2tcw 1  cos 3hcc hb  f yw


(17)
Mw =
6
1
(18)
M j = bcc t j2 f j
4
2bcc hcc f c
Nc =
(19)
2
4   hcc hb 
The applicable joint types of the five calculation methods
are summarized in Table 1, where the Y or N represents
whether the axial force effect is considered or not.

V

V

(12)

2

 hb  tbf  hb  tbf

1  tan
1 
 

hcc 
hcc





1

 s0 =  N N0  fs

1

V

hc  2tcf

(11)



Table 1. Applicable joint types of various methods
Methods

(8)

3
where βyVcu is the shear resistance of the concrete core
when steel webs yield; βy is the adjusted coefficient
defined by Eq.(9); hcc is the clear distance between the
column flanges.
h t
N
 y =0.228 b bf  0.520
 0.295
(9)
hcc
N0
In Eqs.(10) ~ (14), Vcu is the ultimate shear strength of
concrete core; N is the applied axial load; N0 is the axial
capacity of CFST columns; As is the cross-sectional area
of steel tubes; σs0 is the axial stress for steel tubes; Mfp is
the full plastic moment of tube flanges; θ1 is the
inclination angle of concrete compression strut, as shown
in Fig.2(b); fs is the yield strength of steel tubes.
h

M fp
Vcu =  cc tan 1  4
sin 1  hcc f c
(10)
 2

hcc f c



AISC 341
EN 1994-1-1
AIJ (1987)
AIJ (2008)
CECS 159

Joint type
Joint with square CFST
column
Joint with steel column
encased in concrete
Joint with square CFST
column
Internal-diaphragm joint
Through-diaphragm joint
Internal-diaphragm joint

Axial
force
N
Y
N
Y
N

3. Experimental data collection
Previous experimental studies on the panel zone behavior
of steel beam-to-square CFST column joints have been
conducted in recent decades. (Lu and Yu 2000; Nishiyama
et al. 2004; Fukumoto and Morita 2005; Cheng et al. 2017;
Fujimoto et al. 2019).
In this paper, a total of 29 specimens were collected, and
all the specimens suffered panel zone yielding or failure.
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were listed in Table 3.

Characteristics were listed in Table 2，where J and S
represent joint specimens and direct shear specimens,
respectively; C and M represent specimens subjected to
cyclic or monotonic loads, respectively; n (i.e., N/N0) is
the axial compression ratio; Vy,e is the yield shear strength
of composite panel zones.
The setups of the direct shear test were shown in Fig.3, in
which the boundary condition is similar to that of the
panel zone in beam-to-column joints without the axial
force effect.

Table 3. Vy/Vy,e
Spec
Name
YG2
YG3
YG4
YG5
SP1
SP2
SP3
R1
R2
R3
R5
R6
PZM1
PZM2
PZH1
PZH2
PZC1
PZC2
PZSS
PZST1
PZST2
PZS1
PZS2
No1
No2
No3
No4
No5
No6
AVG
SD

Table 2. Characteristics of specimens
Source
Lu and Yu
2000
Nishiyama
et al. 2004
Fukumoto
et al. 2005

Cheng et al.
2017

Fujimoto
et al. 2019

Spec.
Name
YG2
YG3
YG4
YG5
SP1
SP2
SP3
R1
R2
R3
R5
R6
PZM1
PZM2
PZH1
PZH2
PZC1
PZC2
PZSS
PZST1
PZST2
PZS1
PZS2
No1
No2
No3
No4
No5
No6

Spec.
Type
J-ID
J-ID
J-ID
J-ID
J-ID
J-ID
J-ID
J-TD
J-TD
J-TD
J-TD
J-TD
S
S
S
S
S
S
S
S
S
S
S
S
S
S
S
S
S

Load
Type
C
C
C
C
M
M
M
C
C
C
C
C
M
M
C
C
C
C
C
C
C
C
C
M
M
M
M
C
C

n
0.23
0.47
0.22
0.44
0
0
0
0.17
0.16
0.16
0.55
0.17
0
0
0
0
0
0
0
0
0
0
0
0
0
0
0
0
0

Vy,e,
(kN)
388
391
367
383
998
1343
1945
1477
1118
2347
636
1286
677
768
769
758
660
911
906
529
851
540
595
520
525
430
400
513
380

Fixed base

(a)

Loading
beam

Loading
beam

Test
specimen

EN
1994-1-1
1.322
1.694
1.327
1.642
0.985
0.920
0.966
1.399
1.152
0.969
1.677
1.470
0.985
0.991
0.867
1.004
0.904
0.986
0.925
1.190
1.053
1.349
0.956
0.920
0.900
0.896
0.930
0.955
1.043
1.116
0.254

Vy/Vye
AIJ
(1987)
1.114
1.131
1.095
1.076
0.885
0.885
0.856
0.881
0.950
0.695
0.860
0.970
0.990
0.971
0.872
0.983
1.024
0.882
0.918
1.122
1.059
1.186
0.988
1.028
0.959
0.927
0.938
1.051
1.059
0.978
0.106

AIJ
(2008)
1.083
1.156
1.050
1.095
0.997
0.993
1.015
1.087
1.036
0.846
1.165
1.173
0.912
0.921
0.804
0.933
0.904
0.875
0.882
1.021
1.032
1.257
1.162
0.995
0.970
0.847
0.899
1.028
0.974
1.004
0.113

CECS
159
1.055
1.092
1.039
1.044
1.099
1.009
1.034
1.000
0.941
0.751
0.911
1.071
0.969
0.976
0.854
0.989
0.922
0.944
0.922
1.147
1.053
1.234
0.981
0.956
0.912
0.880
0.902
0.989
1.017
0.989
0.095

4.1 Comparisons
According to Table 3, the methods from two Japanese
codes showed satisfactory predictions with the average
values of 0.978 for AIJ 1987 and 1.004 for AIJ 2008. The
Chinese method also provided a good agreement with the
average value of 0.989. The American method
overestimated the Vy by 45.7% on average. The European
method also overestimated the Vy by 11.6% on average.
Therefore, both the American and European methods
overestimated the shear strength Vy. The reason was
attributed to the overestimation of concrete shear
resistance. In Table 4, ratios of the shear resistance of the
core concrete (Vyc) to Vy were listed, representing the
contributions of the core concrete. Moreover, the AVG-A,
AVG-B, and AVG-C represent the average values for all
specimens, specimens with axial forces, and specimens
without axial forces, respectively.
According to Table 4, the American and European
methods had AVG-A values of 57.4% and 47.8%, which
were larger than those of Japanese and Chinese methods.

Loading

Loading

AISC
341
1.864
1.940
1.903
1.918
1.313
1.167
1.110
1.278
1.336
0.848
1.198
1.408
1.469
1.421
1.294
1.439
1.403
1.320
1.301
1.789
1.454
2.021
1.282
1.376
1.363
1.431
1.538
1.421
1.654
1.457
0.275

Test
specimen

(b)

Figure 3. Setups of the direct shear test
4. Comparisons and suggestions
The panel zone shear strength Vy of specimens was also
predicted by various codes with actual material properties.
The ratios of predictions to experimental results (Vy/Vy,e)
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The higher AVG values resulted in the overestimations of
the shear strength Vy because different methods provided
similar shear resistance for steel webs.
Table 4. Concrete contribution ratios
Items
AVG-A
AVG-B
AVG-C

AISC
341
57.4%
66.0%
53.5%

EN
1994-1-1
47.8%
64.3%
40.4%

Vyc/Vy
AIJ
(1987)
36.7%
44.3%
33.3%

AIJ
(2008)
38.9%
52.0%
33.0%

2)
CECS
159
36.9%
46.4%
32.6%

3)
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Moreover, for the specimens with axial forces, the AVG-B
values of American and European methods were 66.0%
and 64.3%, causing the overestimations of 52.1% and
40.6%, respectively, as shown in Fig.4.
For specimens without axial forces, the AVG-C value of
the American method was 53.5%, causing the 42.8%
overestimation of the specimens without axial forces, as
shown in Fig.4(a). The European method had the AVG-C
value of 40.4%, which was similar to those of Japanese
and Chinese methods, providing good predictions (0.986
on average).
2

Vy/Vy,e

1.5

With axial force
Without axial force
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1.521
1.428

1

0.5
0

Specimen

(a) American method
2

With axial force

Without axial force

Vy/Vy,e

1.5

1.406

1

0.986

0.5
0

average values of 0.989, 0.978, and 1.004,
respectively, so they are suggested to calculate panel
zone shear strength Vy for both internal-diaphragm
and through-diaphragm joints.
For specimens without axial forces, the European
method had good predictions with the average value
of 0.986. So, it is suggested to calculate Vy when the
axial force can be neglected.
The American method overestimated the Vy by
45.7% on average for its excessive contribution from
the core concrete.

Specimen

(b) European method
Figure 4. Values of Vy/Vy,e
4.2 Design suggestions
1) The Japanese and Chinese methods are suggested as
the calculation methods for both ID and TD joints.
2) The European method is applicable only when the
axial compression effect can be neglected.
3) The American method is not applicable to ID or TD
joints either.
5. Conclusions
1) The calculation methods from the Japanese and
Chinese codes had satisfactory predictions with
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Abstract
The practical application of cold-formed high strength steel is becoming increasingly popular in industry due to its high
efficiency and cost effectiveness. As a consequence of its high slenderness, the buckling resistance of steel struts made of
cold-formed high strength steel should be determined with carefulness, particularly in the case where circular holes are
present on the flanges and/or webs, which may reduce the buckling load of such steel struts. This paper presents a
parametric analysis on the buckling behaviour of axially loaded cold-formed steel struts, which are made up of
back-to-back channel sections with circular holes in flanges and webs. The buckling resistance of three back-to-back
channel sections with different lengths under axial loading are investigated by conducting nonlinear numerical analysis
with refined finite element models. The results of the parametric analysis are then compared with codified buckling
resistance determined using the buckling curves in Eurocode 3-1-3. In the end, the capability of the current EC3 to be
extended to cover higher steel grades is also briefly discussed.
Keywords: Finite element modelling, Cold-formed steel, Built-up section, Circular holes.
It is then of interest to assess the accuracy of the EC3
design approach for CFS members. Similar studies have
been conducted previously, including Haidarali and
Nethercot (2012), Chan et al. (2015), Ye et al. (2018), Roy
et al. (2019), etc, which, however, involved only a limited
range of basic CFS sections. Therefore, further studies
focusing on advanced CFS compound sections should be
carried out to fill the gap.
The present paper is aimed at investigating the buckling
resistance of axially-loaded CFS members through
numerical parametric analysis. The parametric analysis
involves three back-to-back gapped Sigma-sections that
have similar shapes but different sizes. A wide range of
slenderness is also considered in the analysis, which
covers CFS members with medium and high slenderness.
The buckling load of the numerical models will then be
compared with the design buckling resistance determined
based on EC3 provisions. Lastly, the applicability of the
EC3 design approach to high strength steel that is not
currently covered by the code is also briefly assessed.

1. Introduction
In recent years, the use of cold-formed steel (CFS)
members is growing rapidly in the construction industry,
as they tend to have higher strength-to-weight ratio than
hot-rolled members, hence greater efficiency. However,
CFS members are more likely to undergo buckling as a
result of its thin-walled nature. Possible buckling failure
includes local and distortional buckling, as well as global
buckling modes, such as flexural and torsional buckling.
Different buckling modes can occur simultaneously and
interact with each other, which makes it more difficult to
accurately predict the buckling resistance of CFS
members. The conventional approach used for predicting
the buckling load of CFS members is Effective Width
Method, which utilises effective cross-sections of CFS
members determined based on plate theory to account for
local buckling and its interaction with global buckling
modes. Such method has been widely used around the
world in different design standards, including the
European Standard Eurocode 3 (EC3) (CEN, 2005; 2006;
2019). Alternatively, a new method called Direct Strength
Method was proposed by Schafer and Peköz (1998) and
further developed by Hancock et al. (2001), which was
aimed at addressing the issue of increased complexity of
CFS sections with longitudinal stiffeners. Such method
has already been employed by the American and
Australian/New Zealand Standards, but has not been
adopted by the EC3 so far.

2. Description of the CFS Members
Three CFS cross-sections are included in the present study,
which are selected from the products available in the
market. The geometries of the cross-sections of the props
are shown in Figure 1 with dimensions given in Table 1,
namely Light Duty (LD), Medium Duty (MD) and Heavy
Duty (HD) props, which are back-to-back gapped sections,
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consisting of two Sigma sections with a 60-mm gap
between them. Besides, two steel grades were involved in
the analysis, i.e. S700 and S960. S700 is the highest steel
grade currently covered by EC3, while the latter is
considered in the present study to assess the possibility of
extending the current codified design approach to
ultra-high strength steel.

considering the more critical buckling mode between
flexural and torsional buckling. Lastly, for the selected
cross-sections, buckling curve b in EC3-1-1 was adopted
in the design.
3.2. Numerical Modelling in Abaqus
A total of 22 numerical models of the CFS members were
built in the commercial finite element software Abaqus
(Dassault Systèmes, 2014). Each member was labelled
follow the simple rule: Name-Length. For example, LD-3
represents the 3-m light duty member.
The strut members were modelled using shell elements
(S4R) while the endplates were modelled using solid
elements (C3D8R). The strut members were connected to
the endplates through tie constraints to simulate the fillet
welds. In addition, the assembly of short members into
long members was achieved by connecting adjacent
endplates through tie constraints. Since all the shell
elements were built as one integrated part, no constraint is
required between the CFS sections and the stiffeners.
Finally, pinned boundary conditions were considered
throughout the analysis. Figure 2 shows an example of the
numerical model and a view of the mesh. The yield stress
of S700 and S960 steel was assumed to be 700 and 960
MPa, while the ultimate stress was assumed to be 750 and
1250 MPa, respectively. The Young’s modulus of steel
was assumed to be 210 GPa.

Figure 1. Cross-section of the CFS members investigated
in this study.
Table 1. Geometry of
H
F
h
LD 220 45 138
MD 280 62 175
HD 360 92 232

the cross-sections (unit:
r
t
S1 S2 S3
3
2
16 21 7
5
4
17 19 16
8
6
22 23 16

mm).
S4
60
60
60

The ends of the CFS members are welded to endplates
that are 8, 12 and 15 mm in thickness for LD, MD and HD,
respectively. The two gapped Sigma sections are
connected through web stiffeners at the spacing of 500
mm. The web stiffeners are of 3, 4 and 6 mm in thickness,
respectively. Lastly, circular openings are present in both
flanges and webs of the channel section.
3. Parametric Analysis
3.1. Design Buckling Resistance
In EC3, the design buckling resistance of a cold-formed
steel member accounts for flexural buckling, torsional
buckling and torsional-flexural buckling mode, provided
that effective cross-section of the member is used
according to EC3-1-5 (CEN, 2019). In this study, only the
flexural and torsional buckling are considered, as all the
cross-sections are doubly symmetric.
For Class 4 cross-sections, as is the case of this study, the
buckling resistance is determined by Eq.(1), where Nc,Rd
is the design resistance under uniform compression, Aeff is
the effective cross-sectional area, fy is the characteristic
yield stress, γM1 is a factor equal to unit and χ is the
reduction factor, which is a function of the dimensionless
slenderness λ, as expressed by Eq.(2).

Nb, Rd 

 Aeff f y
  Nc , Rd
 M1



Aeff f y
N cr

Figure 2. Sketch of the assembly of 3-m strut member.
For all members included in the numerical study, a linear
buckling analysis was performed at the beginning and its
first three buckling mode shapes were extracted in order
to define the initial geometrical imperfection of struts.
The first buckling mode, which in this case was always a
flexural buckling mode, was adopted to define the global
imperfection. Subsequently, the second and third buckling
modes were utilised to define the local imperfection. The
amplitudes of global and local imperfection were assumed
to be L/750 and F/50 according to recommendations in
Eurocode (CEN, 2018; 2019), where L is the member
length and F is the flange width. After the linear buckling
analysis, the load carrying capacity (P max ) of each strut
member was determined by using the General Riks
method, where the geometric and material nonlinearity
were both accounted for.

(1)

3.3. Results and Discussion
Figure 3 shows the failure mechanism of three strut
representatives predicted by the numerical models. It can
be seen from Figure 3 that the failure of the struts were all

(2)

The critical buckling load (Ncr) should be determined
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combined flexural and distortional buckling. The
torsional buckling was on the contrary found to be not
significant, which in fact disagreed with the EC3 design
approach. In addition, it is also noticed in Figure 3 that
stress concentration tended to occur in alignment with the
position of holes near the middle of struts. However, such
stress concentration was only found in one half of the
compound Sigma-section, while it was found to be limited
in the other half of the section.

Figure 4. Comparisons between the numerical estimation
of load carrying capacity of the struts made of S700 and
S960 steel.

(a)

(a)

(b)

(b)

(c)
Figure 3. Examples of the failure mechanism of the struts:
(a) LD-3; (b) MD-4; (c) HD-6.
Figure 4 demonstrates the comparison between the load
carrying capacities of the struts made of S700 and S960
steel. It can be concluded that the increase of steel grade
from S700 to S960 did not lead to a significant increase of
the load carrying capacity of the struts, except those with
slenderness less than 1.5. As a consequence, it is found to
be of vital importance to optimise cross-sections for
higher steel grades in order to increase the efficiency of
CFS members.

(c)
Figure 5. Comparisons between the numerical maximum
load capacities and the design buckling resistance: (a)
light duty; (b) medium duty; (c) heavy duty.
Figure 5 demonstrates the comparison between the design
buckling load (buckling curves) and the load carrying
capacity estimated by the numerical model. It can be seen
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from Figure 5 that the struts involved in this study covered
slenderness ranging from 1.0 to 3.0, where the design
buckling loads were constantly lower than the maximum
compressive loads applied to the numerical models. In
general, the values of the ratio Nb,Rd/Pmax were found to be
between 0.5 and 0.75, regardless of steel grades. This
indicates that the EC3 tends to underestimate the buckling
load of the back-to-back gapped sigma sections by around
50% for struts with moderate slenderness, approximately
between 1.5 and 2.5, with respect to the numerical values.
In addition, it is anticipated from Figure 5 that, for each
cross-section considered, the curve associated with S960
steel shows a good match with that associated with S700
steel. This suggests that, despite the current EC3 covers
only the steel grade up to S700, it may also be applicable
to higher steel grade. Experimental studies should be
conducted to explore the possibility of safely extending
the current standardised design procedure to cover higher
steel grades.
4. Conclusions
This paper presents the result of a parametric analysis to
investigate the buckling behaviour of three back-to-back
gapped Sigma-sections under concentric compressive
loading, and to assess the capability of EC3 design
method to predict the buckling resistance of CFS
compound sections. The following conclusions can be
drawn:
 The use of higher steel grade did not increase the
buckling resistance of the CFS members considered
in this study, which suggested that optimisation of
cross-sections may be necessary for improved
efficiency;
 The EC3 design method tended to underestimate the
buckling resistance of the CFS members in this study
by around 50% for members with slenderness
between 1.5 and 2.5;
 The EC3 suggested that the members are most
vulnerable to torsional buckling, while the numerical
models exhibited a mix of distortional and flexural
buckling;
 It appears that the current EC3 design method has the
potential to be extended to cover steel grades higher
than S700. Further experimental work is under
progress at the University of Liverpool to validate
this conclusion and suggest code proposal for EC3.
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Abstract
A floor response spectrum (FRS) analysis is one of the common analysis methods that are used to determine the lateral
seismic design force of a nonstructural element attached to a structure. The FRS is an effective tool presenting the
dynamic amplification of nonstructural elements with different dominant periods. Current seismic codes allowing the
FRS to estimate the seismic force do not specifically describe number of ground motions applied to the elastic
time-history analysis (ETHA) of a structure. This study first presents FRS obtained from elastic floor acceleration
time-histories of a 3-story building employing reinforced concrete moment-resisting frames as a main seismic
force-resisting system. Horizontal seismic forces of nonstructural elements derived from the FRS are then compared to
those obtained from the equivalent static analysis (ESA). FRS curves are significantly influenced with the number of
ground motion records selected for the ETHA of the structure. Ordinates of the FRS curve are increased with the increase
in the number of ground motion records which are selected and scaled for the ETHA.
Keywords: Floor Response Spectrum Analysis, Elastic Time History Analysis, Non-Structural Elements, Number of
Ground Motion Records
2.2. Effects of Numbers of ground motions on FRS
Current seismic codes require for constructing an FRS
connecting maximum values in spectral accelerations
obtained from floor acceleration response time-histories.
The design seismic force of a nonstructural element with a
certain period can be estimated from the FRS. In this
process, a number of ground motion records was not
specifically required even if it significantly affects the
FRS.
Prior to performing ETHAs of the structure, 3, 7 and 11
pairs of records were randomly selected from 20 pairs of
ground motion records. Each selection was iteratively
carried out with enough numbers of trials and scaled to
match with the design acceleration spectrum. The ETHAs
were performed with the scaled ground motion records. In
order to exclude the torsional effects of the structure, FRS
were constructed from the elastic floor acceleration
time-histories obtained from the stiffness center on each
floor. Figure 1 presents the maximum (FRS3,max, FRS7,max
and FRS11,max) and minimum (FRS3,min, FRS7,min and
FRS11,min) FRS of all the selected 3, 7 and 11 ground
motion records. These FRSs are the 2nd floor acceleration
spectrum obtained from the ETHAs. Also, shown in the
figure is the FRS (denoted as FRS20) constructed with all
20 ground motion records for direct comparison. Note that
FRS20 can be considered as an analytically exact FRS.
Differences in the FRSs are remarkable in the range of
short periods. The largest deviation between the
maximum and minimum values (i.e. FRS3,max – FRS3,min)
is observed at FRSs constructed from 3 pairs of ground
motion records. It is noted that the lowest FRS, FRS3,min
can be utilized for the seismic design of nonstructural

1. Introduction
Current seismic codes allow to construct a floor response
spectrum (FRS) which is used to estimate the seismic
force of a certain nonstructural element. However, they do
not specifically describe the number of ground motions
implemented into elastic time-history analysis (ETHA)
that is preliminary required for the FRS. This study
presents the influence of the number of ground motion
records on the amplitude of the FRS which are utilized for
computing the seismic forces of nonstructural elements in
a building structure. Also, the seismic forces derived from
the FRSs obtained from different numbers of ground
motion sets are compared to those obtained from the
equivalent static analysis (ESA).
2. Comparative investigation on Number of Records
used for FRS
2.1. Description of Analytical Model
Prior to the construction of an FRS, ETHAs of a 3-story
reinforced concrete moment frame was performed. The
design spectral response acceleration parameters at short
periods and 1-sec period (SDS and SD1) were assumed to be
0.499 and 0.287, respectively. 100% of dead loads of the
structure was considered as the effective seismic weight.
The fundamental periods obtained from the eigenvalue
analysis and from an empirical equation (T1 and Ta) were,
respectively found to be 0.29sec and 0.48sec. Ground
motion records were scaled to match with the 5% critical
damped design response spectrum in the range from 0.2T1
to 1.5Ta.
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elements since the selected ground motions were selected
and scaled according to the current seismic design codes.

FRS decreased for the smaller number of ground motion
records selected. Especially, in the range of period 0.2sec
to 0.4sec, the average of FRS3 was resulted in 81% of
that of FRS11 .

Figure 1. The maximum and minimum values of FRSs
2.3. Comparison of Seismic Design Forces according to
Numbers of ground motions
In order to simplify the comparison of seismic design
forces derived from FRSs, they are normalized by the
product of the component importance factor, Ip, and the
component operating weight, Wp, as shown in Eqs. (1)
and (2) which are, respectively, applied to FRS and ESA
methods. Eq. (3) presents the minimum and maximum
seismic design forces of a nonstructural element.

0.4a p S DS 
z
1  2 
Rp
h

Fp / (Wp I p )  ai / Rp
0.3SDS  Fp / (Wp I p )  1.6SDS

Fp / (Wp I p ) 

Figure 2. The design seismic force obtained from FRSs
according to the number of the ground motions
3. Conclusions
This paper shows the effects of numbers of ground motion
records selected and ETHAs were carried out with
different numbers of ground motion record sets. The FRSs
are significantly influenced by the numbers of ground
motions. The FRS constructed with lower number of
ground motion records is more likely to produce the
significantly smaller seismic design forces of
nonstructural elements even if the FRS was constructed
according to the current seismic design codes.
In order to suggest the appropriate number of ground
motions for FRS, more comprehensive studies on various
seismic force resisting systems are required and are
followed by thorough investigation.

(1)
(2)
(3)

Where, ap is the amplification factor of a nonstructural
element considered. The parenthesis in the right side of
Eq. (1) ranges 1 to 3 and represents the amplification of
floor acceleration along the height to which the
nonstructural element is attached. In this study, a ratio of
z/h, was conservatively considered as 1 and the
component response modification factor, Rp, was
assumed as 2.5. The acceleration at a level i, ai is the
spectral acceleration corresponding to the period of a
nonstructural element in the FRS analysis.
The seismic design force of nonstructural elements
obtained from the mean values of FRS3, FRS7 and FRS11
(denoted as FRS3 , FRS7 and FRS11 ) were compared
to those from ESA, as shown in Figure 2. The seismic
design forces tend to decrease with the smaller number of
ground motion records selected, and the reduction was
remarkable in the range of short periods of nonstructural
elements. Although factors applied to in scaling ground
motions remained constantly, the seismic forces varied
with numbers of ground motion records, because the
probability of obtaining lager values of FRS increases in
using larger numbers of FRSs. Table in Figure 2 shows the
average of seismic forces obtained from the FRS3 ,
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Abstract
As the greenhouse gases (GHGs) from the materials in buildings are closely related to the global warming problems, an
optimal design method is needed for steel double-beam floor systems used in underground space requiring high gravity
loads. The steel double-beam floor systems reinforced with concrete panels can improve the structural and environmental
performance of buildings by reducing the moment demand and the embodied CO 2 emissions, However, the
time-consuming iterative analysis is required to derive an optimal design proposal of the steel double-beam floor systems
due to rotational constraints in composite joints between the concrete panel and steel beams. In this study, an efficient
optimal design method using the LM index is proposed to minimize the embodied CO2 emissions of the steel
double-beam floor system without the iterative analysis. The LM index is a measure that can select the optimal
cross-section of the steel beams considering the decreased moment capacity according to the unbraced length and is used
as the main parameter formulating the objective function for minimizing the embodied CO 2 emissions in the proposed
design method. First, the structural feasibility of the proposed design method was verified by investigating whether the
safety-related constraints were satisfied from the LM index with respect to design variables under various gravity loads.
Second, by comparing the embodied CO2 emissions between the proposed and code-based design method, the
applicability of the proposed optimal design method was verified. The proposed design method was able to provide the
environmentally-optimized design proposals with secured the structural safety of the steel double-beam floor systems
without the iterative structural analysis by directly selecting the LM index of the steel beams. Moreover, the steel
double-beam floor system was superior to the conventional beam-girder system in reducing the embodied CO2 emissions,
especially under the high gravity loads. Hence, the proposed optimal design method can improve the design efficiency of
the steel double-beam floor system in the practical field.
Keywords: Optimal design, LM index, CO2 emissions, Steel double-beam floor system, rotational constraints
cost and environmental impact, more iterative analysis is
needed to derive an optimal design proposal that
minimizes the objective function while satisfying the
structural safety.
In this study, an efficient optimal design method for steel
double-beam floor systems was developed by simply
providing the design parameters without the iterative
analysis. By introducing a new index named as LM index
on the design parameters and formulating the objective
function using the LM index, the optimal cross-section of
the steel beams can be selected by minimizing the
material quantity related to the embodied CO2 emissions.
The design feasibility of the developed optimal method is
verified by comparing it with the material quantity
calculated by the code-based design method.

1. Introduction
As urbanization has been accelerated to address the
growth in population, construction methods are needed to
efficiently utilize the limited space in the downtown area.
The top-down methods (Rhim et al. 2012, Kim et al.
2018) are an alternative to construct new buildings in
downtown areas by securing underground spaces, and
steel floor systems widely used for the structural systems
of the underground to increase workability (Fang and Jin
2014). Since the production of materials such as cement
and steel used in building construction yielded 11% of the
total greenhouse gases (GHGs) (IEA 2019), reducing the
material quantities can greatly contribute to solving global
warming problems. In this regard, the composite floor
systems capable of reducing material quantities have been
preferred to increase the environmental performance of
buildings (Dimoudi and Tompa 2008, Choi et al. 2020).
Optimal design methods make the additional reduction of
the material quantities even with the same structural
systems. However, the optimal design methods generally
required the time-consuming iterative analysis to
minimize the objective functions (Congedo et al. 2015,
Kaveh et al. 2020). In particular, in the case of a
multi-objective problem (Lee et al. 2020) considering the

2. Efficient Optimal Design Method using LM Index
2.1. Description of double-beam floor system
As shown in Fig. 1, the steel double-beam floor system
consists of steel-reinforced concrete (SRC) columns, steel
beams, and concrete panels, and the steel double-beams
are installed in a short direction to distribute the gravity
loads.
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2.2. Formulation of objective function using LM index
Generally, the cross-sectional areas of the structural
members were used for the objective function to minimize
the material quantity. To solve the dependency of the
design parameters between the double-beam and concrete
panel, in this study, the LM index (LbMn) has been defined
by multiply the unbraced length (Lb) and the nominal
flexural strength (Mn) of steel beams. As shown in Fig.
2(a), the LM index has a maximum value in Lr, so the LM
index in terms of capacity (LMC) is defined as Eq.(2)
using this unique characteristic. Similarly, the LM index
in terms of demand (LMD) is defined as Eq.(3) from the
results of structural analysis.

Without concrete panel

SRC column

Main girder

1000

2000

Bolted connection

M1

8200

Sub beam
Panel beam

10200

Double-beam

Concrete panel

With concrete panel

2000

6400

(a)

Maximum value (= LMC)

LrMr

1000

(b)

LbMn

2000

8400

1000

1000

2000

M2 (< M1)

Square type

LpMp

Rectangular
type

Figure 1. Structural plan of steel double-beam floor
systems and comparison of bending moment of
double-beam according to the absence of concrete panel.

Lp

In high gravity loads with live loads exceeding 6.0 kN/m2,
the material quantity of the steel double-beam system
without concrete panel (DBX) was increased due to the
increase of the positive moment of the double-beam, so
the material quantity of the DBX system would be
increased compared to the general beam-girder (GBG)
system (Choi et al. 2020). The steel double-beam floor
system with concrete panel (DBO) can reduce the positive
moment of the double-beam by installing the beam-end
concrete panel that reduces the effective length of the
double-beam and induces the negative moments at the
beam-end.
The rotational constraint induced by the concrete panel
was quantitatively evaluated considering the practical
boundary condition from the previous work (Choi et al.
2021). The stiffness ratio (μ), defined as the ratio of
rotational stiffness of the composite connection to the
flexural stiffness of the double-beam, was determined to
0.032. Using to the Kirchhoff-Love plate theory, the
design parameter of the concrete panel (i.e., thickness)
can be calculated from Eq.(1) to secure the rotational
constraint equivalent to the code-conforming rigid
connection. Since the design parameters of the
double-beam and concrete panel have a dependency, a
time-consuming iterative analysis is required to optimize
the material quantity of the DBO system.

TP 

3

12 1  v 2   EI / L 
Ep



Lb

Lr

Figure 2. Description of the LM index in hot-rolled
H-beam. (a) Relationship with the unbraced length. (b)
Unit weight according to the capacity of the LM index.
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where
is the unbraced length of the steel beams (m), Lir
is the limiting laterally unbraced length for the limit state
of inelastic lateral-torsional buckling (m), Mir is the
inelastic bending moment for lateral-torsional buckling
(kNm), LMiC is the LM index in terms of capacity (kNm2),
and LMiD is the LM index in terms of demand (kNm2).
The superscript i denotes i-th steel member.
Fig. 2(b) showed the unit weight for practical 95 H-beams
suggested in KD S 3502 (Korean Standard Association
2021) in accordance with the LMC. The relationship
between the unit weight and the LMC showed a
proportional relation, so the values of the LMC can be
considered as a weight. Therefore, using the LM index,
the objective function for minimizing the material
quantity can be established Eq.(4) as follows.
Lib

Minimize

M

WLM  b LM Ci  LM Di 
i 1

(4)

where WLM is the objective function of the material
quantity expressed in the LM index (kNm2) and ϕb is the
flexural strength reduction factor (0.9).

(1)

2.3. Constraint conditions in terms of LM index
The constraint conditions using the LM index are
expressed as Eqs.(5) and (6). Eqs.(5) and (6) are
employed as a safety-related constraint condition and a
constraint condition for selecting an H-beam with LMC
larger than LMD, respectively.

where Tp is the thickness of the concrete panel (mm), Ep is
the elastic modulus of the concrete panel (MPa), E is the
elastic modulus of the double-beam (205,000 MPa), I is
the moment of inertia of the double-beam (m4), L is the
length of the double-beam (m), μ is the stiffness ratio, and
v is the Poisson’s ratio of concrete (0.15).
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M ui
 1.0
b M ip

optimal design proposal between the code-based and
proposed optimal design methods will be discussed in
section 3.2.

(5)

LM Di
 1.0
b LM Ci
where Mip is the plastic bending moment (kNm).

(6)

Table 1. Results of moment demands and LM index in
terms of demand for the steel beams from frame analysis.
Live Load
Mu
LMD
Model
(kN/m2)
(kNm)
(kNm2)
GBG
489.5
2055.9
2.5
DBX
482.5
2026.5
DBO
181.2
579.8
GBG
600.5
2522.1
4
DBX
594.3
2496.1
DBO
222.8
713.0
GBG
747.8
3140.8
6
DBX
740.7
3110.9
DBO
278.6
891.5
GBG
896.5
3765.3
8
DBX
891.3
3743.5
DBO
336.2
1075.8
GBG
1196.4
5024.9
12
DBX
1188.7
4992.5
DBO
447.0
1430.4

2.4. Straight-forward optimal design process
Fig. 3 showed the comparison of optimization process
between code-based and proposed optimal design
methods. In the code-based design method, the iterative
analysis is required to minimize the material quantity
because the redesign of the steel beams will lead to the
redesign of the concrete panel. However, the proposed
optimal design method does not require the iterative
analysis in quantity optimization as shown in Fig. 3. The
cross-section of the H-beam that minimizes the objective
function can be directly selected from Eq.(4) without
repetition, after checking the constraint conditions for
Eqs.(5) and (6).
Initial design
conditions

<Code-based design>

<Proposed design>

Evaluate
constraint
condition

No

Redesign of
thickness in
concrete panel

Calculate LM Index in
terms of demand
(LMiD)

Redesign of
thickness in
concrete panel

Derive H-beam
satisfying constraint
condition

Yes

Select H-beam
minimizing objective
function

Check weight
objective function

Optimum?

Yes

No

Iterative process

Calculate thickness of
concrete panel

3.2. Design feasibility of proposed optimal design method
The steel quantities for the DBO system derived by the
code-based and proposed methods were summarized in
Table 2 based on the results of frame analysis. The steel
quantities derived by the two design methods were similar,
especially, the design proposals derived by the two design
methods were equal when the live loads are greater than
6.0 kN/m2. This result indicated that the proposed optimal
design method provides an optimal design proposal
equivalent to the code-based method under high gravity
loads exceeding the live loads of 6.0 kN/m2. Therefore,
the proposed optimal design method using the LM index
can provide a quantity-optimized design output similar to
the cod-based design method without the time-consuming
iterative analysis.

Straight-forward process

Calculate moment
demand

Design complete

Figure 3. Comparison of optimization processes between
code-based design and proposed optimal design methods.
3. Case Study to Underground Structures
3.1. Moment demands for various gravity loads
For various live loads, the design feasibility of the
proposed method is examined. The live load was divided
into five categories as summarized in Table 1 (see
previous work (Choi et al. 2020) for detailed information
about the live loads). The moment demand and LMD for
the steel beams are summarized in Table 1 from frame
analysis. MIDAS-Gen (MIDAS IT 2017) was used for
frame analysis and the dimensions of the structural plan
were summarized in Fig. 1. If the cross-section of the
H-beam initially assumed in a code-based design does not
meet safety-related constraints, the cross-section of the
H-beam should be changed because the safety-related
constraint conditions are mandatory in the structural
design. On the other hand, in the proposed design method,
the cross-section of the H-beam can be directly selected
using the LMC, which minimizes the difference from the
LMD summarized in Table 1. The comparison of the

Table 2. Designed steel quantity for steel double-beam
floor system with concrete panel (DBO) from code-based
and proposed methods.
Steel quantity (ton)
Live Load
Code-based
Proposed
(kN/m2)
method
method
2.5
62.2
64.2
4
68.6
71.6
6
80.0
80.0
8
90.0
90.0
12
105.5
105.5
3.3. Environmental efficiency of rotational constraints
Fig.4 showed the comparison of global warming potential
(GWPs) between the DBX and DBO systems in
accordance with the presence of the concrete panel (see
the previous work (Choi et al. 2020) for the detailed
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calculation process of the GWPs). For low live load
(below 6.0 kN/m2), the DBX system has a slightly smaller
GWP than the GBG system, but the DBO system shows
the smaller GWP value compared to the DBX system. In
particular, for high live load (exceed 6.0 kN/m2), while the
DBX system has a higher GWP value than the GBG
system, the DBO system has a smaller GWP value than
the GBG system. Therefore, the installation of concrete
panels improves the environmental performance of the
steel double-beam floor system more effectively under
high gravity loads. Furthermore, the proposed optimal
design method can be practically utilized in the quantity
optimization process requiring the environmental
performance evaluation.

2021. Composite effects on rotational constraints of
a double-beam system reinforced with beam-end
concrete. Engineering Structures, 228, 111585.
Congedo, P.M., Baglivo, C., D’Agostino, D., and Zacà, I.,
2015. Cost-optimal design for nearly zero energy
office buildings located in warm climates. Energy,
91, 967–982.
Dimoudi, A. and Tompa, C., 2008. Energy and
environmental indicators related to construction of
office buildings. Resources, Conservation and
Recycling, 53 (1–2), 86–95.
Fang, G.X. and Jin, Z.C., 2014. A study of the planning
methods in the underground work of top-down
construction in high-rise buildings. In: Advanced
Materials Research. Trans Tech Publications Ltd,
561–565.
IEA, 2019. CO2 emissions from fuel combustion. Paris,
France: International Energy Agency.
Kaveh, A., Izadifard, R.A., and Mottaghi, L., 2020.
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Figure 4. Comparison of global warming potentials
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(DBO) and without concrete panel (DBX).
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Load-sharing ratio of prebored and precast pile in
top-down method construction process. The

4. Conclusions
In this study, an efficient optimal design method using the
LM index is proposed to solve the time-consuming
iterative design process for the steel double-beam floor
system with the concrete panel. The LM index has a
unique characteristic of having a maximum value in the
limiting unbraced length for inelastic lateral-torsional
buckling (Lr). From the comparison of the design
proposals between the code-based and proposed optimal
design method, the LM index can provide the optimal
design proposal with securing structural safety. Moreover,
the developed design method was superb at providing a
quantity-optimized design option under the high gravity
loads.

Structural Design of Tall and Special Buildings, 27
(10), e1472.
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Abstract
The Saint-Venant torsion problem and the bending problem arising from a transverse shear load of prismatic columns with
a thick-walled L-shaped section, including equal-leg L-shaped section and unequal-leg L-shaped section, are solved
employing finite element method. Through parameter analysis, the simplified calculation formulas of torsion constant and
the position of shear center of L-shaped section are proposed, and the validation of the formulas are verified by ANSYS.
Keywords: Thick-walled L-shaped section, Saint-Venant problem, Transverse shear load, Torsion constant, Shear center
transverse shear load and Saint-Venant torsion was solved
by numerical methods, such as the boundary element
method (Sapountzakis and Protonotariou, 2008), the finite
element method (FEM) (Jog and Mokashi, 2014), and the
finite volume method (Chen et al., 2020). So far there is
no accurate and easy method to calculate the torsion
constant and shear center position of L-shaped
thick-walled sections.
This paper solves the Saint-Venant torsion problem and
the bending problem arising from a transverse shear load
of L-shaped thick-walled homogeneous sections by
employing the FEM through MATLAB. Through
parameter analysis, the simplified calculation formulas of
torsion constant and the position of shear center are
proposed, including equal-leg L-shaped section (ELS)
and unequal-leg L-shaped section (ULS), and the
validations of the formulas are verified by ANSYS.

1. Introduction
The structural members with L-shaped section are used in
high-rise residential buildings, such as L-shaped columns
and L-shaped shear walls. The L-shaped cross-sections of
them are not doubly symmetrical sections, and their shear
centers do not coincide with their centroid. Consequently,
when a transverse shear load does not pass through the
shear center, additional torque will be generated and the
member will be subjected to flexural-torsional coupling
loads.
The L-shaped cross-sections of the structural member
using in engineering generally belong to thick-walled
sections, because the width-to-thickness ratios of the
cross sections are normally less than 10. The mechanical
properties of thick-walled structural members are
different from those of members with thin-walled sections.
The assumptions of shear stress distribution in thin-walled
sections under torsion and transverse shear force are not
applicable to thick-walled sections. Therefore, if the
torsion problem or bending problem arising from a
transverse shear load of the column with a thick-walled
section is solved by the theory of thin-walled structures,
some misconceptions and errors will be introduced. The
shear center position of L-shaped thick-walled sections is
often mistaken with that of L-shaped thin-walled sections,
which is obviously a wrong concept.
The torsion constants of thick-walled sections, such as
Z-shaped, C-shaped, T-shaped, cross-shaped, and
L-shaped section, were calculated by solving the
Saint-Venant torsion (uniform torsion) problem using the
“analytical method” (Qian et al., 1956; Chen and Chen,
1981; and Chen and Chen, 1982). Using the same method,
the bending problem arising from a transverse shear load
of columns with T-shaped and C-shaped section was
solved, and the positions of the shear centers were also
calculated (Chen, 1982). However, due to the errors
introduced in the process of the aforementioned
“analytical method”, their calculations are wildly
inaccurate for sections with a certain width-to-thickness
ratio. In addition, the bending problem arising from

2. Governing equations
2.1. Governing equation of Saint-Venant torsion
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Figure 1. The section subjected (a) torsion and (b)
transverse shear load
Consider a prismatic column with an arbitrary shape cross
section as shown in Fig. 1(a). The material of the column
is assumed homogeneous, isotropic, and elastic, the
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respectively, and are the components of V. Ix, Iy, and Ixy are
the second moments and the product of inertia of the cross
section with respect to the ordinary as shown in Fig.1(b).
And the boundary condition of the aforementioned
warping function, that lateral surface of the column is free
from external force, restricts the solution of Eq.(6) and is
given as:
d
(7)
 0 ( x, y)  Ci (i  1, 2,, k  1)
dn
The shear stress of cross section arising from transverse
shear is given as:


(8)
 zx  G
 zy  G ,
x
y
Let x ( x, y) denotes the warping function of the cross
section for Vx = 1 and Vy = 0. And the warping function of
the cross section for Vx = 0 and Vy = 1 is denoted as
 y ( x, y) . The coordinates (xs, ys) of the shear center of the

elasticity modulus and shear modulus of which are E and
G respectively. The cross section of the column is
bounded by k+1 piecewise smooth contours, denoted by
Ci (i = 0,1, …, k). The C0 is the external boundary, and the
rest of the contours are internal boundaries, as shown in
Fig. 1(a). The origin of the coordinate is located at the
centroid of cross section, and the z-axis coincides with the
centroidal line of the column.
When the column is subjected to a torque Mz, the
displacement components in x, y, and z directions are
given as:
d
(1)
u   ( z ) y, v   ( z ) x, w 
 ( x, y),
dz
where  ( z ) is the torsion angle of the cross section at a
distance z from the bottom,  ( x, y) is the warping
function of torsion. It is worth mentioned here that d dz
is a constant for the column subjected Saint-Venant
torsion. The governing equation of Saint-Venant torsion is
given as:
 2  2
(2)
2 ( x, y)  2  2  0 ( x, y)  R,
x
y
And the solution of Eq.(2) requires the specification of the
boundary condition, that the lateral surface of the column
is free from external force. The boundary condition for
Eq.(2) is given as:
d
  x cos(n, y )  y cos(n, x) ( x, y )  Ci (i  1, 2,, k  1),
dn
(3)
where n is the normal direction of the contour, as shown in
Fig.1, d dn denotes the directional derivative normal to
the boundary curves Ci. The shear stress of cross section
due to Saint-Venant torsion is given as:


(4)
 zx  G ( z )(  y),  zy  G ( z )(  x),
x
y
where  ( z ) denotes d dz . The torsion constant It of
the cross section can be obtained from


(5)
I t   ( x 2  y 2  x
 y )dxdy ( x, y)  R
y
x

cross section in the coordinate system shown in Fig.1(b)
can be obtained from
 y
 y
x  G (
x
y )dxdy
s
y
x
(9)
 x
 x
y  G  (
x
y )dxdy
s
y
x
3. The torsion constant of L-shaped sections
b

R1
c
R2

R3

d

a

Figure 2. Three rectangular components divided in a
L-shaped section
The numerical solution of the warping function due to
Saint-Venant torsion is solved by using FEM through
MATLAB. And according to Eq.(5), the torsion constant
of L-shaped homogeneous sections can be obtained. In the
literature Qian et al. (1956), the L-shaped section is
divided into three rectangular components, as shown in
Fig.2, and the torsion constant of L-shaped sections can be
calculated by the product of the sum of the torsion
constants of these three rectangular components and a
coefficient  , that is written as:
(10)
I t   ( I R1  I R2  I R3 ),
where IRi (i =1,2,3) is the torsion constant of the rectangle
in an L-shaped section, which can be calculated by the
rectangular torsion constant formula. It is worth
mentioned here that the coefficient  in Eq.(10) should
converge to 1 when an L-shaped section tends to be a
thin-walled L-shaped section or a rectangular section by

2.2. Governing equation of bending problem arising from
transverse shear load
When the column is subjected to a transverse shear load V
applying at the shear center of the top cross section, as
shown in Fig.1(b), the warping function of the cross
section at a distance z from the bottom is denoted as
 ( x, y) . In light of the literature (Sapountzakis and
Protonotariou, 2008), the governing equation of
transverse shear load is given as:
 2  2
 2 ( x, y )  2  2
x
y
(Vx I x  Vy I xy ) x  (Vy I y  Vx I xy ) y

( x, y )  R,
G ( I xy2  I x I y )
(6)
where Vx, Vy are the transverse shear force along x, y axes
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thickness-length ratios  ranging from 0.02 to 0.99 and
length ratio of legs  ranging from 0.02 to 1 are studied,
and the torsion constants of them are calculated. The
calculation formula of the coefficient  for the torsion
constants of ULSs obtained by fitting the numerical
calculation results is given as:
66.7 (159.4 1.069  79.04 1.394  80.5)   1
  1
(42.41 2  18.55 1.8  42.89)(209.5 0.9346  82.43)
(12)
The numerical calculation results and the fitting function
of the coefficient  of ULSs are shown in Fig.4. The root
mean square error (RMSE) of predicted values of Eq.(12)
is 0.056, and the adjusted R-square of the fitting model is
98.4%, indicating a satisfactory fit.

making the leg thickness smaller or larger, and in both
cases, this formula coincides exactly with the formulas of
the torsion constant of L-shaped thin-walled section and
rectangular section.
However, employing the coefficient  given in literature
Qian et al. (1956) to calculate the torsion constant of ELS,
will introduce a large error. Therefore, this paper gives a
modified coefficient  for the torsion constants of ELS
and ULS through parameter analysis. For the sake of the
easy accessibility of fitting functions, the calculation
formulas by fitting work for the torsion constants of ELS
and ULS are separated. Only the L-shaped sections with
two legs of equal thickness (b=d) are considered here,
because these sections are more common in engineering.
As shown in Fig.2, the lengths of the longer leg and
shorter leg of the L-shaped section are a and c,
respectively, and the thicknesses of them are d and b.
3.1. The torsion constant of ELS
Let  denotes the thickness-to-length ratios of ELSs,
which is equal to d c and can describe all different
shapes of ELSs, including thick-walled sections (  0.1)
and thin-walled sections (  0.1) . The torsion constants
of a total of 27 ELSs with different thickness-length ratios,
that range from 0.02 to 0.99, are calculated. And the
coefficient  can be obtained according to Eq.(10). The
calculation formula of the coefficient  obtained by
fitting the numerical calculation results is given as:
66.7(  1)
(11)
  1
42.41 2  18.55 1.8  42.89
Fig.(3) shows the numerical calculation results and the
fitting function of the coefficient  . The coefficient
 given in the literature (Qian, 1956) and that obtained in
ANSYS are also shown in Fig.3. The validation of the
calculation method proposed in this paper is verified by
the results from ANSYS, as shown in Fig.3. The
coefficient  given in this paper is considerably accurate,
comparing to that given in the literature (Qian, 1956).

Figure 4. The coefficient  of torsion constant of ULS
4. The shear center of L-shaped sections
In this paper, the coordinates of the shear center of
L-shaped sections are defined by the relative position to
the corner point A, as shown in Fig.5. The horizontal
coordinates xs of the shear center is the transverse
distance between the shear center and point A, and its
vertical coordinate ys is the vertical distance from point
A to the shear center. The coordinates of the shear center
of L-shaped sections can be calculated by defining two
dimensionless coefficients  x and  y , that is given as:
xs   x

a b
d
 , ys   y
c 2
2

b

(13)

: shear center

b/2
xs

c

Figure 3. The coefficient  of torsion constant of ELS

ys

A

3.2. The torsion constant of ULS
The ratio of the length of the shorter leg to that of the
longer leg (length ratio of legs) is denoted as  which is
equal to c/a. A total of 380 ULSs with different

d/2

d

a

Figure 5. The coordinates of the shear center
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4.1. The shear center of ELS
The coordinates of the shear center of 27 ELSs mentioned
in Section 3.1 are calculated. And the coefficients  x and

The coordinates of the shear center of the 380 ULSs
introduced in Section 3.2 are calculated. The fitting
functions of the coefficient  x and  y are given as:

 y can be obtained according to Eq.(9) and Eq.(13). The

 x  1.249  2.36  12.3  5.863  47.58 2  6.312 3

fitting functions of the coefficient  x and  y are given
as:
1.09(  1)
(14)
,  y  x
x  1 
e  1.91 1  3.58
The results calculated by the numerical method proposed
in this paper and ANSYS and the curve of fitting function
are shown in Fig.6. The validation of the numerical
method proposed in this paper is verified by the results
from ANSYS.

 6.069 2  36.48 2  75.88 3  3.637 4  47.67 3
 55.95 4  2.738 3 2  20.34 4  15.48 5

 y  1.015  0.934  1.511 2  1.123  0.66 2  3.655 2
 0.584 4  2.319 2 2  0.932 3

(15)
The numerical calculation results and the fitting function
of them are shown in Fig.7.The RMSE of the predicted
values of the coefficient  x and  y are 0.025 and 0.010,
and the adjusted R-square of the fitting models of them is
98.4% and 99.2%, respectively, indicating the goodness
of fit is satisfactory.
5. Conclusions
This paper solves the Saint-Venant torsion problem and
the bending problem arising from a transverse shear load
of the L-shaped homogeneous sections with equal leg
thickness employing FEM. The simplified calculation
formulas of torsion constant and the coordinates of the
shear center of the L-shaped section, including ELS and
ULS, are proposed, and the validation of them are verified
by ANSYS.

Figure 6. The coefficient  x of the shear center of ELS
4.2. The shear center of ULS
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Abstract
The steel box girders are easily subjected to fatigue cracking under repeated loads, combined with the effects of welding
defects, welding residual stress, short influence lines, etc. The fatigue cracks will cause severe damage to structures if left
untreated when it grows longer. There are many fatigable details in steel box girder, such as the butt welds, diaphragmrib welds, rib-deck welds, arc notch, etc. Thereinto, the arc notch cracks become a serious problem and have raised a lot
of concern in recent years because of the particularity of arc notch structure. In order to study the fatigue performance
and fatigue strength of arc notch of steel box girder, an experimental study was carried out on the weld details between
diaphragm and arc notch in steel box girder. The bending fatigue tests of 9 diaphragm-rib specimens were carried out by
the vibration fatigue test system, and the fatigue life of arc notch under different loading stresses was studied. And crack
propagation life was obtained by fitting the bending fatigue test data based on Paris formula. The results show that the
fatigue strength of arc notch in diaphragm-rib specimens is about 46MPa, which is lower than 70MPa recommended by
Chinese steel structure standard (JTG D64-2015) and 71MPa recommended by European standard (BS EN 1993-10:2005). Fatigue cracks are prone to appear and grow further under the out-plane vibration in arc notch. The rates of
fatigue crack propagation change significantly during the fatigue crack growth, and follow the law of slow growth at first,
then fast growth, and finally slow growth, which shows the crack propagation type of arc notch is verified to be a mixed
one. These conclusions show the fatigue performance of arc notch of diaphragm, which can provide a theoretical reference
for the repair of fatigue cracks in this fatigable detail.
Keywords: Steel box girder, Fatigue tests, Crack growth, Mixed mode crack
fatigue detail at arc notch of diaphragm and U-rib. Nine
specimens were fabricated with the material of Q345qD
steel according to Chinese standards. The carbon dioxide
gas shield welding was used in the production of these
specimens, and ultrasonic flaw detection was taken to
ensure these specimens had no welding defects. The
chemical composition of the material (Q345qD) is given
in Table 1.

1. Introduction
Steel box girder has become the major form to long-span
steel bridge because of its advantages, such as light weight,
good stability and easy construction. However, in recent
years, due to the complex structure and numerous welds,
combined with the traffic volume increasing rapidly,
fatigue crack become an increasingly prominent problem,
which is a vital problem in steel box girder maintenance
[1-3]. The arc notch between diaphragm and longitudinal
rib is one of the typical fatigue crack details because of its
special structure [4-6]. Scholars have carried out extensive
research on this fatigue detail. It is generally believed that
the fatigue cracks grow at the welding toe between
diaphragm and U-rib belongs to tensile-shear mixed mode
crack [7]. Compared with the single tensile mode crack,
the propagation rate of the mixed mode crack will change
significantly under shear load, which makes the fatigue
life of this type of crack more difficult to predict, hence
the maintenance is more difficult [8-9].
In this study, the fatigue cracks at arc notch between
diaphragm and U-rib of steel box girder were taken as the
research objects, and fatigue tests were carried out to
study the fatigue crack propagation law and the change of
fatigue strength under different loading stresses, then
fatigue life were calculated by fitting the test data. The
results can be used as the theoretical basis for crack
maintenance.

Table 1. Mechanical properties
Specimen
Q345qD

Yield

Tensile

Strength

Strength

(MPa)

(MPa)

345

480

Elongation
(%)
20

Strain rosettes and strain gauges were used in these tests
for stress measurement. The resistance of strain rosettes is
120Ω, and the sensitivity ratio is 2.0 ± 1.0%. Strain rosette
was placed at a distance of 10mm from the weld, which
was used to determine the actual loading stress amplitude
and monitor the stress changes in different directions
during the crack propagation. The number of test points is
SG1, SG2 and SG3, and SG3 was used to measure
nominal stress. The strain gauge SG4 was arranged at a
horizontal distance of 30mm from the end of arc notch
weld to measure the change of local stress during crack
propagation. The right measuring points were arranged
symmetrically with the left measuring points, numbered
from SG5 to SG8 in turn. Details of the specimens and

2. Testing situation
2.1. Specimens and measuring points
In this paper, fatigue tests were carried out based on the
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measuring points were shown in Figure 1.

Figure 1. Schematic diagram of specimen and measuring points
2.2. Test plan
Small-sized vibration fatigue test system was used to carry
out fatigue loading. The roof of specimen was fixed on
one side of the steel base by high strength bolts, to make
the diaphragm in cantilever state. Fatigue test machine
was fixed on the lower part of diaphragm. Cyclic loading
with a stress ratio of -1 was applied to cause the out-plane
deformation of specimens. Details of test devices were
shown in Figure 2.

3. Analysis of fatigue cracking
3.1 Rate of crack growth
The relationship between crack length ‘a’ and loading
cycles was shown in Figure 3. As shown, the growth rate
of fatigue cracks followed a trend of increasing first and
decreasing then. During the crack initiation stage, the rate
of crack propagation was slow. With the crack length
increased, the rate increased rapidly and reached a peak,
meanwhile the crack length was usually 40 to 60mm.
When the crack length exceeded 60mm, the rate gradually
reduced.

Figure 2. Test devices
Nine specimens were divided into two groups according
to the nominal stress amplitude:80MPa and 100MPa, as
shown in Table 2. These two groups of specimens were
loaded continuously till fracture.
Figure 3. Fatigue crack growth rate

Table 2. Diaphragm test conditions
Number

Nominal stress (MPa)

SN1~SN5

80

SN6~SN9

100

3.2 Fatigue strength
In general, compared with the fatigue damage
accumulation stage, the fatigue crack growth stage has a
shorter life. To take unified evaluation, the cycle number
when the crack grows to about 40mm (curve length) was
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strength curve, here the value is 3.

used as the evaluation index of fatigue strength. Based on
the fatigue test data obtained, S-N curves with 97.7%
survival probability were fitted referred to standards
recommended by the International Institute of Welding
(IIW), as shown in Figure 4. According to the definition,
the fatigue strength of arc notch between diaphragm and
U-rib is about 46MPa. Similar fatigue details are specified
in the Chinese standard and European standard. Fatigue
strength value recommended by Chinese standard and
European standard is 70MPa and 71MPa respectively,
both higher than the result obtained by fatigue tests.
On the basis of the fatigue tests in this paper, the fatigue
test results of other scholars [10] were also added to
Figure 4. As shown, the fatigue strength value
recommended by Chinese standard and European
standard is rectified and optimized. There were some
differences between the loading method adopted in this
paper and the stress method specified in these standards,
fatigue damage is closely related to the stress
characteristics. Therefore, the differences of loading mode
may be the reason for the difference between the test
results and the recommended values. The fatigue strength
value of arc notch between diaphragm and U-rib needs to
be further studied and discussed in future research.

According to Paris formula, the test data of crack initiation
stage were fitted linearly, and the relationship of crack
growth life based on Paris formula was shown as Figure
5.

Figure 5. Crack growth life
The initiation life of cracks under two types of loading
stress amplitude were about 6.1×103 times and 5.2×103
times respectively. The results show that fatigue cracks are
easy to appear and grow further under the out-plane
vibration in arc notch.
4. Conclusions
The fatigue tests were designed based on the arc notch
fatigue details of diaphragm, and the fatigue strength and
crack growth behavior were discussed. The following
conclusions can be drawn:
(1) Fatigue cracks in the arc notch weld are more likely to
occur under the out-plane vibration of diaphragm. The
growth rate of fatigue cracks shows the law of slow
growth first, then fast growth, and finally slow growth.
Crack growth shape is basically consistent with that on the
same parts of the real bridges.
(2) The results of fatigue tests show that the fatigue
strength of arc notch in diaphragm is about 46MPa, which
is lower than 70MPa recommended by Chinese standard
(JTG D64-2015) and 71MPa recommended by European
standard (BS EN 1993-1-9:2005).

Figure 4. S-N curves
3.3 Crack initiation
Bubble method was used to observed fatigue cracks. Path
length and cycle number were recorded according to the
indication of bubble. The result of fatigue test shows that
all the fatigue cracks originated from the weld between
diaphragm and U-rib, and grown towards the base
material. Most of these cracks were observed for the first
time when grown to about 10mm.
Since there is a certain deviation between the real load
stress amplitude and the theoretical load stress amplitude,
in order to obtain the crack initiation life of specimens
under these two kinds of stress amplitude, Eq.(1) was
adopted to unify the loading cycles N corresponding to the
actual stress amplitude S to the equivalent loading cycles
at specified stress amplitude.
Neq = (𝑆⁄𝑆𝑒 )m × N
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Abstract
In this study, low cycle fatigue crack growth tests with several structural steels were performed, in which compliance
method was newly introduced to determine crack size that is a technique usually used in high cycle fatigue region. The
test results indicated that the crack size from the compliance method relatively agrees with that from image
measurements, and the proposed relationship between the compliance and the crack size was verified. Moreover, it was
revealed that the crack growth rate can correlated with the cyclic J-integral range calculated by finite element analysis
regardless of the steel types.
Keywords: Low cycle fatigue, Crack growth rate, Compliance method, Cyclic J-integral range
1. Introduction
Low cycle fatigue is one of the failure modes in steel
structures during earthquakes. Basically, low cycle
fatigue life is defined as the sum of the crack initiation
and propagation lives. When evaluating seismic
performance of steel structures, it is important to predict
crack growth behavior as well as crack initiation in low
cycle fatigue region.
The Coffin–Manson law, which was derived from past
studies on the crack initiation life, is a well-known
prediction model that represents the crack initiation life
as a function of the plastic strain amplitude. As for the
crack propagation, previous studies established a crack
growth curve in the low cycle fatigue region, which
represents the relationship between the crack growth rate
and the cyclic J-integral range. In these studies, a
structural mild steel and deposited metal were used for
the crack growth tests, however, there are a variety of
steel types and grades that are usually applied to steel
structures.
In this study, low cycle fatigue crack growth tests with
several types of structural steels were performed to
clarify their crack growth characteristics, in which a
compliance method was newly introduced to determine
crack size that is a technique usually used in high cycle
fatigue region.

Pmax
0.8Pmax
50

Regression line
Ci= v/ p

p

Load (KN)

v

0.2Pmax

0

-50

0

1
Displacement (mm)

2

Figure 1. Calculation of load-displacement slope
2
3
4
5
ai / W  A0  Au
1  A2u  A3u  A4u  A5u

(1)

where ai is the crack size of ith cycles, W is the length
from the loading center to the edge of a CT specimen,
and A0~A5 are the constants which can be determined by
regression analysis. The elastic compliance, denoted as u,
is calculated based on Eq. (2):

2. Compliance Method
The compliance method is a technique to determine
crack size for a specimen in high cycle fatigue region.
This method correlates the compliance, which is the
reciprocal of the load-displacement slope normalized
with elastic modulus and specimen thickness, with crack
size as given in Eq. (1):

u  1/ [( Be ECci )1/2  1]

(2)

where Be is the normalized specimen thickness, E is the
Young’s modulus, and Cci is the reciprocal of the
load-displacement slope which can be calculated in an
unloading loop as shown in Figure 1.
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Figure 4. Elastic slope u versus yield stress

(a) CT specimen

u
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0.2

(b) Detail of side groove
Figure 2. Configuration and dimensions of CT specimen
(units: mm)
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Figure 5. Elastic slope u versus secondary slope

u
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Symmetry boundary

Figure 3. FE model in ABAQUS
Table 1. Parameters in the analysis
Yield stress
(N/mm2)

Secondary
slope

200
400
600

E/80
E/100
E/200

0.1

Displacement
patterns (mm)
-1.5-0
-0.75-0
0-0.75
0-1.5

-1

ai/W=0.2

ai/W=0.4

ai/W=0.3

ai/W=0.5

0
1
Displacement amplitude (mm)

Figure 6. Elastic slope u versus displacement patterns
Then, the applicability of this formula was confirmed by
comparing the elastic compliance u between in the
formula and experiments.
Finite element analysis was carried out with 2
dimensional models with CPS4R elements in ABAQUS.
Configuration and dimensions of a CT specimen used in
this study is shown in Figure 2. As shown in Figure 3,
the symmetry condition was applied to the FE model. A
bilinear constitutive equation was used for the material
model.

As shown in figure 1, which is a schematic load and
displacement relationship of one cycle, the slope of the
load-displacement curve was extracted from linear
regression line in unloading process which ranges from
80% to 20 % of the reached maximum load in the cycle.
In this study, first, a regression formula with a function
as Eq. (1) was derived based on the simulation results.
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Table 2 Material parameters for combined hardening
models

0.5

Material

Parametric analysis
Regression line

LY225
SM570
SBHS500

ai/W

0.4

0.3

0.2

0.25

u

Isotropic
R∞
b
158
2
169
2
186
1

Kinematic
X∞
r
61
102
243
44
223
64

size ai if a correlation can be created between them.
Based on all results of parametric analysis as plotted in
Figure 7, the regression formula to determine the crack
size in CT specimens in this study can be derived as
follows:

0.2
0.15

Yield stress
(N/mm2)
181
529
497

ai / W  22987u 5  23280u 4  9347.2u 3

1863.5u 2  187.39u  8.1928

Figure 7. Crack size versus elastic slope

The applicability of Eq. (3) to other structural steels was
confirmed. Three kinds of steels, such as a low yield
strength steel (JIS LY225), a high strength steel (JIS
SM570), and a steel for bridge high performance
structure (SBHS500), were analyzed to obtain the elastic
slope under different crack sizes. As described later,
these steels were used in the crack growth tests.
The combined hardening rule was employed for these
steels. Based on a tensile curve for repeated unloadings
until compressive yield stress is reached, both isotropic
and kinematic hardening parameters were identified. The
material test was performed using a round-bar specimen
cut out from the steel plates used for the specimen, and
its material parameters are listed in Table 2.
Figure 8 shows the comparisons between the elastic
slope u estimated by Eq. (3) and that analytically
obtained for JIS LY225, SM570 and SBHS500. The
variation in the relationship shown in the graph was
within ± 5%, confirming the effectiveness of Eq. (3).

LY225
SBHS500

0.25

Estimated u

SM 570

+2% offset solutions
1

0.2

1

2% offset solutions
0.15
0.15

0.2
Analysis u

(3)

0.25

Figure 8. Verification of proposed formula
Parametric analysis was performed in models with
different crack length to confirm the effect of the yield
stress and secondary slope in the material model, and the
displacement applied to the model on the elastic slope u.
In the analysis, as listed in Table 1, the yield stress and
secondary slope, and the applied displacement patterns
were parametrically changed. Total 36 cases were
implemented for the analysis.
The relationship between the elastic slope u and each
parameter under representative crack sizes are showed in
Figures 4 to 6. The result indicates that the elastic slope
slightly increases as the yield stress increases from 200
N/mm2 to 600 N/mm2, and that the secondary slope has
little effect on the slope u. On the other hand, the elastic
slope tends to change with the displacement patterns
converting from compressive to tensile side, as shown in
Figure 6.
Although the parameters shown in Figures 4 to 6 affect
the elastic slope, it can be found that the crack size is a
dominant factor for the slope, meaning that the elastic
slope dramatically decreased from 0.27 to 0.15 as the
crack size ai/W increased from 0.2 to 0.5. This indicated
that the elastic slope u can be used to estimate the crack

3. Low Cyclic Fatigue Crack Growth Tests
This study performed crack growth tests in low cycle
fatigue region using a CT specimen shown in Figure 2.
Four kinds of steels, such as JIS SS400 (mild steel),
LY225, SM570, and SBHS500, were used in the test.
During the test, a crack size was determined using two
methods. One is the image technique which was used in
previous studies, and the other is the compliance method
proposed in this study. In the compliance method, the
elastic slope of each cycle was calculated in unloading
process of load-displacement curve as shown in Figure 1,
and the crack growth rate, which is defined as a crack
growth size per cycle and denoted as da/dN, can be
obtained from Eq. (4):

da / dN  (ai 1  ai ) / ( Ni 1  Ni )

(4)

According to previous studies, the crack growth rate
da/dN is highly correlated with cyclic J-integral range,
which can be calculated by FE analysis and referred to
ΔJ. The following formula was derived based on the
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previous studies on structural mild steel and deposited
metal:

da / dN  1.74 10  J

The relationships between the crack growth rate and the
cyclic J-integral are shown in Figures 9 and 10. In Figure
9, the crack growth rate was obtained using the image
technique, while the compliance method was used for
crack size determination in Figure 10. In the graphs, a
mean curve (Eq. (5)) and curves obtained by shifting the
mean curve by two standard deviations, which are based
on the result of previous studies, are also shown.
From Figures 9 and 10, it was revealed that almost all
data of LY225, SM570, and SBHS500 distributed in the
similar location as the result of SS400, verifying the
applicability of Eq. (5) to different types and grades of
steels.
Furthermore, the results from the compliance method
similarly distributed as those from the image technique.
This indicates the possibility that the compliance method
is also effective to determine the crack growth behavior
in low cycle fatigue region.

1

Crack growth rate (mm/cycle)

5. References
Arief, P., Tateishi, K., Shimizu, M., Hanji, T. (2021).
“Investigation on low cycle fatigue crack propagation
in steel under fully random variable amplitude
loading.” Journal of structural Engineering, Vol.67A,
pp.1-7.
Hanji, T., Terao, N., Tateishi, K., Shimizu, M. (2016).
Fatigue crack growth rate of steel under large cyclic
strain and its application to crack growth prediction in
welded joints.” Steel Construction Engineering, No.23
(89), pp.85-95 (in Japanese).
Jia, L.J., Kuwamura, H. (2014). “Prediction of cyclic
behaviours of mild steel at large plastic strain using
coupon test results” Journal of structural Engineering,
04013056, pp1-9.

Mean curve:
2.00

-3

10

1

10

2

10
Cyclic J-integral range (N/mm)

3

10

4. Summary
The results obtained in this study are summarized as
follows:
1) This study newly proposed the compliance method
for determining crack size in low cycle fatigue
crack growth tests.
2) The test results with different types and grades of
steels showed that the relationship between the
crack growth rate and the cyclic J-integral
developed in previous studies is applicable to other
types and grades of steels.
3) The compliance method proposed in this study was
verified though the crack growth tests with different
steels.
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Figure 10. Verification of compliance method
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Abstract
Steel structures have been widely utilized in many industries based on their advantages of high strength, light weight,
good mechanical properties and recyclability. To prevent ruinous failures of cracked steel structures, it is primary to
accurately investigate the stress intensity factors (SIF) for these cracks. The carbon fiber reinforced polymers (CFRP) is
a common FRP for reinforcement in the civil engineering. This article focuses on the numerical simulation of semielliptical surface cracks in a steel plate under cyclic tension. By employing the finite element method (FEM), the effects
of different crack depth, crack length and applying CFRP to reinforce the steel plate are considered. The modified Paris
model proposed by Dilling is applied to simulate crack propagation. Therefore, with the help of the modified Paris model,
the fatigue life of different steel plates with a semi-elliptical surface crack can be predicted and verified by theory and
numerical analysis. Reinforcing the cracked region of the steel plate reveals that CFRP laminates are conducive for
enhancing a defected structure.
Keywords: Finite element method (FEM), FRP, Surface crack, Fatigue life, LEFM
and verified by theory and numerical analysis.
Reinforcing the cracked region of the steel plate reveals
that CFRP laminates are conducive for enhancing a
defected structure.

1. Introduction
Steel structures have been widely utilized in many
industries based on their advantages of high strength, light
weight, good mechanical properties and recyclability.
These natural environments and the destruction of human
factors will inevitably produce some defects and damages
in the steel structure in the process of manufacture and
service. Surface cracks may initiate and propagate from
these surface defects on the base material or at weld toes.
To prevent ruinous failures of cracked steel structures, it
is primary to accurately investigate the stress intensity
factors (SIF) for these cracks. Considering the economic
efficiency, steel structures cannot be eliminated as soon as
damage occurs. In practice, structural members with
damaged defects can be replaced or reinforced to extend
their service life and ensure that the structure can work
safely. In addition, it can also reduce huge indirect
economic losses caused by interrupted operations. In
recent years, fiber-reinforced polymers (FRP) have been
widely developed and applied due to their high strength,
light weight, good fatigue resistance and corrosion
resistance. Actually, the carbon fiber reinforced polymers
(CFRP) is a common FRP for reinforcement in the civil
engineering. However, little research has been done on
SIF and fatigue life for surface cracks in steel plates under
cyclic tension reinforced by CFRP. This article focuses on
the numerical simulation of semi-elliptical surface cracks
in a steel plate under cyclic tension. By employing the
finite element method (FEM), the effects of different
crack depth, crack length and applying CFRP to reinforce
the steel plate are considered. With the help of the
modified Paris model, the fatigue life of different steel
plates with a semi-elliptical surface crack can be predicted

2. Finite element analysis model
2.1. General description
A finite element analysis model is developed to
investigate the typical surface crack growth problem. All
specimens were made of Q355 steel ordinarily used in
steel structures. The elastic modulus and the Poisson’s
ratio are 210 GPa and 0.3. Finite element model is
presented in Figure 1. A schematic diagram of the surface
crack model is illustrated in Figure 2. Stress amplitude Δσ

equals to 210 MPa. The geometric dimension including
length Ls, width Ws and thickness ts equal to 700 mm,
90 mm and 10 mm, respectively.
B
2c
Ls
A

a

ts

Lc
Wc

Figure 1 Finite element model
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C

Ws

validity.
Δσ

Δσ

a

Table 2 Details of parametric analysis
Model

a/t

a/c

KIA

KIB

A1B1C

0.3

0.4

A1B2C

0.3

0.6

A3B1C

0.6

0.4

A3B2C

0.6

0.6

A3B3C

0.6

0.8

A3B4C

0.6

1

A1B1C-R3

0.3

0.4

A1B2C-R3

0.3

0.6

A3B1C-R3

0.6

0.4

A3B2C-R3

0.6

0.6

A3B3C-R3

0.6

0.8

A3B4C-R3

0.6

1

648.8
568.7
1133
905.3
763.9
655.8
523.8
450.7
906.8
759
659.7
575.7

466.6
501.1
898.9
845.9
802.1
772.3
331
362.8
602.8
578.2
562
545.1

ts

Surface crack
Ls

(a)

c

c

a
ts

Ws
(b)
Figure 2 Geometry of the plate with surface crack

1600

2.2. Material models
The details of the material properties are shown in Table
1. The high strength low-alloy steel (Q355) have the
properties of elastic modulus of (E) 2.16 ×105 MPa and
Poisson ratio (μ) is 0.3. CFRP (FTS-C8-30) have the
properties of young’s modulus of (E) 6.40 × 105 MPa and
Poisson ratio (μ) is 0.3. The CFRP thickness (t) is
0.143mm.

Material
Steel
CFRP
Adhesive

Table 1 Material properties
fu
E
Type
(MPa) (MPa)
Q355
538
216000
FTS-C8-30
1900
640000
Araldite 420
28.6
1900

1400

KIn (MPa·mm0.5)

1200

𝑎

𝑎 𝑎 𝑐

𝑄

𝑡 𝑐 𝑏

800

600
KA

400

t
(mm)
10
0.143
0.4

KB

200
0

0

200 400 600 800 1000 1200 1400 1600
KIt (MPa·mm0.5)

Figure 3 Comparison of SIF

2.3. Verification of the finite element analysis model
Two types of loads applied to the surface crack plate
should be considered: remote uniform tension and remote
bending. The remote uniform tensile stress is St in Figure
2, and the remote outer fiber bending stress Sb calculated
from the applied bending moment M. According to
Newman (Newman, 1981), the formula for calculating the
stress intensity factor of the tension-bending combination
is

𝐾𝐼 = (𝑆𝑡 + 𝐻𝑆𝑏 )√𝜋 𝐹 ( , , , 𝜙)

1000

2.4. Fatigue life
Paris’s law is effective in depicting the crack propagation
behavior in step II but it has some limitations. Hence,
modified Paris model (Hosseini et al., 2017) is used and
crack closure effect is considered as shown in Eq.(2).

𝑑𝑎
= 𝐶(𝑈∆𝐾)𝑚
𝑑𝑁

(1)

(2)

U in Eq.(2). is referred to Dilling(Hosseini et al., 2017) as
shown in Eq.(3) and is related to stress ratio R. On account
of different crack propagation rates in two directions and
referring to Newman(Newman and Raju, 1981), Eq.(4).
(5). and (6). could be derived.

Where 0< a/c≦1, 0≦a/t <1, c/b <0.5, 0≦ϕ≦π
Details of parametric analysis is shown in Table 2.
Validation was given as shown in Figure 3. The postfix R3
means three layers of CFRP reinforced steel plate with a
surface crack. The deviation of the SIF of unrepaired steel
plate with surface cracks between the handbook(Y.
Murakami, 1989) and the finite element was within 5%.
Therefore, this finite element model had feasibility and

𝑈 = 0.69 + 0.45𝑅 (−1 ≤ 𝑅 ≤ 0.33)
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(3)

𝑑𝑎
= 𝐶𝐴 (𝑈∆𝐾𝐴 )𝑚
𝑑𝑁
{
𝑑𝑐
= 𝐶𝐵 (𝑈∆𝐾𝐶 )𝑚
𝑑𝑁
𝐶𝐵 = 0.9𝑚 × 𝐶𝐴

1.0E-04

da/dN (mm/cycle)

(4)
(5)
(6)

In this article, stress ratio R is 0.1. Meanwhile, m, CA are
material constants and respectively equal to 2.88, 3.98E13, referring to BSI standard (The British Standards
Institution 2015, 2015).
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Figure 7 Crack growth along length direction (a/t =0.3)
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Figure 8 Crack growth along depth direction (a/t =0.6)
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Figure 4 Crack depth - fatigue life (a/t =0.3)
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Figure 6 Crack growth along depth direction (a/t =0.3)

3.1. Effect of a/c
The evolutions of fatigue life are depicted in Figure 4,
respectively. That is to say, the variation of a/c needs to be
considered as well. The steel thickness t is 10mm. When
a/t =0.3 or 0.6 is same, the fatigue life of the steel plate
with surface crack increased with increasing a/c. da/dN
and dc/dN are the crack growth rate along the depth
direction and along the length direction, respectively. The
crack growth along two directions are shown in Figure 69.
12
11
10
9
8
7
6
5
4
3
2
1
0

6.0E-05

0.0E+00

3. Parametric study
Extensive parametric studies were conducted on
additional specimens, and different a/c, a/t were applied.
The specimens were divided into two groups.
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Figure 5 Crack depth - fatigue life (a/t =0.6)
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Figure 9 Crack growth along length direction (a/t =0.6)
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a (mm)

3.2. Effect of a/t
The steel thickness t is 10mm. When a/c =0.4 is same, the
fatigue life of the steel plate with surface crack increased
with decreasing a/t. The crack growth along two
directions are shown in Figure 11 and Figure 12.
12
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9
8
7
6
5
4
3
2
1
0
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Figure 10 Crack depth - fatigue life (a/c =0.4)
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Figure 11 Crack growth along depth direction (a/c =0.4)
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Figure 12 Crack growth along length direction (a/t =0.4)
4. Conclusions
The deviation between SIF and Newman formula
calculation results is less than 5%. When the initial surface
crack depth thickness ratio a/t become bigger, CFRP
reinforcement makes the fatigue lives of specimens extend
longer than unrepaired steel plate. CFRP could obviously
decreasing crack growth rate along depth direction and
length direction.
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Abstract
Corner plates are often welded to cover web-to-flange joints in box girders which can hold appropriate angle between
webs and flanges during construction, and enhance the buckling resistance of the web plate. The corner plates are installed
by single-sided welding because circumference of corner plates can only be approached from one side. Since weld root
remains in the welded joints of corner plates, many fatigue cracks found out in the weld joints of corner plates. Although
the end of corner plates was cut-out and ground smoothly as a countermeasure, fatigue cracks have again occurred from
weld root exposed on the cut-out surface. In this study, the fatigue durability of cut-out at corner plate ends was
investigated. Fatigue tests on small-scaled specimens were performed. Two types of specimens with different angles at the
corner plate ends were tested. As the results, low fatigue durability can be seen regardless of the angle at the corner plate
end. In addition, fatigue strength improvement due to peening application at the weld root was investigated. Peening
application increased the fatigue strength grade and fatigue limit of the joint.
Keywords: Corner plate, Cut-out, Fatigue, Peening
1. Introduction
Corner plates are often welded to cover web-to-flange
joints in box girders which can hold appropriate angle
between web and flange plates during construction, and
enhance the buckling resistance of the web plate. The
corner plate is welded to web plate, flanges, transverse
ribs or diaphragm by single-sided welding because the
circumference of corner plates can only be approached
from one side. In single-sided welded joints, initial
defects such as weld root and melt-through can be crack
initiation point. Many fatigue cracks found out in the weld
joint between corner plates and the transverse ribs or
diaphragms, and in the butted joint between corner plates.
The crack can reach principal members such as flanges
and webs of main girder after growing. As a preventive
measure, weld joint between corner plate and transverse
rib was cut out in notched shape by gas-cutting, and
ground it smoothly by grinder. After constructing the
notch, as shown in Figure 1, weld root is exposed at the
end of weld joint between corner plate and flanges, where
fatigue racks were newly developed.
Current design specifications (AASHTO, 2012,
Hobbacher, 2016 and JSSC, 2012) describes the fatigue
categories for similar weld joints, e.g. double-sided fillet
weld, partial joint penetration groove weld and welded
stiffener connections with a transition radius subjected to
stress in the direction of the weld line. However, the
fatigue classifications don’t cover the weld joint of corner
plate, which is not arranged at right angle to flange and is
welded by single-sided welding.
In this study, fatigue strength was investigated for the
longitudinal weld joint of notched corner plate. As an

Fatigue crack
Cut-out
Web

Weld root

Bottom flange

Weld bead
Bottom flange

Figure 1. Arrangement of corner plate in box girder
and weld root exposed at the end of weld joint
improvement method, peening treatment was applied to
the surface of weld root. Main purpose of applying
peening treatment is to close the surface of weld root, and
secondary effect is to introduce compressive residual
stress. Fatigue improvement was evaluated from fatigue
tests.
2. Fatigue test
To investigate fatigue strength of the weld joint, fatigue
tests on small-scaled specimens were performed.
2.1. Specimens
Figure 2 shows the test specimen which imitates the

136

welded joint between corner plate and the flange. A corner
plate was welded to a main plate at an angle of 45 ° with
single-sided fillet welding. Both plates are made of SS400.
The end of corner plate was cut-out by gas-cutting, and
the edge angle was adjusted by grinder. Two types of the
specimen with different notch angle, 60° and 20°, were
prepared, as listed in Table 1. After smoothing by grinder,
weld root was appeared on the notch surface, as shown in
Figure 2. The weld penetration measured on the notch
surface approximates 78% of corner plate thickness.
The effect of peening treatment was examined using the
specimens with a notch angle of 20°. The peening
equipment developed for closing cracks was used
(Ishikawa et. al, 2010). The surface of the weld root was
hammered by pin with the cross-section of 4 x 5mm and
air pressure of 0.5 to 0.6 N/mm2. Three types of treatment
method were applied. Figure 3 shows the treatment
method for D20-P-1 and D20-P-2. In the D20-P-1, the
peening was performed in the order of hitting the root
about 3 times, and hitting about 2 round trips along the
notch end. The weld root can be observed in the Figure 4
(a) before peening application. By applying the peening,
as shown in Figure 4(b), weld root is crushed and closed.
In the D20-P-2, the order of peening was to hammer the
weld root surface along the notched section first, and then
processed in wider area than D20-P-1. In the peening
process of D30-P-3, the obstruction was placed to
consider interference due to transverse ribs and web plate.
The notch end was randomly hit with placing
obstructions.

9
135
9

340

700
Weld root

Weld

12
Strain gauge

75

75

Main plate

75

300

Figure 2. Test specimen (Unit: mm)
Table 1. Test cases
Specimen

Number of
specimens

Notch angle
 [°]

D60
D20
D20-P-1
D20-P-2

3
3
1
2

60
20
20
20

D20-P-3

5

20

ICR

Peening
Method 1
Method 2
Placing the
obstruction

ICR
I
III

II

2.2. Testing method
The plate bending fatigue test was performed. As shown
in Figure 5, test specimens were fixed to the frame in a
cantilevered condition. A vibrator was installed on the
free end side. The magnitude of the load was adjusted by
frequency of the vibration. In addition, a preload was
applied by a spring installed on the free end to adjust the
stress ratio. In this study, fatigue tests were conducted
under stress ratio R = 0. Strain gauges were attached to the
specimen as shown in Figure 2. The stress range were
measured at 12mm and 87mm away from the weld root by
strain gauges. The strain range linearly-extrapolated to the
weld root position is defined as the nominal stress range.
The weld root is considered as the starting point of the
crack. A copper wire was attached along the weld line to
detect the crack reaching main plate.

I

IV

(a) Method 1

V
II
III

(b) Method 2

Figure 3. Method of peening treatment

Corner
plate

Weld
bead

Weld root
Peening area

Main plate

3. Test results
3.1. Crack development
Figure 6(a) shows the crack occurred in D20. The crack
originated from the weld root exposed at the notched
section, and extended several millimeters along the edge
of corner plate. Eventually, the crack extended to the
direction orthogonal to the bending stress. Thus, the
fatigue test reproduced the crack observed in the actual
bridge. Even when the peening is applied, in D20-P-1 and
D20-P-3, the crack propagates in the same manner. When
the peening is applied in wider area, in D20-P-2, other

(a) Before peening

(b) After peening

Figure 4. Peening treatment
crack was generated from the middle of the notch in a
specimen. As shown in Figure 6(b), the crack didn’t
extend along the edge of corner plate in D60.
3.2. Fatigue life
Figure 7 shows the relationship between stress range and
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fatigue life. Regardless of the notch angle, D60 and D20
are plotted in the JSSC-H grade. Thus, the effect of notch
angle on the fatigue life is small. Comparing D20-P-1 and
D20-P-2, wider peening gives higher fatigue life
improvement. When applying peening with placing
obstruction, D20-P-3, fatigue life improvement is almost
the same degree with the D20-P-1. Consequently,
D30-P-1 and D30-P-3 exhibit the improvement of fatigue
strength grade about 1 grade. In addition, no cracks
occurred under the stress ranges of 59N/mm2 in D30-P-3,
whereas fatigue cracks occurred under the stress ranges of
51 N/mm2 in D60. Thus, fatigue limit is also improved by
peening.

Copper
wire

Vibrator
Specimen

Dead load


Cyclic load

Frame

Figure 5. Testing condition

4. FE analysis
In order to examine the stress concentration at weld root
exposed to notch surface, three-dimensional linear finite
element (FE) analysis was performed for a specimen
model and a bridge model.

Crack
propagation

4.1. Specimen model
The finite element analysis code Abaqus ver.6.14 was
used for the analysis. An analysis model with the same
dimensions as the specimen was created, as shown in
Figure 8(a). The penetration of the corner plate weld is
about 78%, which is the same as that of the specimen.
Two notch angle, 20° and 60°, were employed in the
model. An 8-node solid elements with less than 0.25 mm
in mesh size were arranged around weld root. The
material properties were an elastic modulus of 200
kN/mm2 and a Poisson's ratio of 0.3. All displacement
components were constrained in the fixed part.
Uniformly-distributed load was applied at the position of
vibrator. The stress at positions 12 mm and 87 mm away
from the tip of the corner plate in the longitudinal
direction of the specimen was extrapolated to the tip of the
corner plate as the nominal stress. Stress concentration
factor is obtained by dividing the stress around weld root
by nominal stress.

Crack
propagation

Weld root

Weld root

(a) D20

(b) D60

Figure 6. Crack propagation path
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4.2. Bridge model
A bridge model was referred from actual bridge in which
many fatigue cracks were found at the notch of corner
plate. As shown in Figure 8(b), quarter of the
cross-section is modeled. In this analysis, the weld joint
between bottom flange and corner plate was focused on.
Since the stress gradient in the plate thickness direction is
small and almost uniform tensile stress is generated in the
lower flange of the box girder, uniform tensile stress of 1
N/mm2 is applied to the model edge. To obtain the stress
at weld root, submodeling analysis is adopted. A part of
300mm in the longitudinal direction and 200mm in the
transverse direction was modeled as a submodel. All
displacement components obtained from whole model are
applied to the outer surface of the submodel. The mesh
size around weld toe was set to 0.25mm. The stress
around the weld root was obtained as the stress
concentration factor.
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100,000

H’

H

G

10
100
1,000
100,000
1,000,000
10,000,000
Number of cycles [×104 cycle]

1,000,000

10,000,000

Figure 7. S-N curve

4.3. Stress concentration at weld root
The contour diagram of the maximum principal stress of
the bridge model with 20° in notch angle is shown in
Figure 9. The direction of the maximum principal stress is
exhibited by arrow. The highest stress occurs at the top of
the weld root exposed at the notch surface. This location
corresponds to the crack occurrence points of each
specimen in the D20 specimen. Additionally, the direction
of the maximum principal stress is almost perpendicular
to the initial crack propagation path.
Stress concentration factor around the weld root was
shown in Figure 10. In the case of 20° in notch angle, the
highest stress concentration factor can be seen at the top
of the weld root. In the case of 60° in notch angle, large
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Figure 8. Crack propagation path (Unit: mm)
maximum principal stress can be seen not only in near the
weld root, but also near the corner plate end. Its
magnitude is higher than that in the case of 20° in notch
angle. Thus, the stress concentration factor can be
improved by narrowing the notch angle.
In comparison of bridge model and specimen model,
overall distributions of the stress concentration factor are
match except at the stress singularity points such as top
and bottom of weld root. Regardless of the difference in
loading condition, the testing condition gives almost the
same stress concentration factor around the weld root.
Thus, testing condition in this study can evaluate the
fatigue strength properly.

Max. principal
stress
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Corner
plate
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Max. principal
stress

Weld root
Bottom flange
Below

Figure 9. Contour map of maximum principal stress
12
Stress concentration factor

5. Conclusions
In this study, the fatigue durability of cut-out at corner
plate ends was investigated. From the fatigue tests, fatigue
classification of notched corner plate end was clarified as
JSSC-H grade regardless of notch angle. Application of
peening can improve fatigue classification approximately
to 1-grade and fatigue limit. A FE analysis is also
performed to find the stress concentration factor around
weld root. The maximum principal stress of 20° in notch
angle was smaller than that of 60° in notch angle.
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Abstract
Damping devices such as shear panel damper (SPD) are used to ensure the soundness of the principal elements of a bridge
in an earthquake. The SPD is made of low yield point steel, which absorbs seismic energy by its plastic shear deformation.
Since SPD is assembled by welding, low cycle fatigue is a concern due to strain concentration at the shear panel-to-flange
connection. In this study, the relationship between the weld toe radius of SPD and the low-cycle fatigue life was
investigated. To examine the low cycle fatigue life and strain distribution, cyclic loading test was performed. In addition,
finite element analysis was performed to investigate the influence of weld toe radius on the local strain range at the weld
toe. Low cycle fatigue life was estimated from the local strain range for each weld toe radius. From the results, the effect
of toe radius on the low-cycle fatigue life of SPD welded joints was quantified.
Keywords: Low cycle fatigue, Weld toe radius, Share panel damper
investigated by experiments and finite element analysis.

1. Introduction
Shear panel damper (SPD) is a vibration control structure
consisting of flange and shear panel made of low-yield
point steel. SPD can absorb seismic energy by its plastic
shear deformation. SPD can be used to prevent bridge
collapse and ensure the soundness of principal
components. Previous studies have shown that the low
cycle fatigue is a failure mode of SPD. Low cycle fatigue
crack causes the loss of load carrying capacity,
deformation performance and energy absorption ability of
SPD (Zhang, 2012). To prevent the low cycle fatigue, it is
important to grasp the influence of each parameter and to
develop assessment method.
Tateishi et al. clarified that the crack initiation life of
low-cycle fatigue depends on the strain amplitude at the
crack initiation point. Then, low cycle fatigue strength
curve based on local strain is expressed as following
equation (Tateishi, 2004, 2005).

l  N  C
k

2. Fatigue test
Cyclic loading tests were conducted to understand the
strain distribution of the SPD and to verify its fatigue
endurance. Two test specimens were prepared. The
overall view of the testing condition is shown in Figure 1.
The detailed view of the SPD is shown in Figure 2. The
width-to-thickness ratio h/t and the width-to-thickness
ratio parameter R calculated from Eqs. (2) and (3) are
37.5 and 0.24, respectively.

R 

2
h 12(1  ) y
t
 2 k E

5.34

4.00   2 (  1)
k  
5.34  4.00 (  1)

2

(1)

where,  l is local strain amplitude at crack initiation
point, N is crack initiation life, and k and C are material
constants, respectively.
Hanji et al. applied this equation to the fatigue life
estimation of welded joints in steel pier (Hanji, 2009).
Shimizu et al. have applied Eq. (1) to SPD welded joints
using specimens produced by partial penetration welding
with scalloping in previous studies, and reported the
results of investigating the effects of aspect ratio and
width-thickness ratio on crack initiation life. (Shimizu,
2017). However, few have investigated on the influence
of its weld shape despite being expected to have an impact
on strain concentration at weld toe along the shear panel
edge. In this study, the influence of the weld toe radius on
the strain concentration and low-cycle fatigue life were

(2)

(3)

where, h is the height of shear panel, t is the thickness of
shear panel,  is Poisson's ratio,  y is shear yield stress,
E is the modulus of elasticity and  is aspect ratio,
respectively.
The shear panel of the specimen is made of LY225, a low
yield point steel, and the other members are made of
SM490YA. In contrast to previous studies, no scallops
were used in this study, and the shear panels, flanges, and
stiffeners were produced with full penetration welds.
Silicon for molding was used to measure the weld leg
length at several points along the weld line. The average
values of the measurements are shown in Table 1. Toe
radius was measured at the weld toe between shear panel
and weld bead. Measurement results were 1.83 mm for
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compared with the test results. The average shear stress
was calculated using the following equation.

sp-1 and 0.86 mm for sp-2. The strain and displacement
were measured at the position shown in Figure 2.
Diagonal displacement of the shear panel and
out-of-plane displacement were measured. Load was
applied through the loading frame as shown in Figure 1.
Diagonal displacement was monitored during the test and
constant average shear strain of 1.6% was applied in
positive and negative direction alternately. The average
shear strain was calculated using Eq. (4).



( D  D)2  L2  h 2
2 Lh



P
ht

(5)

where,  is average shear stress, P is applied load.
The strain histories in experiment and analysis are shown
in Figure 4, where y and y in the figure are yield shear
stress and yield shear strain, respectively. As shown in

(4)

where, D is the length of diagonal line of shear panel, L is
the length of shear panel, and D is the displacement in
diagonal line, respectively.
Magnetic particle inspection was performed on all weld
lines at intervals of 1 to 10 loading cycles to detect fatigue
crack initiation. As a result of cyclic loading, no cracks
were observed even after more than 100 cycles. Thus,
enhancement of the low cycle fatigue resistance can be
confirmed. Obtained fatigue life is discussed in Chapter 4
with relevant to the fatigue strength curve.
3. Finite element analysis
To investigate the magnitude of the strain generated in the
test specimens, elastoplastic finite element (FE) analysis
was performed. In addition, parametric analysis was also
performed to examine the influence of the toe radius on
the local strain at weld toe.

Figure 1. Testing condition (Unit:mm)

3.1. Whole model
In order to clarify where the highest strain occur in the
specimen, a FE model was created by Abaqus 6.14. The
model of sp-1 is shown in Figure 3. Shear panel, flanges
and stiffeners are modeled. When modeling the weld bead,
the toe radius and toe angle were ignored, but only the leg
length was modeled. The mesh size near the weld joint
was set to 1 mm. One side of the model was fixed in all
direction, and forced displacement of 1.5 cycle was
applied. The magnitude of the displacement is adjusted to
the diagonal displacement measured in the test. The
material constants used in the analysis are shown in Table
2. To validate the analysis model, the analysis results are

Figure 2. Detailed view of the specimen and
strain gauge/displacement meter position
(Unit:mm)

Table 1. Welding leg length (Unit:mm)

Flange- Shear panel

sp-1

Flange-Stiffener

Shear panel
7.93
ρ=1.83
17.35

12.30

Shear panel

Flange
Stiffener
9.47

Shear panel
ρ=0.86
15.22

19.19

Stiffener
9.89

16.90

Flange

sp-2

Shear panel -Stiffener

Stiffener
9.80

16.09

16.88
Flange

Flange
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Stiffener
13.28

Shear panel

Part

Steel Type

Shear Panel
Others

LY225
SM490YA

Table 2. Material constants
Modulus of
Yield
Poisson's
Constitutive law
elasticity
stress
ratio
(secondary
gradient)
(N/mm2)
(N/mm2)
208133
0.29
224.3
Multilinear
200000
0.3
456
Bilinear (E/100)

Figure 4, in the first cycle of the experiment, the
relationship between average shear stress and average
shear strain behaves slightly differently from the
analytical results.
This may be due to the influence of slippage at the bolted
joint between the specimen and the frame. After the
second cycle, the experimental and analytical results are
in close agreement. The strain history in the diagonal
direction shown in Figure 5 also shows a large difference
between the analytical and experimental results in the first
cycle, but the strain range and strain values are almost
identical after the second cycle. Thus, the validity of the
model was assured.
The location of the highest strain was examined from the
contour map of maximum principal strain shown in
Figure 3. the highest strain can be seen at the center of the
shear panel-to-flange weld line.

Hardening
measurement
Mix Hardening
Mobile hardening

strain range for each toe radius are shown in Figure 7. As
can be seen from this figure, the local strain range
decreases as the toe radius increases. As the toe radius

Figure 3. Model and boundary conditions

3.2. Submodeling analysis
While the location of the maximum principal strain is
roughly identified from whole model analysis, specific
location and magnitude cannot be found. To obtain them,
submodeling analysis is adopted. In this analysis method,
only the part of interest is extracted from whole model as
submodel. The center part of the weld line between shear
panel and lower flange was extracted as the submodel, as
shown in Figure 6. Size of the submodel was examined in
advance so as not to be affected to the analysis result. All
displacement component obtained from the whole model
were applied to the outer circumference of submodel. By
introducing weld toe curvature and meshing finer in
submodel, specific analysis can be achieved. The weld toe
radius measured in sp-1 and sp-2 were given in the
submodel. The range of strain is obtained as local strain
range at the point where the maximum principal strain is
the largest in the first cycle. The direction of the local
strain was set to 45°, which is almost the same as that of
the maximum principal strain.

Figure 4. Average shear stress-average shear strain

3.3. Effect of toe radius
Parametric analysis was performed to investigate the
relationship between toe radius and local strain range.
Overall analysis method follows 3.1 and 3.2, but the leg
length and toe angle were set to 12 mm and 45°,
respectively. Toe radius were parametrically changed as
0.5, 1.0, 1.5, 2.0, 2.5 and 3.0 mm. The model was
subjected to displacements so that the average shear strain
range was 2, 3.2, 4, 5, 6, and 7%. This average shear strain
range is large enough to allow the entire shear panel to
plasticize without out-of-plane buckling.
The relation between average shear strain range and local

Figure 5. Strain history in the diagonal direction
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increases, the values of the local strain ranges converge,
and there is almost no difference in the local strain ranges
between the toe radius of 0.5 mm and 3.0 mm.
By substituting the local strain range into the Eq. (1),
crack initiation life can be estimated for each analysis case.
Accordingly, the relationship between average shear

Tateishi, K., Hanji, T. and Minami, K. (2007). “A
prediction model for extremely low cycle fatigue
strength of structural steel.” International Journal of
fatigue, Vol.29, I-5, pp.887-896.
Shimizu, M., Tateishi, K., Hanji, T., Sugiyama, H., Soga
K., Adachi.R. and Noda, H. (2017). “Low-cycle fatigue
evaluation for welded joint of share panel damper in
multiple steel columns.” Steel Construction
Engineering, Vol.24 No.96, pp.17-29 (in Japanese).
Zhang, C., Zhang, Z. and Zhang, Q. (2012). “Static and
dynamic cyclic performance of a low-yield-strength
steel shear panel damper” Journal of Constructional
Steel Research, Volume 79, Pages 195-203.

4. Fatigue strength curve
strain and fatigue life was obtained from analysis results,
as shown in Figure 8. As can be expected, the fatigue life
becomes longer with increasing toe radius. For example,
when the average shear strain range is 4%, the fatigue life
is 13 cycles for a toe radius of 0.5 mm, which corresponds
to the as-welded condition, but 18 cycles for a toe radius
of 3.0 mm. This means the low cycle fatigue life can be
extended by grinder. As well as the local strain, fatigue
life of 2.5 mm and 3.0 mm in toe radius are almost same.
When grinding the weld toe, it can be said that the 2.5 mm
is enough large as the improvement. Within the average
shear strain range covered in this study, the fatigue life
ratio of 0.5 mm toe radius to 3.0 mm toe radius is ranged
from 1.2 to 1.5.
In the experiment, both sp-1 and sp-2 were subjected to
100 cycles of loading, but no fatigue cracks were
observed. Experimental results are also plotted in Figure 8.
The fatigue strength curve gives the conservative
estimation.

Figure 6. Submodel (Unit:mm)

5. Conclusions
In this study, the relationship between the toe radius and
the local strain range was investigated from cyclic loading
tests and finite element analysis. In addition, the influence
of the toe radius on the local strain range and low cycle
fatigue life was investigated. Findings are as follows.
(1) The maximum strain range is generated at the center
of the weld joint between flanges and shear panel in
SPD.
(2) The local strain range became larger as the toe radius
became smaller among the toe radius ranging from
0.5 mm to 3.0 mm.
(3) Low cycle fatigue life ratio of 0.5 mm toe radius to
3.0 mm toe radius ranges from 1.2 to 1.5 and
increases with increasing average shear strain range.
(4) Estimation curve of low cycle fatigue proposed in
this study gives conservative fatigue life.

Figure 7. Average - local strain range
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Abstract
This paper proposes the framework of crack feature determination based on the strain relaxation near the crack location.
The first stage is to construct the relationship between the crack profiles with the normalized strain relaxation indicators
through the classification neural network (NN). The second stage is to update the parameters in the trained model using
the proposed MBPF approach to track the crack in the experimental or field measurement. This study adopts the strain
values at 0.4t away from the weld toe to reflect the crack profile variation. The predicted cracks based on the NN model
achieve a good agreement with the real crack profile. The modified bootstrap particle filtering (MBPF) enhances the
adjustment capability to update the trained parameters in the NN model by imposing additional uncertainty distributions.
The proposed MBPF can alleviate the discrepancy in crack predicting through absorbing limited real measurement data of
the strain values and crack sizes. Finally, this study addresses the sensitivity in the normal distribution, particle size,
weight coefficients and uncertainty in strain measurement
Keywords: Fatigue crack, Welded plate joints, Intelligent approach, Digital twin
fatigue crack under high-cycle environmental loadings
tends to occur due to the stress concentration effect. The
fatigue cracks usually initiate at different locations along
the weld toe. With progressive cyclic damage
accumulation, the small cracks merge into one big crack,
as indicated by the shadow area in the cruciform welded
plate joints.

1. Introduction
Digital twinning of engineering structures under cyclic
actions, e.g. bridges, ships, and offshore platforms,
requires a progressive update on the possible crack sizes
at critical details. During the cyclic environmental
loadings, the crack size estimator is essential in evaluating
the remaining fatigue life of welded structural
components before a repair becomes mandatory. The
accurate fatigue assessment depends on the precise
fatigue crack initiation and propagation evaluation.
Non-destructive techniques, including the alternating
Current Potential Drop (ACPD) approach (Feng & Qian,
2018; Qian et al., 2013), acoustic emission approach
(Roberts & Talebzadeh, 2003), X-ray (Fu et al., 2019),
ultrasonic phased array(Feng & Qian, 2020), eddy current
(Tian, Sophian, Taylor, & Rudlin, 2005), have emerged in
determining the crack in the welded plate joints. Some of
these crack measurement techniques (Ultrasonic phased
array, X-ray, ACPD) allow direct measurement of the
crack sizes and locations with reasonable accuracy.
However, they are expensive and inappropriate for
real-time field monitoring. Indirect crack size
determination techniques (the strain compliance-based
approach (Henault et al., 2012), the displacement
compliance method (Parool, Qian, & Koh, 2017), or
energy dissipation-based approach (Martinez-Luengo,
Kolios, & Wang, 2016)) requires prior knowledge of the
crack locations and shapes. Inspired by the phenomenon
that the initiation and propagation of a crack lead to a
reduction in the nearby strain field. This study adopts the
strain relaxation indicators to quantify the crack size for
real-time monitoring for welded plate joints. Due to the
inconsistent geometry continuity in the welding areas, the

2. Strain relaxation under different crack sizes
This study assumes that the crack propagates into
the thickness of the welded plate joints. The geometry
change due to emerging cracks leads to stress and strain
redistribution. Such stress and strain redistribution can be
measured by the strain gauges attached to the surface of
the welded plate connection. The main target is to
construct the quantitative relationship between the crack
front profile (depth and length) with the change of the
stress or strain on the surface of the welded plate joints.
To alleviate the expensive and time-consuming
experimental tests, this study adopts the finite element
numerical simulation to construct the crack relaxation and
crack profile relationship. The finite element model
adopted in this study simulation is the full-penetration
cruciform welded plate joints under axial tension with the
main plate thickness of 20 mm and 40 mm, as shown in
Fig. 1a.( b  h  10 mm , Lw  400 mm , B  20 mm ,
t   20 mm , H  40 mm ). This study utilizes a quarter
finite element model of eight-node hexagonal elements
with reduced integration due to the two symmetry planes.
For the finite element analysis, the maximum element size
in the surface direction at the weld toe equals
elength  0.01t or 1% of the main plate thickness. The
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good uniform criterion for different main plate
thicknesses. As shown in Fig. 2b and d, the strain value at
10 mm away from the weld toe for the main plate
thickness of 20mm remains positive but becomes negative
for the main plate thickness of 40mm. The strain value at
20 mm away from the weld toe for the main plate
thickness of 40 mm remains positive but become
insensitive to different crack depths for the main plate
thickness of 20mm. Compared with the absolute distance
in Fig. 2b and d, the normalized distance in Fig. 2a and c is
a more consistent criterion for different welded plate
joints. The difference in the strain values under different
crack profiles diminishes at ( d t  1.0 ). All the strain

mesh size in the thickness direction is 0.01t , which
generates 50 uniform mesh layers in the thickness
direction for the quarter symmetric model. In the width
direction, the mesh size is 1.0 mm, as shown in Fig. 1b.
The above fine meshes can guarantee the convergence of
the numerical results, as demonstrated in a previous study
(Feng & Qian, 2018). The numerical analysis is linear
elastic analysis with the Young modulus of 200 GPa and
Poisson’s ratio of 0.3. Meanwhile, the mesh sizes
determine the precision of the crack sizing, which equals
2% of the plate thickness in the current study.
(a)

B

Lw

Y

X

H
t

values remain positive after d t  0.4 . Inspired by the
hot-spot stress concept, this study adopts the strain values
at 0.4t away from the weld toe to calculate the strain
relaxation.
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Figure 1. (a) Geometry configuration of the welded
cruciform plate connections; (b) the one-quarter finite
element model adopted in this study.
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Figure 2. The strain concentration factor distribution for
the welded plate joints with full-width cracks in the
surface direction.
3. Crack sizing based on classification NN model
Figure. 3 presents the concept of crack sizing
determination. Fig. 4a illustrates the typical failure of the
welded plate joints under fatigue loadings. The meshing
of the cross-section utilizes n columns of rectangular
elements, with n+1 column of nodes along the plate width.
To describe the crack areas, the nodes in the cross-section
categorize into two classes: the open nodes (red nodes)
and closed nodes (green nodes). The open nodes
correspond to the crack area, where there are two
duplicated nodes in the finite element model, residing on
each of the two crack surfaces. The closed nodes define
the intact material in the cross-section. The boundary of
the closed nodes in the finite element model along the
width direction can be approximated to the real crack
front. Based on the finite element model in Section 2, a
total of 50 layers in the thickness direction after utilizing
the symmetry features. Therefore, this study sets the
characteristic vector  p1 , p2 ,... p21  for the 21 nodes across

The strategy to generate different cracks in the welded
plate joints is to create two nodes at the same location in
the crack area in Patran. This study first generates the
through width crack with different crack depths. As
shown in Fig. 2, the strain concentration factor
( K    nom ) decreases with increasing crack depths,
with more significant reductions in materials nearer to the
weld toe.  nom represents the nominal strain value of the
welded plate joints. The effect of the crack size on the
strain relaxation gradually diminishes with increasing
distances away from the weld toe. The location to
determine the strain relaxation indicator should entail the
following features: 1) the strain value at the selected
location should remain sensitive to the crack size; 2) the
strain value at the selected location should be sufficiently
far away from the weld toe such that the local weld toe
geometry does not impinge on the strain value at the
selected location; 3) the strain value at the selected
location should remain relatively mesh insensitive to
support the use of numerical data in addition to the
experimental measurement. The absolute distance is not a

the width of the plate, where the pi ranges from 1 to 50.
To facilitate the classification NN model, when the pi is
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smaller than 50, the corresponding crack depth
equals 0.2 pi . pi equals 50, corresponding crack depth
equals to 0 mm. Total 77 sets of crack profiles and
corresponding strain field values at 0.4t away from the
weld toe are utilized to train the NN model. This study
adopts the typical classification NN model, as shown in
Fig. 4. The input variables are the normalized strain
relaxation values along the width direction. As the plate
contains 20 elements across the width, there are 21
columns of nodal strain variables across the plate width.
The 21 input variables (normalized strain relaxation
indicator  i ) are:
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where  io represents the initial strain value at ith column
at 0.4t away from the weld toe without any crack;
 i denotes the actual strain at the ith column at 0.4t away

Figure 5. Further verification of the NN model through
the comparison of the predicted crack nodes with the
actual crack profiles.

from the weld toe with a crack;  i is the normalized
nondimensional strain relaxation values at the ith column.
In each column in the width direction, the output variable
is yi , ranging from 1 to 50. Based on the trained
parameters in the NN models, and the normalized strain
relaxation variables  i , the predicted location of the crack
front profile, indicated by the blue dots in Fig. 5, can well
fit the real crack profile (the dark line in Fig. 5). Therefore,
through the above comparisons, the predicted crack front
reaches a good agreement with the real crack front in the
crack areas for engineering practice application.

4. Updating of crack sizing based on MBPF
The previous session successfully constructs the NN
models for predicting the crack front profile using the
normalized strain relaxation indicators. However, the
success of the approach presented above relies on the
perfectly accurate strain data, which may become
challenging to retrieve in the field application. In addition,
the field measurement data evolves as the crack initiation
and propagation take place. To alleviate such concerns,
this study developed the modified bootstrap particle
filtering (MBPF) algorithm to agilely update the
parameters in the trained NN model through absorbing the
real-time information of the crack profile and strain
measurement data. This study imposes additional
uncertainties in the parameters as shown in Eq. (2), which
allows the parameters in the NN model have a more
flexible adjustment capability.

Real crack profile

Crack areas
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t
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Figure 3. The concept of crack mapping into the finite
element model and the characteristic vector.

(2)

Relying on Eq. (2), this study generates n candidates of
 ti : t1 ,t2 ,t3 ,...tn  .
The candidate parameters derive from the previous
parameters with a normal distribution probability, as
shown in Eq. (3),

t  t t 1   t

t
Figure 4. The structures of the neural network (NN)
model in this study

N  0,3

 t N 1,1 for t  1

for t  1
 t  1

(3)

The  t is a normal distribution with a mean value of 1,
and a standard deviation of 1 at the first input of
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experimental measurement, to adjust the parameters
flexibly due to the significant difference in the numerical
model and experimental measurement.This study adopts
the normalized strain relaxation indicators at 0.3t away
from the weld toe to simulate experimental measurement
of the strain at 0.4t away from the weld toe. To further
validate the superiority of the proposed MBPF, Figure 6
compares the predicted crack front without MBPF and
with the 1st MBPF given information of crack. Fig.6a-d
represent the cracks with the depth 2mm, 3mm, 5mm, and
7mm, respectively. The blue line represents the real crack
profile. The black dots and red dots represent the
predicted crack front locations without and with the 1 st
MBPF algorithm, respectively. The MBPF approach
illustrates the capability in correcting the precited crack to
the real crack profile. For the real crack of 3 mm (Fig. 6b),
the maximum depth of the predicted crack decreases from
6mm to 4mm. For the real crack of 5mm (Fig. 6c), the
maximum depth of the predicted crack decreases from 9
mm to 6mm. However, the improvement for the real crack
of 7mm is slight, which indicates the additional
information of the only 1st MBPF is not enough to capture
the correct nonlinear relationship between the “measured”
deep crack profile and “measured” normalized strain
relaxation indicators.
10

a (mm)

(a)
Without update
Updated
Actual crack

8
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6
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2. The classification NN model trained in the study
captures reasonably well the relationship between the
normalized strain relaxation indicators and the crack
profiles. The proposed MBPF has been verified through a
series of cracks generated in the finite element model with
simulated experimental strain measurement (strain value
at 0.3t away from the weld toe in the finite element model).
The proposed MBPF can update the parameters in the NN
model agilely and achieve a good prediction of the real
crack profile quickly, which saves lots of numerical
computational resources and experimental database.
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Figure 6. The comparison in the predicted crack with 1st
MBPF and without MBPF.
5. Conclusions
This paper proposes the framework of crack sizing
determination based on the strain relaxation near the crack
location. The first stage is to construct the relationship
between the crack profiles with the normalized strain
relaxation indicators. The second stage is to update the
parameters in the trained model using the proposed MBPF
approach to track the crack in the experimental or
practical measurement. The above detailed numerical
validation and investigation support the following
conclusions.
1. The strain values at 0.4t away from the weld toe reflect
the crack profile variation and remain positive under deep
crack profiles for different main plate thickness. The
variation of the strain values at 0.4t away from the weld
toe along the width direction demonstrates the crack depth
variation in the width direction.
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Abstract
In this paper, the circumferential external surface cracked steel pipes subjected to bending load were patched with carbon
fiber reinforced polymer (CFRP), and the stress intensity factors (SIFs) at the surface crack tip were investigated to
evaluate repair performance with finite element method. Firstly, the numerical analysis results of SIFs of unpatched
models were also compared to the calculated results of API specification, with negligible errors. Secondly, the SIFs of
circumferential external surface crack on CFRP-strengthened steel pipes were calculated. The results showed that the
SIFs could be effectively reduced by CFRP repairing, thus slowing down the crack growth. Finally, a parametric analysis
was carried out to investigate the influences of surface crack depth and length, the elastic modulus of CFRP and the
number of CFRP patches on the reinforcement effect. The results demonstrated that the crack size have a certain influence
on the reinforcement effect while aspect ratio not. The increase of the elastic modulus of CFRP and the number of CFRP
patches can help to reduce the SIFs at the crack tip, and the reinforcement effect is relevant to the theoretical stress
reduction.
Keywords: Finite element method, Surface crack, Stress intensity factor, Pipe, CFRP
2. Finite element modeling
The finite element software ABAQUS was adopted to
calculate the SIF at the front of the surface crack of the
steel pipe, and the reinforcement effect of CFRP was
evaluated.

1. Introduction
Surface cracks, usually assumed to be semi-elliptical, are
common defects in steel structures such as welded
members and transportation pipelines, which will
propagate under cyclic loads and lead to fatigue failure of
the structures. Surface cracks or defects are one of the
most important causes of fatigue failure of components.
Even for through cracks, most of them are non-penetrating
cracks at initial stage, so it is important to prevent surface
cracks from extending to through cracks. For steel pipes,
surface cracks can be divided into circumferential external
and internal surface cracks, longitudinal external and
internal surface cracks and inclined surface cracks (Li et
al., 2020). The research object of this paper is
circumferential external surface crack, as shown in Figure
1.
As a new reinforcement material, carbon fiber reinforced
polymer (CFRP) has the advantages of light weight, high
strength, corrosion resistance and no introduction of new
defects (Chen et al., 2020). Patching CFRP on the surface
of steel structures with cracks can increase the path of
stress transfer and reduce the stress level around the cracks,
thus reducing the crack growth rate and prolonging the
fatigue life of steel structures.
In this paper, the effect of CFRP parameters on the stress
intensity factors (SIFs) of surface cracks on steel pipes is
studied by using the finite element software ABAQUS.
Through the quantitative analysis on the SIFs of surface
cracks with different shape parameters under different
reinforcement conditions, it provides the basis for the
design of reasonable CFRP reinforcement scheme.

2.1. Model parameters
In the case of high-cycle fatigue, the material is linearelastic most of the time, so all the material properties of
this paper are defined as linear-elasticity.
The material and geometric parameters of each part of the
model are shown in Table 1, in which FTS-C8-30 and
HM-1.4T are CFRP with high elastic modulus and normal
elastic modulus respectively. C3D20R elements are
applied for steel pipe, while C3D8R elements are applied
for CFRP and adhesive in CFRP-strengthened model
(Branco et al., 2015).
According to the previous experimental research (Li et al.,
2019), the failure mode of the specimen has little effect on
the fatigue life. Therefore, the focus of this study is the
fracture of steel pipe, without considering the failure
modes. In the model of CFRP-strengthened steel pipe, Tie
interaction is used between steel pipe and adhesive,
adhesive and CFRP, without considering debonding.
Figure 2 (a) shows a typical model of CFRP-strengthened
four-point bending specimen while Figure 2 (b) shows the
mesh pattern of steel pipe with surface crack.
The load P is applied on the loading block to produce
bending moment, and the SIFs of the deepest point and
surface point of the surface crack is calculated by using
the finite element model and J-integral method. The load
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P depends on the maximum bending stress σmax,

determined by Eq. (1).

4

P=

R
πR3e [1-( i ) ]σmax
Re

2(Le -Li )

(1)

Figure 1. Circumferential external surface crack on pipe

Figure 2. CFRP-strengthened steel pipe

Material
Steel
FTS-C8-30
HM-1.4T
Adhesive

Table 1. Material parameters of the model
Young’s modulus
Thickness
（MPa）
（mm）
205000
10
640000
0.143
162000
1.4
1901
0.4

2.2. Verification of finite element method
The numerical results of SIFs of the unpatched specimens
are compared with those obtained by referring to API 5791/ASME FFS-1 Fitness-For-Service specification (API,
2016).
Table 2 shows the geometric parameters of the unpatched
models. The maximum bending stress σmax of all models
is 200MPa.
The results are shown in
Figure 3 and Figure 4. The horizontal coordinate is β=2φ/π,
where φ is elliptic angle for surface cracks. The maximum
error between API specification calculated results and
numerical results of SIF at crack front is 5.78%, which
confirms the accuracy of finite element method to some
extent. And the larger error points generally appear at or
near the surface points, so it does not affect the judgment
of the propagation along the depth direction. In addition,
the calculated results of finite element method are usually
larger than those of API specification, so the calculated
fatigue life is less than the actual one, which is

Poisson’s Ratio
0.3
0.3
0.3
0.3

conservative and acceptable for engineering structures.

Figure 3. SIF results of AT series specimens
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3. Parametric analysis
On the basis of the verified finite element model, CFRPstrengthened steel pipe models with circumferential
external surface crack are established. This section will
analyze the influence of CFRP parameters and surface
crack parameters on the reinforcement effect.
3.1. Elastic modulus of CFRP
The elastic modulus is one of the most important
mechanical properties for CFRP. In this section, we use
normal elastic modulus and high elastic modulus CFRP to
reinforce the steel pipes with surface cracks. The
corresponding specimens are named ‘RN-2’ and ‘RH-2’
respectively, and the properties of CFRP are shown in
Table 1. The size of steel pipe and surface crack is the
same as that of AT-2.

Figure 4. SIF results of AC series specimens

Index
AT-1
AT-2
AT-3
AC-1
AC-2
AC-3

a
(mm)
2
4
6
2
2
2

Table 2. Geometric parameters of the unreinforced models
c
Ri
t
a/c
a/t
t/Ri
(mm)
(mm)
(mm)
4
50
10
0.5
0.2
0.2
8
50
10
0.5
0.4
0.2
12
50
10
0.5
0.6
0.2
8
50
10
0.25
0.2
0.2
4
50
10
0.5
0.2
0.2
2
50
10
1
0.2
0.2

Figure 5 shows that CFRP can help reduce the SIFs at the
crack front and CFRP with higher elastic modulus can
increase the effectiveness of reinforcement. Compared
with the average decrease of 2.90% in RN-2, the average
decrease in SIFs of RH-2 is 8.48%. Therefore, the
application of high elastic modulus CFRP is a better
choice, which can be used to replace the normal elastic
modulus CFRP with more layers or larger thickness, so as
to avoid additional dead weight.

Li
(mm)
600
600
600
600
600
600

Le
(mm)
1200
1200
1200
1200
1200
1200

reinforcement, which takes into account the elastic
modulus and thickness of CFRP and adhesive layer, as
shown in Eq. (2). Where: Es, Ea and Ec are the elastic
modulus of steel, adhesive and CFRP; Is, Ia and Ic are the
moment of inertia of steel pipe, adhesive and CFRP
respectively. The smaller γ is, the better reinforcement
effect is theoretically.
γ=

Es Is
Es Is +Ea Ia +Ec Ic

(2)

In this section, the effect of CFRP on SIFs is studied for
surface cracks with different shape parameters. The sizes
of steel pipes in the two group of models are the same as
those of AT-2, but the shapes of cracks are different. In the
first group, the half-length c is 8 mm and the depth a is 1.6
mm, 4.8 mm and 8 mm respectively. The area of the
second group is 7.5π mm2 while the aspect ratio a/c is 0.2,
0.6, 1.0 and 1.5 respectively.
Based on the two group of models, the effects of number
of CFRP layers on SIFs at the deepest point A and the
surface point C were analyzed. In order to compare the
reinforcement effect, the reduction coefficient RI are
defined as Eq. (3). According to the definition, the smaller
RI is, the better the reinforcement effect is. RIC and RIA
represent the reduction coefficients at the surface point
and the deepest point respectively.

Figure 5. SIF results after CFRP reinforcement with
different elastic modulus
3.2. Number of CFRP layers
In order to quantify the effect of CFRP parameters, a
parameter ‘γ’ is defined to reflect the theoretical reduction
of the maximum stress of bending steel pipe after CFRP

RI =KI, CFRP-reinforced /KI, unreinforced
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(3)

According to the comprehensive analysis of Figure 6 and
Figure 7, the SIF at the deepest point and surface point of
the surface crack gradually decreases and the rate of
decrease slows down with the increase of the number of
CFRP patches. Figure 6 show that the larger the crack
depth a is, the better the reinforcement effect is. Figure 7
show that when the crack area is constant and small, the
crack reinforcement results of different shapes are very
close. The RI of surface point and deepest point are close
to γ, but in general, RI is slightly less than γ. That is to say,
the actual reinforcement effect is better than that in theory,
and the larger the crack area is, the better the
reinforcement effect is. Based on the above results, it can
be concluded that the crack area has a greater influence on
the reinforcement effect than the crack aspect ratio.

(a) RIC

4. Conclusions
In this paper, the parametric study of steel pipes with
surface cracks reinforced by CFRP is carried out. The
conclusions are as follows:
1) CFRP reinforcement is an economical and effective
method to repair surface cracks, which can effectively
reduce SIFs, then slow down the crack growth rate.
2) The increase of the elastic modulus and the number of
layers of CFRP are helpful to reduce the SIFs of surface
cracks, and the effect of reduction can be described by γ.
3) The size of the surface crack has a certain influence on
the reinforcement effect. The reinforcement effect of
CFRP is better for the surface cracks with larger area,
while for the surface cracks with the same area, the aspect
ratio has little effect on the reinforcement efficiency.
4) The reduction coefficient of CFRP for SIF at each point
at the crack front is the same, which is close to the
theoretical stress reduction coefficient γ.

(b) RIA
Figure 6. RI of the first group of specimens
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Abstract
The main objective of this paper is to study the ductile fracture behavior of duplex stainless steel based on
micromechanical fracture models under monotonic load and Ultra-low-cycle fatigue. A series of tests and analyses were
conducted including specimens of duplex stainless steel base metal, transverse heat-affected zone (HAZ), longitudinal
heat-affected zone, transverse weld metal, longitudinal weld metal. Monotonic tensile tests and cyclic tests of
circumferentially smooth-notched bar specimens and the following finite element analysis were conducted successively
to calibrate the void growth model (VGM) and the cyclic void growth model (CVGM). The results of finite element
simulation are in good agreement with the test curve. The results show that duplex stainless steel has good ductility and
obvious ductile fracture characteristics. The toughness parameters of the weld are much lower than those of base metal,
which indicates that weld is more prone to crack.
Keywords: Stainless steel, Micromechanical fracture model, Ductile fracture, Ultra-low-cycle fatigue
et al. 2019), which demonstrated that stainless steel has
better toughness than carbon steel. However, the tests for
calibrating the toughness parameters of duplex stainless
steel are insufficient and welds that tend to crack in an
earthquake of duplex stainless steel have not been studied
yet.
In this paper, monotonic tensile tests and cyclic tests of
duplex stainless steel coupons and the weld ones were
conducted to calibrate the parameters in VGM and
CVGM. The resultant parameters could complete the
fracture prediction methods and further explore the
fracture toughness of stainless steel, which may
contribute to the seismic performance design of stainless
steel structures.

1. Introduction
Stainless steel characterized by its good corrosion
resistance, fire resistance, and high strain hardening has
been widely used in buildings and decoration structures in
recent years and has excellent application prospects.
Duplex stainless steel is a type of stainless steel and has a
higher nominal yield strength than austenitic stainless
steel. Scholars have conducted related research on the
constitutive relationship of duplex stainless steel, but
studies are far from enough for the further promotion of
stainless steel in large structures. The ultimate failure of
steel structures under the effect of an earthquake is often
induced by ductile fracture relating to a few cycles of
large plastic deformations, which is termed
ultra-low-cycle fatigue (ULCF). Micromechanical
fracture models are prevailing theories to study ductile
fracture behavior under diverse loading conditions, which
could be the radical basis to reveal earthquake-resistant
behavior of stainless steel. So far, however, there has been
little research about ULCF fracture behavior and general
ductile fracture properties of duplex stainless steel. The
limited research, coupled with the need to predict fracture
under earthquake, necessitates the application of the
models to duplex stainless steel.
VGM, one of the classic micromechanical fracture
models (Chi, Kanvinde et al. 2006, Kanvinde and
Deierlein 2006) that assume ductile fracture is mainly
caused by void growth were proposed to predict ductile
fracture under monotonic loading and their feasibility in
certain steels has been verified. CVGM (Kanvinde 2004,
Kanvinde and Deierlein 2007)which is also based on the
microstructure of material can capture the ULCF fracture
of structural steel. Liao et al. (2012) and Yin et al. (2018)
calibrated the parameters in the VGM model, and CVGM
of Q345 steel and Q460C steel in China respectively.
Those parameters of the micromechanical fracture model
were recently calibrated for austenitic stainless steel (Yin,
Yang et al. 2019) and duplex stainless steel (Chang, Yang

2. Experimental program
2.1. Material and specimens
Duplex stainless steel studied in this paper is coded as
S22053 which is in accord with Technical Specification
for Stainless Steel Structures in China. The coupons were
extracted from several 25 mm-thick stainless steel plates
and the welded ones. There are two directions in which
the coupons were sampled, namely the rolling direction
(longitudinal) and the perpendicular rolling direction
(transverse). In general, five materials including base
metal, transverse HAZ, longitudinal HAZ, transverse
weld metal, longitudinal weld metal are involved in the
test.
Totally 30 and 60 circumferentially smooth-notched
bar coupons were tested under monotonic loading and
cyclic loading respectively to calibrate the fracture
models as shown in Figure 1. Three different notch radius
r that was 1.25, 2.5, and 5 mm were designed for the
notched bars of the same material to obtain different stress
triaxiality, which verifies the applicability of the fracture
models under different stress conditions. In addition, an
extra notched bar was prepared as a spare for each
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material and each dimension.

left side of the Eq.(1) becomes equal to 0 at the point of
fracture initiation, so the toughness parameter can be
calculated.

2.2. Test setup
The monotonic tensile test and cyclic loading test were
conducted on the MTS Landmark. The gauge length of
the extensometer is 15 mm. To verify the versatility of the
fracture model under different cyclic loads, two loading
protocols were adopted in the cyclic test. In the one
protocol named cycle to failure (CTF), the coupon was
applied a fixed displacement until its fracture. Another
protocol named cycle and pull to failure (CPTF) involved
five cycles of specified displacement and a following
tensile pull to the fracture. To obtain an appropriate
number of cycles and lead to ULCF, the cyclic
displacement amplitudes of CTF and CPTF are
approximately set to 1/2 and 1/4 of the fracture
displacement of the corresponding monotonic tensile
coupon.

3.2 Characteristic length
The ductile fracture initiation is an overall behavior, not
the behavior of a single material point, so it is necessary to
introduce a characteristic length parameter to describe the
region scale of failure. Once the VGM model reaches its
critical condition on the characteristic length, it is
considered that ductile fracture has occurred. Related
studies have proposed many methods to determine the
characteristic length and this paper adopts the mean value
which is taken by an average of several dimensions of the
plateaus and trough. Scanning Electron Microscope was
carried out to capture the microscopic morphology of
section of each material. The results of characteristic
length are summarized in Table 1. Since the coupons
used in the paper have a small stress gradient, the
characteristic length is a negligible factor.
3.3 Calibration of the toughness parameters
The point with a sudden change in the slope of the load
versus displacement curve obtained in the test indicates
the fracture initiation. The corresponding displacement is
used as the terminal load in the associated finite element
analysis to compute the toughness parameters
.
ABAQUS was used to simulate the stress and strain at the
notched section considering the large-deformation effect
and plastic material behavior. An axisymmetric finite
element model of the notched bar coupon is established
and the mesh near the notch is refined to get a mesh
dimension in accord with the characteristic length. The
load-displacement curves of the test and finite element
analysis are shown in Figure 2, which exhibits a good
agreement between the two curves.
The equivalent plastic strain
and the stress
triaxiality T are substituted into Eq.(1) to integrate until
the fracture displacement, so VGM is calibrated. The
calibrated results are listed in table 1. The corresponding
coefficients of variations (COV) are also given in Table 1.

Figure 1. Schematic diagram of coupon with notch radius
equal to 2.5mm (All dimensions in mm)
3. Result of monotonic tensile test of the notched bar
3.1 Micromechanical models for monotonic loading
VGM is a classic model to predict ductile fracture
initiation under monotonic loading. Fracture prediction
condition of VGM is expressed by Eq.(1),
(1)
Where
stress and

is the stress triaxiality,

is the mean

is Von Mises effective stress, and

is the

equivalent plastic strain. The toughness parameter
is
supposed to be a property of the material itself, which can
be calibrated by the tensile test of notched round bars. The

Table 1. Results of the tests
Material
base metal
transverse HAZ
longitudinal HAZ
transverse weld
longitudinal weld

Mean
4.80
4.21
5.33
2.03
1.29

COV
0.10
0.08
0.07
0.08
0.32

It can be clearly seen from Table 1 that except for the
longitudinal weld, the COV parameters of the other four
materials are low, which proves that the model can apply

0.12
0.16
0.13
0.04
0.03

0.47
0.61
0.57
0.71
0.66

to stainless steel under different stress conditions. Base
metal, transverse HAZ and longitudinal HAZ have high
toughness parameters, while the toughness parameters of
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transverse weld and longitudinal weld are relatively low,
indicating that the material properties of HAZ are
relatively similar to the base metal and the toughness of
weld is greatly reduced. Longitudinal weld not only has
the lowest toughness parameter but also has a large
dispersion of its parameters, which is probably caused by
the heterogeneity of the weld material itself. At the same
time, this also reveals that weld is a very fragile part in the
structure and is easy to crack, and its cracking timing is
difficult to accurately predict.

(2)

(3)
Where is the equivalent plastic strain calculated at the
start of each tensile excursion of loading accounting for
the damage during cycles,
is the toughness parameter
of the material under monotonic loading,

25

damage degradation parameter. Since
has been
determined in the monotonic test, the only parameter to be
calibrated for CVGM is
. The right side of this
equation assesses the cumulative void growth by an
and
of each cycle
integral between plastic strain
segment. A negative stress triaxiality indicates a
compressive cycle segment and a positive stress triaxiality
indicates a tensile cycle segment.

Load(kN)

20
15
10
test
FEM

5
0
0.0

0.5

1.0

1.5

4.2 Calibration of the parameters of CVGM
The fracture initiation point that can be observed in the
test is determined by the number of cycles before cracking
and the fracture displacement in the last cycle. The
calibration of the CVGM entails finite element analyses
and the fracture initiation point to control the calculation
process.
The finite element model is identical to that used for
simulating the monotonic case. Cyclic finite element
analyses for the notched bars are performed through the
same displacement loading protocol adopted in the test.
The von Mises yield surface combining nonlinear
isotropic and kinematic hardening is used to simulate the
inelastic behavior of materials subjected to cyclic loading.
Several sets of hardening parameters that make the finite
element analysis closer to the test were obtained through
an iterative process of repeated parameter adjustment
calculations. Figure 3 shows that the load-displacement
curve for notched bar cyclic finite simulation agrees well
with the test counterpart.
The stress and strain obtained from the finite element
analysis are used to calculate the integral term on the right
side of the Eq. (2) up to the aforementioned fracture
initiation point, thereby calibrating the toughness
parameters
. The relationship between the ratio
between the cyclic and monotonic toughness parameter,
, and the damage variable
is fitted by an
exponential decay function per Eq. (3). The parameters
to be calibrated are determined by the fitting
process for all the cyclic tests of each material. The
calibrated damage degradation parameters
are
summarized in Table 1 for each of the five materials.
Some findings can be obtained from Table 1. The
damage degradation parameters of these five materials are
distributed between 0.47 and 0.71, which is the normal
range of this parameter. longitudinal weld that has the

2.0

Displacement(mm)
Figure 2. Load-displacement curve of monotonic
tensile test

20

Load (kN)

10
0
-10
-20
-30

test
FEM

0.0

0.1

0.2

0.3

0.4

0.5

0.6

Displacement (mm)

is the

0.7

0.8

Figure 3. hysteretic curve of the cyclic test
4. Result of cyclic test of the notched bar
4.1 Micromechanical models for cyclic loading
While VGM model is limited to monotonic loading,
Cyclic Void Growth Model (CVGM) can predict the
ductile fracture in ULCF as an extension of VGM. The
toughness parameter
in CVGM can be computed by
Eq. (2),
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worst toughness shows a medium damage degradation
parameter, which denotes a weak correlation between the
damage degradation parameter and the toughness
parameter. However, overall the damage degradation
parameters of the two welds are slightly large indicating
that their toughness decreases fast with the development
of plastic strain. At the same time, their toughness
parameter itself is quite low, so that it will be easier to
crack under the effect of an earthquake. It is also worth
noting that the scatter points of the two welds are very
scattered when fitting the curve, which denotes great
randomness of the properties of the welds.
5. Conclusions
This study set out to investigate the ductile fracture
behavior of duplex stainless steel and its HAZ and weld
based
on
the
micromechanical
mechanism.
Circumferentially smooth-notched bar coupons were
tested under monotonic and cyclic load to calibrate the
parameter of the micromechanical fracture models. After
supplementary finite element analyses, the parameters
were determined and the following conclusions can be
drawn:
(1) The calibrated toughness parameters of VGM from
different stress conditions exhibits low COV
revealing that toughness parameters are a property of
the material and this model can apply to duplex
stainless steel. The damage degradation parameter
appears no clear correlation to the toughness
parameter.
(2) The base metal shows a high toughness parameter
and HAZ in both directions shows a similar
performance to the base metal. So HAZ may be
considered to have the same fracture resistance as the
base metal. In addition, they also undergo moderate
degeneration of fracture resistance under ULCF,
which can be competent material for seismic design.
(3) The weld material in both directions exhibits not only
low toughness parameter but also severe
degeneration of toughness under ULCF, which
advances its fracture under earthquake. More tests
should be carried out to get more credible parameters
of the models.
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Abstract
Due to the spatial variation of seismic excitations, the random vibrations of the train-bridge system are different from
those under uniform seismic excitations. In order to study this difference, this paper investigates random vibrations of a
coupled train-bridge system subjected to the spatially varying ground motions using the pseudo-excitation method (PEM).
Spatial variabilities of the input seismic ground motions are considered in the seismic evaluations in this paper, which
consist of the wave passage effect and the incoherence effect. As a case study, a China-made Pioneer EMU train running
on a ten-span simply supported bridge simultaneously excited by track irregularities and seismic ground motions with
considering the effect of different seismic wave propagation velocities and the effect of incoherence are analyzed. The
results show that the spatial variation, especially the wave passage effect, has a significant effect on the random vibration
performances and the running safety of the high-speed train and multi-span bridge coupled system. Therefore, to be more
realistic in calculating the random seismic vibrations of the train-bridge coupled system, the spatial variation should be
incorporated in the analysis.
Keywords: Train-Bridge system, Pseudo-excitation method, Wave passage effect, Incoherence effect, PEM
2.1. The Model of the Train and the Bridge
The high-speed train in the present paper is consists of
four tractors and two trailers. All of them are modeled as
an independent mass-spring-damper system with 27
degrees of freedom. The rail, bridge deck, and pier are
modeled as the Euler beam elements. The fasteners
supporting layers are modeled as spring-damper elements.
The Rayleigh damping was considered, and the mode
superposition scheme is adopted. The coupled
train-bridge system is simultaneously subjected to track
irregularity and spatially varying ground motions, as
shown in Fig. 1.

1. Introduction
As longer and longer bridges are built, the complexity of
long, multi-span bridges under track irregularities and
spatially varying seismic excitations makes the problem
hard to solve satisfactorily. For multi-span bridges, the
spatial variation of the input seismic excitations, such as
the wave passage and incoherence effects, should be taken
into account. The wave passage effect was due to the
difference in the arrival times of waves at support points.
While the incoherence effect is due to reflections and
refractions of seismic waves through the soil during their
propagation. To examine the impact of the spatial
variation of the seismic excitations on the coupled
train-bridge system, a China-made Pioneer EMU train
running on a ten-span simply supported bridge
simultaneously excited by track irregularities and seismic
ground motions with considering the effect of different
seismic wave propagation velocities and the effect of
incoherence is taken as a case study. By calculating
stochastic dynamic responses of the system, the
influences of seismic spatial variation are evaluated for
the maximum standard deviations of bridge accelerations,
train accelerations, and the offload factor. The influences
of the spatial variation on these random vibration
characteristics are discussed.

Figure 1. Coupled Train-Bridge System
2.2. Spatially Varying Ground Motions Model
The seismic ground motions are assumed to be uniformly
modulated non-stationary random processes. For the
ground acceleration at the ith and jth bridge supports, their
spatial variability is described by the cross-power
spectrum density (PSD) function as (Zerva, 2009):

2. Modeling of the Structures and Excitations
The three-dimensional train and the bridge system are
modeled. Additionally, spatially correlated ground
motions are applied to the bridge supports together with
the track irregularities between the wheel and the rail.
Then the train-bridge system can be coupled through the
wheel-rail relationship.

Sij     ijI    ijW   Si   S j  

(1)

where Si   is the auto-PSD of the ground acceleration

at the ith support;  ijI   is the lagged coherency
function representing the incoherence effect of the
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seismic excitations between the ith and jth supports;
 ijW   indicates the wave passage. Therefore, the PSD
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matrix of the ground motion for N s bridge supports has
the form:
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2.3. Track Irregularity Model
The track irregularities are assumed to be multi-phase
stationary random processes with the auto-PSD S r   ,
which can be transformed from PSDs of the Federal
Railroad Administration (FRA) track irregularity.
2.4. Equation of Motion of the Coupled System
Based on the PEM, the track irregularity and seismic
ground motions are transformed into a series of
deterministic pseudo-excitations. The equations of
motions of the coupled system subjected to the
transformed pseudo-excitations are assembled based on
the wheel-rail rigid contact relationship, which are shown
in Eq.(3) and Eq.(4).
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3. Numerical Results
A 10-span simply supported bridge under a Pioneer train
is taken as an example. The properties of the train and
track can refer to (Xia, Zhang and Guo, 2018). For the
bridge deck, the cross-sectional area is 7.66 m2, the lateral
bending moment of inertia is 43.45 m4, the vertical
bending moment of inertia is 6.56 m4, the torsional
moment of inertia is 1.55 m4, the elastic modulus is
3.5×1010 N/m, and the density is 3,892 kg/m3. For the
bridge piers, the cross-sectional area is 9.27 m2, the lateral
bending moment of inertia is 57.41 m4, the vertical
bending moment of inertia is 17.82 m4, the torsional
moment of inertia is 51.056 m4, the elastic modulus is
3.15×1010 N/m, and the density is 2549 kg/m3. The
damping ratio  is assumed as 0.02. Then, the beam
elements of the rail, bridge deck, and bridge pier are
assumed to have a Rayleigh damping matrix
C  1.1498M  0.0003K . The Poisson’s ratio is 0.25.
In the dynamic analysis, the first 500 vibration modes of
the track-bridge system are considered in the
mode-superposition. The 6th class FRA spectrum of track
irregularities and Clough-Penzien seismic spectrum with
intensity VI are considered (Clough and Penzien, 2010).
The train speed is 210 km/h. The seismic wave
propagation velocities vary from 100 m/s to 107 m/s. The
Oliveira-Hao-Penzien Model (Oliveira, Hao and Penzien,
1991) is used to consider the incoherence effect. The
uniform seismic excitation (i.e.,  sj =0 and all elements
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where M , C , and K denote the couple mass matrix,

of the matrix Φ equal to one) is also considered for the
comparison. R is defined as the ratio of the maximum SD
of the response under the spatial varying ground motions
to the maximum SD of the response under uniform
seismic excitations. The ratio R of bridge deck
acceleration, vehicle body acceleration, and offload factor
are shown in Fig. 2, Fig. 3, and Fig. 4.

damping matrix, and stiffness matrix of the coupled
  , t  are
  , t  and F
train-bridge system; F
g
r


pseudo-excitations of track irregularity and seismic; X
r

 denote the pseudo-displacements caused by the
and X
g
pseudo-excitations of track irregularity and seismic; R
and E are coefficient matrixes of pseudo-responses
which can refer to (Mu et al., 2019); S r   and

S s   are the PSD of track irregularity and seismic;  wi

and  sj are the phase-lags of ith wheelset of the train and
jth support of the bridge; N w and N s are numbers of
train wheelsets and bridge supports; Φ is a matrix which
is decomposed from the lagged coherency function
caused by the incoherence effect of the seismic ground
motions. By solving Eq.(3) and Eq.(4), the response PSD
can be computed by multiplying the pseudo-response and
its complex conjugate, and the response standard
deviation (SD) is then obtained as

Figure 2. Ratio R of the bridge midpoint lateral
acceleration
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than using the uniform seismic excitation unless the
results will be underestimated or overestimated.

It is observed that the values of the ratio R vary with the
seismic apparent wave velocities for different bridge
spans, different vehicles, and different wheel-sets. It may
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be greater than or less than unity, which means that the
wave passage effect of the seismic excitation may
increase or decrease the random responses of the coupled
system. If the apparent wave velocity is high enough, the
random bridge responses approach the uniform seismic
responses, i.e., R  1.0 .

Figure 3. Ratio R of the vehicle body lateral acceleration

Figure 4. Ratio R of the offload factor
4. Conclusions
In this study, the 3D high-speed train and bridge system
subjected to the spatially varying ground motions was
investigated, and its SD of random responses is obtained
by PEM. Compare to the random responses under the
uniform seismic excitation, it can be seen that the spatial
variation of the seismic ground motions has a significant
influence on the system's random responses. They may
increase or decrease the random responses of the coupled
system. For a coupled train and long, multi-span bridge
system, it is better to consider the spatial variation rather
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Abstract
Shaking table test is great effective methods in seismic engineering field. However, shaking table tests generally conduct
with reduced frames to be clear its behavior under ground motion. The shaking table test with reduced frames have some
problems based on the scale effect corresponding to the test using full-scale frame. Our study proposes a new
experimental method by shaking table and reduced frame. The method subsumes the concept of „inverted shaking table‟.
Though the series of the experiment by the „inverted shaking table‟ and application, the collapse behavior by P-Δ effect is
able to reproduce with reduced steel frame inputting earthquake record along the real axis of time. The acceleration
scaling of input wave is almost same to the results obtained by the response analysis of single degree of system. The
difference of procedure for collapse is also clarified by changing the vertical load.
Keywords: Shaking table test, Collapse behavior, Scale Effect, P-Δ effect
mass) was composed to some steel plates and connected
to four columns. The joints of column are all clevises. The
stiffness of specimen frame is reproduced by a steel plate
called „stiffness element‟. The stiffness element is
connected to mass by some rod ends and screw bars.
Changing the number of steel plate or the size of stiffness
element, specimen frame can change inertia mass or
stiffness easily. This means that the shaking table test can
conduct without adjusting time of input earthquake
records.
Parameters of the test are the national period, vertical load,
and input earthquake record. Table 1 shows specimen list.
W in Table 1 means vertical load given by subtracting M1
(inertia mass) and M2 (counter weights).

1. Introduction
Shaking table test is important to represent the collapse
behaviors of buildings. Full-scale shaking table test is
effective, however, the shaking table tests with reduced
frames are generally conducted. Compared to the shaking
table test with full-scale frame, reduced frame has quite
small gravity and has less P-D effect (the scaling effect).
The natural period of reduced frame is small, so that
collapse behavior is hard to show without modifying to
duration time of input wave. In this study, the collapse
behavior of reduced steel frames is reproduced using
„inverted shaking table‟. The hysteresis and acceleration
scaling of input wave in test results are almost matched to
response analysis of single degree freedom model. The
„inverted shaking table‟ is quite effective not only
showing the behavior from elastic to collapse, but also the
difference of collapse procedure by changing mass of
building.

Pulleys

2. Reduced frame test

Load from
Counter Weights

Keeping
enough
height

2.1. Inverted Shaking Table
For safely and stably reproduction of collapse behavior in
reduced frame, the test system called „Inverted shaking
table‟ is used. Figure 1 shows the composition of
„Inverted shaking table‟. Reduced frame (specimen
frame) is set upside down on a fix plate. The fix plate is
connected dynamic actuators to input seismic input wave.
Counter weights give specimen the vertical load. Inertial
mass of specimen frame connects to the counter weights
by a long wire rope. Through the pulleys, counter weights
are also stable and easily change vertical load. Preparing
the specimen frame has large deformation, the pulleys
locate about 3 m height from the fix plate to keep the load
from counter weights vertical.

Dynamic Load
（from Actuators）

Specimen Frame
set upside down

Figure 1. Inverted shaking table
Fix Plate

Protect Stopper
High tension bolt

300 mm

Clevis
Φ50 Steel Bar

Stiffness
Element
(PL-6)

2.2. Specimen frame
Specimen frame of the test is a 1x1 span steel frame.
Figure 2 shows the detail of specimen frame. The mass
part and the stiffness part are separated. The mass (inertia

Rod End

Inertia Mass

Figure 2. Detail of specimen frame
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2.3. Excitation and measurements
Table 2 shows excitation list. Based on the response
analysis of single degree of freedom model, the input
level was decided by acceleration scaling. Each input
level using Hachinohe EW was conducted one excitation,
however, multiple excitations of the input level of Kobe
NS x1.25 were conducted.
As measurements of the test, accelerators on the jig and
the mass of specimen frame were set. To measure
horizontal displacement, the laser-typed displacement
transducers set on the specimen frame. Strain gauge was
glued on the stiffness elements.

Table 1. Specimen list
Stiffness
Element

B40

B40s
B60

Specimen

M2
[kg]

W
[N]

140
100 160
B40-h Hachinohe EW
140
B40s-k
140
Kobe NS
100
L40s-k
160
B60-k
140
Kobe NS
100
L60-k
160
B40-k
L40-k

B30

2.4. Test Results
Figure 3 shows a part of the relation between horizontal
shear force (Q) and horizontal relative displacement().
The hysteresis of these specimens almost matched to the
hysteresis of response analysis on single degree of
freedom system. Case of B40-k, L40-k, B30-k, and B30-h
were collapsed. The input levels of collapse were almost
same as shown in Table 3.
Figure 4 shows the time history of horizontal relative
displacement in the cases of L-60k and B60-k. In the input
level of 1.0 times of earthquake record, the displacement
of L-60k which has large vertical load was small, however,
the displacement increased rapidly as the input level
glowed. The difference of vertical load makes the
specimen frame close to collapse.

M1
[kg]

Input Wave

Kobe NS

B30-k

Kobe NS

B30-h

Hachinohe EW

T1
[sec]

Base
Shear

392
588 0.80 0.26
392
392
0.49 0.36
588
392
0.40 0.54
588

140 160 392 1.24 0.18

Table 2. Excitation
Kobe NS
Max. Acc.

Input level

Free viblation

-

-

-

-

Elastic excitation

×0.1

82 gal

×0.6

107 gal

Max. Acc.

1.0 time excitation

×1.0

802 gal

×1.0

179 gal

1.25 times excitation

×1.25

1003 gal

×1.25

224 gal

1.5 times excitation

-

-

×1.5

269 gal

1000

3. Conclusions
Using „Inverted shaking table‟, a series of shaking table
test with reduced steel frame was conducted. Obtained
test results shows the elasto-plastic behavior up to
collapse of reduced frame can reproduce with input
earthquake record with original time axis. The hysteresis
and input level of collapse of test results almost matched
the response analysis results obtained in single degree of
freedom.
The shaking table test method with portable parts and
general experimental apparatus can easily consider the
frame behavior by changing stiffness and mass of
specimen frame. During increased input level, the
difference of vertical load makes surge of displacement of
specimen frame for collapse.

Hachinohe EW

Input level

Q [N]

1000

B30-k

B30-h

500

500

0

0

-500

-500

-1000
-200

Q [N]

-100

0

 [mm]

-1000
200 -200

100

-100

0

 [mm]

100

Figure 3. Relation between Q and 
Table 3. Input level of collapse

Specimen
B40-k
L40-k
B60-k
L60-k
B40s-k
L40s-k
B30-k
B40-h
B30-h
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Response Analysis
Kobe NS x1.25
Kobe NS x1.0
Kobe NS x1.5
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Kobe NS x1.0
Kobe NS x1.0
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Hachinohe EW x1.5
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Shaking Table Test
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Abstract
In order to evaluate the safety of the continuous welded rail (short for CWR), the axial stress and relative displacement
of the CWR are analyzed. A track-bridge interaction analysis model is established according to the design code. In case
of this analysis model, the two rails are simply simulated as one beam element, the superstructures, substructures are
simplified as beam element separately. The spring element is used to simulate the longitudinal fastener or ballast resistance.
The analysis model based on the design code cannot consider the behavior of track in the lateral direction. In addition,
the design code considers train braking/acceleration load, train vertical load and bridge deck temperature variation
excluding seismic load. The main focus of this study is to investigate the influence of seismic load on the CWR through
the track-bridge interaction. Therefore, this study presents an improved finite element analysis model for seismic analysis.
The response spectrum analysis was performed. According to the results, the axial stress and relative displacement
occurred in the CWR due to the seismic load and the results were analyzed quantitatively and qualitatively.
Keywords: Track-Bridge Interaction, Seismic Analysis, Railway Bridge, Response Spectrum Analysis
is presented. An analytical model consisting of a two-span
superstructure with a simple support boundary condition
is constructed with reference to the specifications of a 25m
plate girder bridge and an 18m pier. The track-bridge
interaction is simulated through spring elements spaced at
0.4m intervals. The specification of the analysis model
and the spring stiffness are shown in the Fig. 1. And Table
1.

1. Introduction

As the standard rail is changed to the CWR, axial stress and
relative displacement occur due to the Track-Bridge interaction
when the external force applied to the CWR located on the
bridge. Generated axial force and relative displacement cause
buckling or fracture of the CWR. Therefore, in order to evaluate
the safety of the CWR, the track-bridge interaction analysis
model was constructed in which the track and the bridge are
connected with spring elements according to the design basis.
When the seismic load is applied, it is expected that the trackbridge interaction will occur and affect the stability of the track.
Therefore, several studies performed on the effect of seismic
load on the CWR. The track-bridge interaction analysis by
seismic load was performed using the longitudinal resistance
force presented in various design basis(Wenshuo Liu et al.,
2017). The behavior between the superstructures according to
the presence or absence of the track and the stiffness was
evaluated. And The axial stress generated on the pole rail was
studied.(Bin Yan et al., in 2018). However, previous studies
conducted an analysis considering only the longitudinal
resistance between the track and the bridge. Therefore, in this
study, an improved finite element analysis model for accurate
track-bridge interaction analysis that can consider longitudinal
and lateral seismic loads is presented.

(a) Cross Section of
bridge deck

2. Research for selection of analysis model
The temperature load and train load that generate axial
stress on the CWR dominate in the longitudinal direction.
Therefore, in the design basis such as UIC Code 774-3R
and KR C-08080, two rails are simulated as one beam
element and a track-bridge interaction analysis model that
connects rail and bridge with only longitudinal resistance

(b) Cross section of pier

(c) Longitudinal section of the Bridge
Figure 1. Seismic Analysis models
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3. Comparison of analysis model through seismic load
For seismic analysis, a response spectrum analysis was
performed to obtain the maximum response of the entire
structure. The design seismic load was calculated by
referring to the railway design guidelines and handbook
seismic design (KR C-02040). The bridge to be analyzed
is located in Zone I, the earthquake zone coefficient (Z) is
0.11, and the recurrence period is 1000 years, and the
earthquake risk factor (I) is 1.4. The ground coefficient (S)
is soft soil, which corresponds to the ground type IV, and
is 2.0. Using Eq.(1), the elastic earthquake response
coefficient (Cs) was calculated as the maximum value that
can consider all areas and ground. The damping ratio was
5% and the period (T) was set to 40 seconds, and the
calculated design earthquake response spectrum is as
shown in the Fig. 3.

Table 1. Specification for analysis model

𝐶𝑠 =

In addition, in order to confirm the effect of the trackbridge interaction on the continuous track in the roadbed
section and to simulate the continuous track, the track
length of the roadbed is set to 100 m and the IBE (Infinite
Boundary Element) was applied end of the roadbed. In
order to select an efficient analysis model, as shown in the
Fig. 2., a simple analysis model (1Rail-1Girder-Beam)
based on the design basis is built up to an analysis model
using shell element most similar to the actual bridge
specification(2Rail-2Girder-Shell).

(a) 1Rail-1Girder
(1R-1G-Beam)

(2R-2G-Beam)

𝑇 2⁄3

(1)

Figure 3. Earthquake response spectrum

(b) 2Rail-1Girder
(2R-1G-Beam)

(d) 2Rail-2Girder

1.2 𝐴 𝑠

(a) Seismic stress of rail under longitudinal seismic excitation

(e) 2Rail-2Girder

(2R-2G-Shell)

Figure 2. Seismic Analysis models

(b) Seismic stress of rail under lateral seismic excitation
Figure 4. Seismic stress in rail
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Under the longitudinal seismic load, a maximum axial
stress of 46Mpa occurred between the superstructures
according to the boundary conditions of the two-span
bridge and the bending behavior of the piers. And a
maximum of 13Mpa of axial stress occurred between the
superstructures under the lateral seismic load as in the
longitudinal seismic load. In addition, axial stress
generated by the track-bridge interaction caused by the
seismic load converges to 0Mpa within 100m of the track
in the roadbed section.

Evaluation on Interaction between Track and Bridge in
Continuous Welded Railway Bridge Considering
Seismic Load.” Journal of the Korea Institute for
Structural Maintenance and Inspection, 20(2), pp. 4048.
Wenshuo, L., Gonglian, D., Zhiwu, Y., Y.Frank, C., Xuhui,
H. (2017). “Interaction between continuous welded rail
and long span steel truss arch bridge of a high speed
railway under seismic action.” Structure and
Infrastructure Engineering, 14(8), pp. 1051-1064.
Bin, Y., Gonglian, D. (2013). “Seismic Pounding and
Protection Measures of Simply-Supported Beams
Considering Interaction between Continuously Welded
Rail and Bridge.” Structural Engineering International,
23(1), pp. 61-67.
Hao, L, Ping, W., Xiankui, W., Jieling, X., Rong, C.
(2018). “Longitudinal Seismic Response of
Continuously Welded Track on Railway Arch Bridges.”
Applied sciences, 8(5), pp. 775.
Xin, J, G., Y., Peng, H, D., Hui, Q. (2020). “Dynamic
Response Analysis of Long-Span Continuous Bridge
Considering the Effect of Train Speeds and
Earthquakes.” International Journal of Structural
Stability and Dynamics, 20(6).
UIC. (2001). “Track/bridge Interaction Recommendations
for calculations.(UIC Code 774-3R)” International
Union of Railways.

Table 2. Maximum rail axial stress according to analysis
model
Analysis 1R-1G
2R-1G
2R-2G
2R-2G
Model
-Beam
-Beam
-Beam
-Shell
Rail1
Rail1
Rail2
Rail1
Rail2
Rail1
Rail2
Rail
Longitudinal
seismic
excitation
Lateral
seismic
excitation

44.54

45.32

43.30

45.22

43.73

44.21

42.78

14.38

14.38

12.38

14.38

14.18

13.70

13.54

As shown in Table 2., the difference in axial stress
between the two rails is shown in the analysis model
considering two rails. Therefore, it is judged that an
analysis model considering two rails and a sleeper is
necessary to accurately simulate the rail behavior.
4. Conclusions
Through the longitudinal and transverse seismic loads,
high axial stress occurred. In addition, as the difference in
axial stress between rails occurs in the 2Rail analysis
models(2R-1G-Beam, 2R-2G-Beam, 2R-2G-Shell), it is
judged that the analysis model considering two rails rather
than one rail accurately simulates the rail behavior. In the
Track-bridge interaction analysis, the 1Girder analysis
model sufficiently reflected the behavior of the 2Girder
analysis model. Also, considering the possibility of
analysis with the bridge cross section as a variable, it is
judged that the 1Girder analysis model is necessary.
Therefore, it is judged that reasonable analysis results can
be obtained with the analysis model consisting of 2rails
and 1girder(2R-1G-Beam) in the track-bridge interaction
analysis by seismic load.
5. Acknowledgements
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Abstract
Due to the COVID-19 pandemic, there is a worldwide problem that the number of isolation room is insufficient. So,
attention has focused on medical buildings to rapid health care delivery. The structural and non-structural elements for
medical facilities should be able to operate after the earthquake. To do so, precise analysis and design such as
performance-based design are required. However, performance-based design takes a lot of time and effort at the step of
nonlinear modeling. This study develops a performance-based design tool to reduce that cost and introduces the tool.
Keywords: Performance-based design, Computing tool, Medical facilities, Nonlinear analysis, Nonstructural
components
transmission of infection. These rooms are controlled to
provide with higher pressure than the adjoining rooms or
corridor. In contrast, AII rooms are used to prevent the
spread of infection via airborne transmission to other
persons. These rooms are controlled to provide with lower
pressure than the adjoining rooms or corridor. Therefore,
diseases transmitted through airborne droplets, such as
COVID-19, should be treated in that place.
AII rooms has an anteroom that physically separates the
negative pressure area and the non-negative pressure area.
There is an ensuite shower and toilet that can be accessed
directly from within the room to prevent unnecessary
movement of quarantined patients. Figure 1 shows an
example of the AII room including anteroom and ensuite.

1. Introduction
Recently, because of the pandemic of emerging infectious
diseases, the need for isolation wards is increasing.
Structural and non-structural elements in these isolation
wards are closely related to the patients’ life. Especially, it
is difficult to actively evacuate in the event of an
earthquake because most patients with severe infectious
diseases are unable to move about freely. Therefore,
damage to structures/non-structures may cause loss of life.
If the airtightness of the structure is poor, there is a risk
that patients and medical team will be directly or
indirectly exposed to infectious agents.
For seismic design of isolation wards, it is necessary to
use performance-based design (PBD) approach that sets
specific performance objectives, and checks whether
performance levels are satisfied through precise analysis
of structural and non-structural elements. PBD, however,
takes a lot of time and effort at nonlinear modeling and
analysis of results. if the computerized tools to shorten this
is developed, it will be possible to meet the social needs
for rapid medical service provision in the event of an
infectious disease outbreak.
With this background, this study investigates the
composition of isolation wards, selects non-structural
elements that require seismic design, and analyzes the
steps that can be computerized in the design process.
2. The Composition of Isolation Wards, and Nonstructural Elements

Figure 1. AII room including anteroom and ensuite

The isolation rooms are classified as standard pressure
room, protective environment (PE) room, airborne
infection isolation (AII) room. A standard pressure room
is a physically quarantined ward and is used for patients
requiring contact isolation. PE rooms are used to protect
immunocompromised patients from the risk of airborne

According to the guidelines on isolation ward published
by Korea Institute of Healthcare Architecture (KIHA), an
AII room should contain negative air machine, ventilation,
and air conditioning system, etc. Medical furniture in the
room should be wall-mounted as much as possible to

(KIHA, 2018)
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3. Performance-based Design Tools for Isolation
Wards

are satisfied. After that, in conjunction with the evaluation
tool, it is compared with the value of the floor acceleration
or the story drift obtained from the nonlinear analysis to
check whether the operational performance level is
satisfied, and if not, the redesign process is carried out.
General design requires structural calculations unless
experiments are carried out. Based on the required
strength obtained from the elastic analysis, the
preliminary design is performed, and it is checked whether
the performance of the non-structural elements has met
the goal in conjunction with the evaluation tool.

3.1 Performance Levels of Non-structural Elements

4. Conclusion

Seismic building design code of Korea (KDS 41 17 00 :
2019) specifies each performance level that structural
elements and non-structural elements as shown in Table 1.

This study was aimed to develop computing tools that help
the rapid seismic design to provide faster medical services
in the event of an earthquake. To this end, the design
process that can be computerized was investigated for the
evaluation and design of various non-structural elements
essential to the functioning of the isolation ward. As a
result, the prescriptive design process according to the
requirements of the standard and the general design
process using the elastic analysis results were
computerized. In connection with the evaluation tool, it
was composed to determine whether the performance
objectives were satisfied or not through comparison with
the nonlinear analysis result.

prevent the spread of pollution on the floor. The exhaust
opening, which is very important for the function of the
AII room, is basically recommended to be installed near
the patient’s head, especially at the bottom of the wall. In
the ensuite, a wall-mounted sink and toilet should be
installed. It can be seen that various non-structural
elements placed in the isolation ward have a risk of falling,
and this should be taken into account when designing.

Table 1. Performance level of structural elements
and non-structural elements by performance level
Building
Operational
Immediate
Occupancy
Life Safety
Collapse
Prevention

of building
Structural
element
Immediate
Occupancy
Immediate
Occupancy
Life Safety
Collapse
Prevention

Non-structural
element
Operational
Position
Retention
Life Safety

5. Reference
Kwon, S.J. (2018). Architectural Guidelines for the
Design of Healthcare Facilities: Focused on General
ward, Isolation ward, ICU, Newborn unit, NICU,
Dialysis Unit, Surgical Unit, HVAC). Korea Institute of
Healthcare Architecture. Report No. 11-1352000002445-01, Seoul, Korea.

-

In KDS, if it is a general hospital or a hospital with an
operating room and emergency facilities, it is classified as
seismic special grades, otherwise it is classified as seismic
grade Ⅰ. The basic performance objectives of the former
are the life safety performance level for earthquakes with
a return period of 2400-years and the Operational
performance level for earthquakes with a return period of
1000-years. As mentioned earlier, however, the nonstructural elements in the AII room should be able to
operate even after the earthquake. Therefore, regardless of
the seismic hazard, the operational performance level
should be set as the performance objectives. Since this is
an objective that is not specified, it is checked whether the
goal is satisfied using performance-based design.

6. Acknowledgment
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3.2 Evaluation and Design Tools of Non-structural
Elements
Non-structural elements can be designed on the basis of
reasonable structural calculations or experimental results,
or standard requirements for the material, dimensions, and
spacing, etc. In KDS, the former is called as a general
design and the latter as a prescriptive design. The design
tool can computerize both design procedures. The
prescriptive design through the design tool consists of a
system that determines whether the requirements of KDS
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Abstract
In current seismic design provisions, ASCE/SEI 7 (2017), three seismic load analysis methods are permitted for the
seismic design, which are equivalent lateral force (ELF) procedure, modal response spectrum analysis (RSA), and
response history analysis (RHA). The ELF and RSA are commonly used in seismic design. The aim of this study was to
estimate the seismic loss of steel special moment resisting frames (SMFs) designed using the ELF and RSA. For this
purpose, 4- and 12-story steel SMFs were designed using ELF and RSA. Seismic design category of the buildings was
assumed as D. To conduct the seismic loss estimation, the procedure provided in FEMA P58 (FEMA, 2018) was used.
Expected lifetime monetary loss was used as the metric of seismic loss estimation. According to this study, an SMF
designed with RSA had more than 40% larger lifetime monetary loss than SMF designed with ELF. This is because SMFs
designed using RSA had less lateral stiffness than those designed with ELF, resulting in significant damage during
frequent earthquakes. In addition, RSA-designed SMFs experienced collapse to a lower intensity seismic hazard than
ELF-designed SMFs due to early global instability induced by P-Delta effect. The seismic loss benefits of using ELF for
steel SMF significantly exceeded the benefits of savings in initial steel costs due to the use of RSA.
Keywords: seismic performance, steel special moment frame, analysis method, economic loss
comparison of economic feasibility was performed for
analysis methods, including maintenance costs through
evaluation of earthquake-induced seismic loss.

1. Introduction
ASCE/SEI 7 (2017) proposes the design procedure and
load calculation procedure for the load applied to the
structure to secure the stability of the occupants or users.
A seismic design procedure in ASCE/SEI 7 (2017) is
proposed to offer a sufficiently low probability of collapse
for an earthquake corresponding to a low seismic hazard.
The following three procedures are proposed as an elastic
analysis method for seismic loads: equivalent lateral force
(ELF) procedure, modal response spectrum analysis
method (RSA), and linear response history analysis
method (RHA).
According to previous studies, it was reported that the
seismic load according to the RSA method did not provide
an appropriate level of seismic performance for the
structure. According to NIST (2010), structures according
to the RSA procedure could not secure an appropriate
level of collapse probability according to the criteria. Kim
and Han (2021) also pointed out the same point and
reported that the RSA method did not provide an adequate
level of resistance to lateral displacement. These studies
are evaluation results based on the collapse risk, and they
do not consider damage to structural and non-structural
elements or damage to structures according to the analysis
method.
In this study, seismic loss estimation is used to compare
the seismic performance of the ELF procedure and RSA
method from an economic point of view. For this purpose,
seismic loss estimation was performed for 4- and 12-story
steel special moment frames (SMF). The design crosssection and analysis model of the target structure were
presented by Kim and Han (2021). In addition, a

2. Seismic loss estimation method
In this study, the time-based assessment method proposed
in FEMA P58 (2018) was used to evaluate the seismic loss
of the target structure, and the expected loss (𝐸𝐿) caused
by the seismic load was calculated.
When a structure experiences an earthquake, the limit
state of a structure can be classified into collapse (C) and
non-collapse (NC). When no collapse occurs, it can be
classified as reparable and irreparable damage. The repair
cost due to reparable damage was calculated based on the
probabilistic method proposed in FEMA P58 (2018). In
the case of irreparable damage or collapse, the seismic
loss was defined as the cost due to demolition and
reconstruction. The probability of occurrence of
demolition due to irreparable damage was evaluated using
residual inter-story drift ratio (𝑅𝐼𝐷𝑅) according to Eq (1)
suggested by Ramirez and Miranda (2012).
𝑃(𝐷|𝐼𝑀) = ∫ 𝑃(𝐷|𝑅𝐼𝐷𝑅)𝑑𝑃(𝑅𝐼𝐷𝑅|𝐼𝑀)
(1)
𝑃(𝐷|𝑅𝐼𝐷𝑅) means the lognormal probability that
demolition will occur according to the 𝑅𝐼𝐷𝑅, and 0.015
and 0.3 suggested by Ramirez and Miranda (2012) were
used for the median and logarithmic standard deviations.
The probability of a collapse was defined assuming that
the collapse intensity for the ground motion sets
calculated using incremental dynamic analysis (IDA,
Vamvatsikos and Cornell, 2002) follows a lognormal
distribution.

166

both 4- and 12-story steel SMFs.
In the case of 12-story steel SMF, the proportion of
seismic loss associated with repair and demolition is
relatively small, and the proportion of seismic loss due to
collapse is dominant. As verified in previous studies, the
ELF procedure provides relatively high seismic
performance against steel SMF. Therefore, in the 12-story
steel SMF, it was evaluated that the RSA-SMF generated
a much higher level of EL due to earthquakes at all seismic
hazard levels.

3. Seismic loss estimation
This result is considered to be because, as mentioned in
previous studies, the lateral displacement calculated by
the RSA method is non-conservative to secure stability
against the P-Delta effect in the model building. In
addition, since lateral displacement is mainly evaluated as
an engineering demand parameter ( 𝑒𝑑𝑝 ) to evaluate
structural and non-structural component damage, it is
presumed that the RSA-SMF will cause a high level of
expected loss due to earthquakes.
In this study, a comparison of the expected loss (𝐸𝐿) in a
specific intensity measure (𝑖𝑚) of steel SMFs according
to the analysis method used in the seismic design was
performed. For comparison, ground motions of the
service-level earthquake (SLE), design-based earthquake
(DBE), and maximum considered earthquake (MCE)
disasters were considered as specific 𝑖𝑚. Figure 1 shows
the 𝐸𝐿 occurring in each steel SMF according to the level
of seismic hazard, and each 𝐸𝐿 that occurs was
normalized using the building replacement cost.

4. Conclusions
In this study, seismic loss estimation was performed to
evaluate the integrated seismic performance of steel SMF
according to the analysis method and to evaluate the
economic feasibility of design, and the results were
discussed. As a result of the evaluation, ELF-SMF had
relatively higher performance for all limit states compared
to RSA-SMF, and it is judged to suggest an economical
design procedure when the life cycle maintenance cost is
considered.
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Figure 1. Normalized 𝐸𝐿 of 4- and 12-story steel SMFs
As mentioned previously in the evaluation results of
collapse risk, RSA-SMF was evaluated to have relatively
small resistance performance for lateral displacement
compared to ELF-SMF. Accordingly, it was evaluated that
the repair cost, which has a dominant effect on the seismic
loss caused by the ground motion of low seismic hazard
level (SLE, DBE), is at least 40% higher in RSA-SMF
than in ELF-SMF. This was evaluated to occur equally in
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Abstract
Because of devastating damage in nonstructural elements and the consequent functional loss of buildings during past
major earthquakes, seismic design of nonstructural elements is now widely recognized as a major issue in the seismic
engineering. Steel rack is one of the most basic nonstructural elements because it is usually equipped with various
mechanical components such as telecommunication and emergency power systems which are often required to be
operational after seismic events. Generally, steel racks are rigidly mounted to floor slab using steel angles and steel
anchors. One side of the steel angle is usually bolted to the side of the steel rack and the other anchored to the floor slab
with bolts. Similar to the R factor method which has been used in designing main building frames, nonstructural elements
are also designed in an analogous manner through the equivalent static method using the component response
modification factor, Rp. In the case of steel rack, the most logical ductile fuse would be the steel angles and it should be
guaranteed that the angles have enough ductile capacity to justify the seismic force reduction prescribed with Rp. Despite
the critical importance of relation between Rp factor and the ductility capacity of the steel angles, current design codes
prescribe the component response modification factor (Rp) largely on an empirical basis because of the lack of reliable
test data. In this study, in order to evaluate the actual ductility capacity of steel angels and appropriateness of current
design method, shake table tests of steel racks having diverse angle configurations were conducted. Steel racks were
designed to have overall dimension of 1000 (length) × 800 (width) × 2000 (height) mm. In order to evaluate the relation
between the natural frequency of steel racks and the required ductility of steel angles, a total of two steel rack specimens
were fabricated as rigid (36.1Hz) and flexible (9.4Hz) components. For steel rack connections, typical L-shape steel
angles were adopted. Detailed results about the effect of angle configurations and natural frequency of steel racks on
overall performance of steel racks are discussed.
Keywords: Nonstructural elements, Seismic design, Shake table tests, Seismic Rack
varies from 1.00 to 12; Wp = component operating weight;
Ip = component importance factor; z = height in structure
of point of attachment of component with respect to the
base; h = average roof elevation of structure above the
base.
As shown in equation (1), design forces are highly
dependent on the factors related to the dynamic
characteristics of nonstructural elements. Generally, for
floor-mounted nonstructural elements such as steel racks,
current design codes suggest ap = 1.0 and Rp = 2.5, which
assume steel racks as a rigid component. However, these
design factors are mostly suggested based on empirical
basis, which requires systematic evaluation using shaketable tests.
In this study, shake table tests were conducted using rigid
and flexible steel racks with diverse steel angle
configurations (see Figure 1). A total of six specimens
were tested. Based on the test results, the dynamic
characteristics and behavior of angle-type attachments are
analyzed.

1. Introduction
Because of devastating damage in nonstructural
elements and the consequent functional loss of buildings
during past major earthquakes, seismic design of
nonstructural elements is now widely recognized as a
major issue in seismic engineering. Steel rack equipped
with various mechanical or electrical components is one
of the most basic nonstructural elements, and it is required
to be rigidly mounted to floor slab using steel angles and
steel anchors that have enough strength.
Nonstructural elements are generally designed by
equivalent static method as shown in equation (1).
𝐹𝑝 =

0.4𝑆𝐷𝑆 𝑎𝑝 𝑊𝑝
𝑅𝑝 ⁄𝐼𝑝

𝑧

(1 + 2 )
ℎ

(1)

where Fp = seismic design force for nonstructural
elements; SDS = short period spectral acceleration; ap =
component amplification factor that varies from 1.00 to
2.50; Rp = component response modification factor that
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Table 1. Key properties of test specimens
Rack Type Specimen
R
(Rigid)
36.1Hz
F
(Flexible)
9.4Hz

RA5
RA3
RA2
FA5
FA3
FA2

Design parameter
Connection size
ap
Rp
2.5
1.0
100x120x5x140
1.0
1.0
100x120x3x100
1.0
2.5
100x120x2x45
2.5
1.0
100x120x5x140
2.5
2.5
100x120x3x100
1.0
2.5
100x120x2x45

(a) Rigid Type (Rack R) (b) Flexible Type (Rack F)
Figure 1. Overview of steel rack specimens
2. Experimental program
2.1. Test specimens and measurements
In this study, two steel racks with overall dimension of
1000 (length) x 800 (width) x 2000 (height) mm were
fabricated. In order to consider diverse configuration and
their dynamic properties, a highly rigid rack having
natural frequency of 36.1 Hz and a flexible rack having
natural frequency of 9.4 Hz were designed. Each steel
racks were tested using three different types of steel angles
(total six specimens). The L-shape steel angles were
selected which are the most practical and widely used
angle configuration (FEMA 412, 2002). The angles were
fixed to the side of steel racks and base plate using bolts
(see Figure 2)
Table 1 summarized the key information of test
specimens. The angles were designed using equivalent
static forces. In order to evaluate the effect of angle size
on the overall behavior of steel racks, the angles were
designed using diverse combination of design factors. The
specimens designed with ap = 2.5 and Rp = 1.0 have the
highest angle strength which were expected to behave
elastically (RA5 and FA5), and the specimens designed
using the factors prescribed by design codes (ap = 1.0 and
Rp = 2.5) are the weakest which were expected to behave
inelastically.
LVDTs and accelerometers were installed to monitor
both horizontal and vertical responses of steel racks as
shown in Figure 3.

Figure3. Test measurements (A: Accelerometer, D:
LVDTs)
2.2. Test Protocol
Shake table tests were conducted following the test
protocol recommended by ICC-ES-AC 156 (ICC, 2010),
which has been widely used to evaluate the seismic
performance of nonstructural elements. Artificial ground
motions were generated to match the required response
spectrum (RRS), which was developed using the story
height ratio (z/h) of 1.0 and the design spectral response
acceleration at short periods (SDS) of 0.5g. This condition
corresponds to the highest seismic demand according to
Korean Design Standard (Figure 4).

Figure 4. Horizontal RRS and TRS for shake table test
3. Test Results
3.1 Natural Frequencies and Damping Ratio
In this section, the natural frequencies and damping ratio
of test specimens are analyzed. These dynamic properties
are obtained using the results of impact hammer tests. As
shown in Table 2, except the specimens designed using ap
= 2.5 and Rp = 1.0 (RA5 and FA5), the measured natural
frequencies (fn,measured) of test specimens were lower than
the those calculated with numerical models (fn,numerical).
In the case of RA2 specimen, which was fabricated using

Figure 2. Angle attachments detail
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the design factors prescribed by current design codes, the
lowest natural frequencies were measured due to the effect
of low stiffness of steel angels. Therefore, the natural
frequency of rigid RA2 specimen became close to the that
of flexible FA5 specimen which implies that the specimen
will not behave rigidly as originally intended. As will be
discussed in next chapter, flexible nonstructural elements
are subjected to higher acceleration compared to rigid
nonstructural elements because of acceleration
amplification, which makes nonstructural element more
susceptible to earthquake damage.
The measured damping ratios are summarized in the last
row of Table 2. As expected, the damping ratio of steel
racks are much lower the conventional 5% damping ratio
for building structures. Rigid specimens (RA series)
showed higher damping ratio (approximately 2%) because
of the extra braces installed at the top side of steel racks
(see Figure 1).

(b) Acceleration amplification of Rack F
Figure 5. Measured acceleration amplification factors
3.3 Behavior of Steel Angle Connections
As shown in Table 3, during shake table tests, large
vertical displacement attributed from rocking behavior
was observed. Especially for RA2 specimen, significant
vertical displacement (more than 10% of horizontal
displacement) was observed.
Figure 6 shows the yield lines of steel angels observed
during shake table tests. Due to the rocking behavior of
steel racks, angles at each side of steel rack were subjected
to tensile (uplift) and compressive forces, thus, forming
distinctive yield lines at each side. As shown in Figure 6
(a), when the angle subjected to tensile forces, yield lines
were formed at the bottom bolt line and the angle folding
line. In the opposite side of steel rack, angles were
subjected to compressive forces, and a yield line formed
at the top bolt line which became center of rotation of
rigidly rotating steel racks

Table 2. Measured frequencies and damping ratios
Damping
fn,numerical
fn,measured
Specimen
(Hz)

RA5
RA3
RA2
FA5
FA3
FA2

36.1
9.4

(Hz)

ratios(%)

22.4
23.9
8.7
8.5
8.5
8.1

1.6
1.7
1.3
0.26
0.28
0.34

3.2 Acceleration Amplification of Test Specimens
Figure 5 shows the acceleration amplification factors
measured from each specimen. The acceleration
amplification factors were determined by normalizing the
peak
acceleration
measured
at
the
mass
level(accelerometer A2 in Figure 3) by the peak
acceleration measured at the base level.
As discussed previously, the acceleration amplification
of test specimens with low natural frequency, especially
RA2 specimen, showed higher acceleration amplification
(see Figure 5) because the natural frequency of test
specimens belongs to the amplified region of RRS as
shown in Figure 4 (less than about 10 Hz). Therefore, even
though RA2 was rigidly designed by equivalent static
method, it showed dynamic characteristics of flexible
component showing high acceleration amplification
(ap,mean = 1.93) because of the effect of steel angles.

Table 3. Maximum values of measured displacements
RRS 100%
RRS 125%
RRS 150%
Specim Vertical Horizon Vertical Horizon Vertical Horizont
-en
(mm) tal (mm) (mm) tal (mm) (mm) al (mm)
RA5
0.03
25.68
0.04
37.36
0.06
45.39
RA3
0.25
23.72
0.7
38.93
2
60.38
RA2
3
31.95
4.5
46.64
11
56.38
FA5
0.19
53.32
0.23
60.57
0.3
69.61
FA3
1.1
58.78
1.7
49.60
2.1
56.22
FA2
6.5
63.68
15.5
53.08
20.5
57.72

(a) Tension side
(b) Compression side
Figure 6. Dynamic behavior of the Angles
4. Conclusions
In this study, shake table tests of the floor-mounted steel
rack were conducted. Based on the test results, the
dynamic characteristics and behavior of steel rack and
angle are analyzed.
(1) The analysis of the natural frequency of the steel racks
showed that the natural frequency of the steel rack highly

(a) Acceleration amplification of Rack R
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dependent on the stiffness of steel angle connections. The
specimen designed using current design codes (ap = 1.0
and Rp = 2.5), which assumes steel racks as rigid
component, showed very low natural frequency showing
the dynamic characteristics of flexible component.
(2) It was observed shake table tests that steel racks rigidly
mounted to floor slab by steel angels showed intense
rocking behavior. A significant vertical displacement was
observed. At design earthquake level, a vertical
displacement more than 10% of horizontal displacement
was observed.
(3) Due to the lowered system stiffness caused by steel
angles and rocking behavior, specimens showed higher
acceleration response than the acceleration calculated by
equivalent static method. The measured acceleration
amplification factor was about 2.16 which is higher than
the factor prescribed by current design codes (ap = 1.0).
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Abstract

Many studies have been conducted on the hysteresis behavior of steel materials and dampers under cyclic loading
through experimental and numerical methods. In the material level, cyclic effects on material strength and ductility
of carbon steel used in test have been investigated numerically. However, there has been few studies on cyclic
hardening effect of steel dampers on seismic performance in numerical simulation. Combined hardening model with
isotropic hardening and kinematic hardening effect in order to simulate the seismic performance of the dampers is
usually required to be considered in the finite element analysis. Therefore, in this study, based on the existing
experimental results, finite element analysis has been performed to investigate the effect on the nonlinear hysteretic
behavior of carbon steel damper according to material of hardening model in plastic range. Combined hardening
model was adopted using the proposed equation by Chaboche and the material parameters (Q, b, C, and γ) for
combined hardening model by existing literatures and test results. Finally, the hysteretic curves of test results were
compared with those of finite element analysis results.
Keywords: Steel damper, Combined hardening model, Finite element analysis, Nonlinear hysteretic behavior, Material
parameter
1. Introduction

2. Finite element analysis
2.1 Analysis model

Carbon steel (SS275) has mostly been applied as a
material for steel dampers, and experiments and analytical
studies using it have actively been conducted.
In general, the steel is accompanied by an increasing
hardening as the plastic deformation increases after
yielding. Many studies have been conducted on the
hysteresis behavior of steel damper by applying combined
hardening model that considers the following two rules;
the one is isotropic hardening, in which the size of the
yield surface increases in all directions of the stress space
due to plastic deformation and the other is kinematic
hardening that size of the yield surface is constant and

To investigate the effect of hardening model on
nonlinear behavior of carbon steel dampers, finite element
analysis has been carried out using nonlinear program,
ABAQUS.
Analysis models were employed using carbon steel
damper with a nominal thickness (tn) of 14mm and a
nominal strut width (Bn) of 30 mm.
For the analysis model, five different loading protocols
(two constant displacements, three Incremental
displacements) have been used. In addition, combined
hardening model used Chaboche's proposed expression,

moves by the back stress(α) within the stress space. This
combined hardening model can express and predict the
nonlinear behavior of materials considering working
hardening and Bauschinger effect.
Therefore, in this study, finite element analysis was
performed to investigate the effect of the material
hardening model in the plastic range on the nonlinear
behavior of the carbon steel damper and compared with
the exiting experimental test results.

and the material parameters (Q, b, C, and γ) were
calculated by the results obtained through monotonic
tensile coupon test and low cyclic material tests of steel
damper materials as shown in Table 1.
Table 1. Material properties and material parameter by
monotonic test and repeated test
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Material

Elastic
modulus
E (GPa)

Yield
stress
Fy

Monotonic
Cyclic

205,905
191,597

293.45
237.15

Material parameters
Isotropic
Kinematic
Q
b
C
γ
130.8 96.7 126,49.1 96.7
214.1 15.9
3,404 15.9

2.2 Analysis result
For the ultimate strength, the analysis model applying
the material parameter obtained through the monotonic
tensile test was overestimated by 1.12 times and 1.16
times compared to the experimental results of specimen
CS2D-G1 (tensile ultimate strength, Pue+: 168.78 kN,
compressive ultimate strength, Pue- : -163.54 kN) as
shown in Fig.1 and Table 2.

Figure 1. Comparison of hysteresis curves between
CS2D-G1-experiment and FEA model applying
parameter by cyclic material test
3. Conclusions
To predict the nonlinear hysteresis behavior of steel
dampers, finite element analysis according to the model
methods of material plastic region has been performed
based on the existing material test results. As a result, it is
known that the analysis model with parameter of cyclic
material test provided more accurate prediction than that
of monotonic tensile test. In the future, to predict
reasonable nonlinear hysteresis behavior, it is necessary to
construct appropriate data considering model methods in
material plastic regions under cyclic loading.

Figure 1. Comparison of hysteresis curves between
CS2D-G1-experiment and FEA model applying
parameter by monotonic test
Table 2. Material properties and material parameter by
monotonic test and repeated test
Analysis
model

CS2D-G1-FE
A-Monotonic
CS2D-G1-FEA
-Cyclic

Analysis ultimate
strength(kN)
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Strength ratio

Pua+

Pua-

Pua+/
Pue+

Pua-/ Pue-

188.26

-189

1.12

1.16

165.92

-166.37

0.98

1.02
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Abstract
In recent years, many prefabricated structure systems have been developed due to their advantages of the short
construction period, reduced environmental pollution, and less field workload. A new type of fully prefabricated steel
frame was developed by the current authors, which is composed of cold-formed box columns, hot-rolled I-section beams,
end-plate joints, flexible rod braces, and prefabricated concrete slabs. To investigate the seismic behavior of the new type
of fully prefabricated steel frame, a shaking table test was carried out on a 1/3 scale five-story model. The peak ground
accelerations (i.e., PGAs) of the selected seismic waves were scaled to five levels (i.e., 0.035, 0.10, 0.22, 0.31, and 0.40 g)
to evaluate the seismic behavior of the frame at different earthquake levels. The maximum story drift ratios of the
structure were less than 1/1000, 1/340, 1/120, 1/80, and 1/50 under the earthquakes of levels one to five. No severe
damage occurred on the scaled model after all the tests. Minor damage observed was stretching of the flexible braces and
local cracking in the concrete slabs. The fully prefabricated steel frame introduced in this paper showed excellent seismic
performance in shaking table test.
Keywords: Shaking table test, Fully prefabricated steel frame, Scaled frame, Earthquake response
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was 8 mm, and the slab thickness was 50 mm. Four
accelerometers were arranged on the table surface and
each floor, as shown in Fig.1.
The steel block counterweight with a total mass of 32.23t
was evenly placed on each floor to ensure that the stress of
the column under gravity load was the same as that of the
prototype frame. The weight of the structure was 13.45 t,
and the total mass of the specimen was 43.38 t.

1. Introduction
In recent years, prefabricated buildings have developed
rapidly in China because of the fast construction. A new
type of fully prefabricated steel frame composed of
cold-formed box columns, hot-rolled I-section beams,
end-plate joints, flexible rod braces, and prefabricated
concrete slabs was developed by the current authors. A
series of studies have been carried out investigating the
seismic behavior of fully prefabricated steel frames,
including a full-scale quasi-static frame test (Shi et al.,
2018a, 2018b), tests of end-plate joints with box columns
(Chen and Shi, 2018), finite element models (Yin and Shi,
2018), the seismic design method, and frame example
validations (Yin, 2019; Shi et al., 2021). However, the
dynamic effect of the flexible braces could not be
considered in the quasi-static test and finite element
analysis, and the actual seismic responses and
performance of the frame in earthquakes need to be
further evaluated. A 1/3 scale shaking table test was thus
conducted (Yin, 2019), and the seismic behavior of the
test model is analyzed in this paper.

A

Accelerometer
brace

X
Z Y
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Figure 1. Plan layout and setup
2.2. Material properties
The slab was designed using C30 concrete, and the
column, beam, and brace were designed using Q345B
steel. The material properties of concrete and steel are
shown in Table 1 and Table 2.

2. Design of the specimen
2.1. Test specimen and measurements
The test specimen was designed as a 1/3 scale model
consisting of three five-story two-bay steel frames, and its
plan layout and setup are shown in Fig.1. The height of
first floor was 1.05 m, and each of the 2nd to 5th floors
was 1.0 m high. The cross-sections of beam and column
were I 10 (i.e., H100×68×4.5×7.6) and box section
B100×4, respectively. The diameter of the flexible brace

Table 1. Material properties of the concrete
Component
Slab
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100
f cu,m

150
f cu,m

(MPa)

(MPa)

57.95

55.05

δ
0.034

f cu,k
(MPa)
51.96

fu (MPa)

Column panel
Beam flange
Beam web
Flexible brace

198608
195361
192147
209372

328.7
377.9
364.0
361.9

476.3
586.2
603.1
545.6

1
2
3
4
5
6
7
8
9
10
11

WN1
level 1
(FOE of intensity-7)
WN2
level 2
(DBE of intensity-7)
WN3
level 3
(MCE of intensity-7)
WN4
level 4
(MCE of intensity-7 (0.15 g))
WN5
level 5
(MCE of intensity-8)
WN6

X dir.

Y dir.

0.050
0.035

0.050
0.030

0.050
0.100

0.050
0.085

0.050
0.220

0.050
0.187

0.050
0.310

0.050
0.264

0.050
0.400

0.050
0.340

0.050

0.050

1.2
0.6
0
-0.6
-1.2

Acceleration/g
Acc/g

Test
number

Table 3. Loading procedures
Seismic excitation
PGA (g)

Acceleration/g
Acc./g

fy (MPa)

0.6
0.3
0
-0.3
-0.6

Acceleration/g
Acc/g

E (MPa)

0.8
0.4
0
-0.4
-0.8

Acceleration/g
Acc/g

Component

1.2
0.6
0
-0.6
-1.2

Acceleration/g
Acc./g

Table 2. Material properties of the steel
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(c) Wenchuan waves

Figure 2. The unscaled seismic waves

3. Test programs
3.1. Seismic waves
The original El Centro waves, an artificial wave, and the
Wenchuan waves were used in the test, as shown in Fig.2.
The peak ground accelerations (i.e., PGAs) of all seismic
waves were scaled to 0.40g, and the acceleration response
spectra (i.e., Sa) of scaled waves are compared with the
design spectrum as shown in Fig.3. When the seismic
waves were input into the model, the time series need to
be multiplied by the time similitude ratio of 0.5774 to
compress the time (JGJ/T 101, 2015).

El Centro

Artificial wave

Average spectrum

Wenchuan

Design Spectrum

Sa/g

1.5
X dir.

1.0

0.5
0.0
1.5

Y dir.

Sa/g

1.0

3.2. Loading procedures
The seismic waves input to the shaking table were scaled
to five levels with different PGAs (i.e., 0.035, 0.10, 0.22,
0.31, and 0.40 g) to simulate different intensities of
earthquake, as listed in Table 3, where FOE, DBE and
MCE represent the frequently occurring earthquake,
design basis earthquake, and maximum considered
earthquake according to the seismic code (GB 50011,
2016), respectively. At each earthquake level, the
X-direction seismic waves of the El Centro waves,
artificial wave, and Wenchuan waves were input to the
shaking table first in turn, and then the bidirectional
waves of El Centro waves and Wenchuan waves in turn.
In the bidirectional waves, the PGAs of Y-direction
seismic waves were 0.85 times those of X-direction. The

0.5
0.0

0

1

2

3
Period/s

4

5

6

Figure 3. Acceleration response spectra (5% damping)
bidirectional white noises scaled with PGA of 0.050 g
were input in the shaking table at the beginning and the
end of the test, as well as the intervals of different
earthquake levels, to obtain the natural periods of the
model, as WN1 to WN6 in Table 3.
4. Test results and discussion
4.1 Test observations
After the simulation tests of five earthquake levels, the
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only minor damage that could be observed was residual
stretching of the flexible braces (started from level 3) and
local cracking in the concrete slabs (started from level 4),
as shown in Fig.4(a) and (b). There were no obvious
residual deformations at the end-plate joints, beam ends,
or column ends, and no obvious residual horizontal drifts
of the frame could be observed, as shown in Fig.4(c) and
(d).

4.2 Natural periods of the model
The natural vibration periods were identified by analyzing
the transfer functions between the acceleration signals of
the floors and the table. The periods of the test model in
excitations of WN1 to WN6 are listed in Table 4. The
natural periods did not change significantly in the
excitations from WN1 to WN3, while they changed
significantly from WN4 to WN6. Compared with the
results in the WN1 test, the natural periods measured in
the excitations from WN2 to WN6 increased by 2.3%,
4.8%, 42.7%, 57.0% and 79.3% at most, respectively,
which indicated that the obvious plastic damage had
developed in the model at earthquake level 3 to 5. It is
worth noting that in excitations of WN1 to WN3, the 1st
order mode was X-direction translation, while in WN4 to
WN6, the 1st order mode was Y-direction translation. The
change of the direction of the 1st order mode shows that
the stiffness deterioration in the X direction was more
than that in the Y direction.

(a) Residual deformation of the braces

Table 4. Natural periods during the test (s)
Excitation
WN1
WN2
WN3
WN4
WN5
WN6

(b) Slab cracking

1st order
translational mode
X dir.
Y dir.
0.3368
0.3636
0.3376
0.3721
0.3524
0.3810
0.4539
0.4267
0.5289
0.5112
0.6038
0.5442

1st order
torsional
mode
0.2570
0.2583
0.2667
0.3668
0.3953
0.4488

4.3 The displacement responses of the model
Taken as examples, the time history curves of the relative
displacements (i.e., Drel) between each floor and the
shaking table at earthquake level 5 are shown in Fig.5.
The time axes are appropriately lengthened and only the
parts with relatively large amplitude are displayed, which
makes the curves clearer.
The maximum story drift ratios (i.e., SDR) at different
earthquake levels are shown in Table 5. Because the
PGAs of the X-direction were larger, the maximum SDRs
appeared in the X-direction. The maximum SDRs of the
model at the earthquake level 1 to level 5 were less than
1/1000, 1/340, 1/120, 1/80, and 1/50, respectively. The
model could withstand MCEs of intensity-8 (i.e., level 5),
and met the SDR limitation stipulated in the Chinese
design code (GB 50011, 2010).

(c) Joint deformation

Table 5. Maximum SDRs of the test model
Direction
X
Y

(d) Overall deformation
Figure 4. Test observations
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Earthquake level
1

2

1/1043
1/1628

1/341
1/529

3

4

5

1/128 1/83 1/50
1/188 1/101 1/101

F1

Drel /mm

Drel /mm

Floor：

-70
70

Drel /mm
Drel /mm
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(c) bidirectional Wenchuan waves

Figure 5. The relative displacement of each floor in
different excitations at earthquake level 5
5. Conclusions
Shaking table test was conducted on a five-story two-span
1/3 scale fully prefabricated steel frame model. After five
levels of shaking table tests simulating different
earthquake intensities, no severe damage was observed on
the model. Natural vibration periods of the model before
and after each earthquake level were studied by white
noise excitations. The relative displacements were
analyzed, and the maximum SDR of MCEs of intensity-8
met the Chinese code limit. The shaking table test verified
the excellent seismic performance of this new type of
fully prefabricated steel frame.
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Abstract
The electrochemical method was used to study the diamond grinding disc pre-treated and untreated abrasive blast treated
surfaces to evaluate the effects of the pre-treatment on the corrosion performance of the blasted surface. The surface
properties and 3D profile were observed under optical microscopy and laser microscopy, and the corrosion properties of
the specimens were evaluated using electrochemical tests. The results demonstrated that the pretreatment of the diamond
grinding disc can polish the surface, and the corrosion resistance of the surface can be improved after the abrasive blast.
In the case of low inner salt content and the common corrosion conditions, pretreatment can obtain a better corrosion
resistance effect. The abrasive blast after pretreatment for severe corroded weathering steel is thereby confirmed to have
a positive impact on the corrosion properties of the base metal.
Keywords: Corrosion, Weathering Steel, Pretreatment, Electrochemical
2. Test method
The exposure specimens made from weathering steel
plates with dimensions of 150 mm ×70 mm ×9 mm,
according to JIS G3106 SM490AW. The chemical
compositions of the SM490AW steel are shown in Table
1. The specimens exposed to the Tomakomai coastline at
Hokkaido (42°35’34” N,141°27’45” E) for four years.
The environmental conditions of the exposure site at
Tomakomai are listed in Table 2.
To know the contents of the adhered salt in the rust layer,
use the ultrasonic cleaner with the 42kHz oscillation
frequency to extract the water-soluble salt in the rust layer,
known as surface salt. The specimen was immersed into
100ml ion exchange water for 5mins with ultrasonic
waves and keep the water temperature steady at 60℃. The
extract solution was tested by Cl- concentration measuring
meter. To extract the intrinsic chloride, immersed the
specimen with surface salt removed in the 0.1 mol/L
KNO3 solution and add a 1A constant current between the
specimen to the Pt plate for two hours. During this process,
Cl- eluted and moved from corrosion product layer to Pt
plate, which can be considered as the inner salt precipitate
out from the corrosion products layer. Measure the
concentration of Cl- by spectrophotometer.
For the specimen after diamond grinding disc
pretreatment, a blasting treatment was carried out on the
pretreated surface. The abrasive material used in the blast
surface treatment is ferronickel slag (modified Mohs
hardness: 7.5), and the particle size of the abrasive is about
425μm, the component of ferronickel slag abrasive is
listed in Table 3. The spraying angle and the spraying
distance of blasting are 90° and 100mm, with the spraying
pressure is 0.7MPa.

1. Introduction
Weathering steel structures will suffer from corrosion
problems in the high salt and humidity environment. In
our previous study (Fujioka, 2016), significant corrosion
damages occurred in a weathering steel bridge after 10
years of service, which located at Kagoshima in the
mountainous area. Therefore, for the corroded weathering
steel components, effective surface treatment is required
to avoid structural failure caused by corrosion.
Generally, pretreatment is required to remove the thick
rust layer on the surface, the common method is to use a
clean hammer or chisel, and then blast to remove stubborn
rust. However, manually using a hammer or chisel to
pretreat a large area consumes a lot of manpower and time.
And the stubborn rust layer after pretreatment still
contains salt so that the blast treatment may knock the salt
into the metal and cause re-corrosion. In this research, we
propose to use a diamond grinding disc (Kensuke, 2012)
to pretreat the severe corroded steel surface. The power
tool has very high efficiency, and the diamond grinding
disc can effectively remove the corrosion products on the
metal surface and polish the metal surface to expose the
steel base (Hiroshi, 2009 and Hashimoto, 2019), which
directly avoids the re-corrosion after the blast treatment.
In this study, the objective is weathering steel specimens
exposed to the Tomakomai coastline for four years. In the
electrochemical test, after the abrasive blast treated
surface immersing in 0.1mol/L Na2SO4 solution for one
hour, compared the difference of two surface treatments:
the condition with diamond disc pretreatment before
abrasive blast and the condition only use abrasive blast.
The test results will be used to guide the pretreatment
before the abrasive blast surface treatment.
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C
0.12

Si
0.22

Table 1 Chemical composition of SM490AW steel plate
Mn
P
S
Cu
Ni
Cr
1.14
0.01
0.002
0.31
0.09
0.49

Average
Temperature
T (℃)
8.2

Table 2 Environmental conditions of exposure site (Tomakomai)
Relative
Airborne
Distance fro m the
humidity
salt
coastline
RH (%)
w s (mdd)
D (m)
79.1
2.4
2

SiO 2
51.1

Table 3 Component of ferronickel slag abrasive (wt%)
Al 2 O 3
Fe 2 O 3
MgO
3.66
7.67
30.8

Nb
0.02

V
0.04

Average
precipitation
P ( mm/day)
3.6
CaO
5.69

the power tool drive, the metal surface will be polished to
expose the steel base, as shown in Figure 1(d). The effect
during the pretreatment of the diamond disc can reduce
the roughness of the surface after abrasive blast, especially
on the groundward surface, as shown in Figure 1(f) and
(g).

The blasted surface profile was obtained by laser
microscope with the range of 25×25mm2. The objective
lens is five times, the measurement pitch is 0.2μm, the
resolution is 0.01μm and the spot diameter is 0.4μm.
All electrochemical tests were conducted on the blast
treated surface using a potentiostat at room temperature.
The test surface was covered by an electrochemical
sample mask and exposed to a circular area with a
diameter of 10mm to serve as the working electrode. A
three-electrode system was adopted, with Ag/AgCl in a
saturated potassium chloride solution used as the
reference electrode, and platinum foil was embedded as
the counter electrode. To avoid the influence of Cl- in the
electrolyte on the experimental results, use 0.1mol/L
(1.4wt%) Na2SO4 solution prepared with deionized water
as the electrolyte.
The open circuit potential (Eocp) of the specimens was
measured for one hour, till it reached a stable value. Then,
the polarization curves were tested in the range of
Eocp±250mV, with a scanning speed of 10 mV/min. The
corrosion current (icorr) and corrosion potential (Ecorr)
were determined using the Tafel extrapolation method.
Electrochemical impedance spectroscopy (EIS) spectra
with 10mV signal amplitude was performed in the range
of 10mHz to 100kHz with respect to Eocp

Table 4 Surface roughness of blasted surface (μm)
Condition
Sa
Sq
Sz
Blasted
Skyward
16.9
21.4
302
directly
Groundward
35.9
46.7
421
Blasted after
Skyward
12.1
15.9
311
pretreated
Groundward
11.5
33.0
390
Table 5 Salt concentration of the specimens (mg/m2)
Condition
ClNaCl
Surface salt
11,400
18,800
Skyward
Inner salt
258
425
Surface salt
9,920
16,400
Groundward
Inner salt
274
453
In this study, divide the electrochemical test area into two
situations: pitting area and flat area. Due to the appearance
of pitting as shown in the red circle of Figure 1(b) and (e),
define it as the area with pitting corrosion. The remaining
area is the common corrosion, which is defined as the flat
area. Among them, the flat area can be polished out of the
steel base by the diamond grinding disc, and the pitting
area usually contains residual rust.
For the comparison of the surface after the abrasive blast,
divided the surface condition into eight cases according to
whether it has been pre-treated, whether it has pitting
corrosion, and specimens' exposure direction. The
electrochemical analysis of each case is measured in the
range of 10mm in diameter. The abbreviation rules of
these conditions are as follows: the case of direct blast is
abbreviated as B, and the case of blast after pretreatment
as PB; the flat area as F, and the area with pitting corrosion
as P; the skyward as S, and groundward as G. For example,
the pitting area of skyward specimen which has been
pretreated can be abbreviated as PB-P-S.

3. Test results
The surface properties of the specimens before and after
the surface treatment are shown in Figure 1. The surface
roughness of the blasted surfaces is shown in Table 4. It
can be seen from Figure 1 and Table 4 that the surface of
the specimens on the groundward is rougher, and there are
more pitting corrosion pits that occurred. This difference
is from the fact that the skyward surface is affected by rain
washing, while the groundward is less affected by rain. As
shown in Table 5, the surface and inner salt content of the
specimens, the surface salt content on the skyward surface
is greater than that on the groundward, while the inner salt
on the skyward surface is less than that on the groundward.
It can be understood that the pitting corrosion on the
groundward is caused by the higher salt amount deposited
near the steel base. In addition, due to the high hardness
of the diamond disc also with the high-speed rotation by
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(a) Corroded surface

(b) Blasted surface
(Directly)

(c) Skyward surface
(Blasted directly)

(d) Groundward surface
(Blasted directly)

(d) Diamond disc
treated surface

(e) Blasted surface
(Pretreated)

(f) Skyward surface
(Blast after pretreatment)

(g) Groundward surface
(Blast after pretreatment)

Figure 1. Surface optical micrograph and 3D profile of the specimens

(a) Skyward surface

(b) Groundward surface

Figure 2. Potentiodynamic polarization curves of blasted specimens
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(a) EIS results of all conditions
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Figure 3. EIS results of blasted specimens
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400
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Zre(ohms)
(b) EIS results of pitting area

800

disc pretreatment can lead to a better corrosion resistance
after abrasive blast.
3) In the case of low inner salt content and the common
corrosion conditions, the electrochemical properties of
blast steel surface with pretreatment shows a positive
effect on corrosion resistance. However, at the pitting area,
the grinding effect will lead the rust and salt berried in the
steel surface.

The potentiodynamic polarization curves of blasted
specimens after 1h immersion in 0.1mol/L Na2SO4
solution are presented in Figure 2. The Ecorr illustrated in
the polarization curves corresponds with Eocp, and the
highest Ecorr value was obtained at the flat area. It can be
seen from Figure 2 that the pretreatment of the diamond
grinding disc can lead to a positive shift in Ecorr at the
groundward surface, however at the skyward surface, it is
a negative shift in Ecorr.
Table 6 lists the fitted electrochemical properties based on
the polarization curves. Generally, icorr is one of the most
important parameters for evaluating corrosion
performance. A lower icorr indicates better corrosion
resistance. From the icorr, the diamond disc pretreated
specimens possessed lower current density values as
compared to the unpretreated specimens.
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Table 6 Electrochemical parameters of specimens
Condition
Ecorr (mVAg/AgCl)
icorr (μA/cm2)
B-P-S
-692
0.268
PB-P-S
-720
0.255
B-P-G
-745
0.543
PB-P-G
-638
0.450
B-F-S
-552
0.242
PB-F-S
-587
0.239
B-F-G
-713
0.609
PB-F-G
-638
0.450
The EIS results of the specimens are shown in Figure 3.
From the Nyquist plots, nonstandard semicircles were
observed in all pitting area and most of the flat area, which
may be the consequence of unevenness and roughness of
the steel surface (Lu, 2019). The diameter of the Nyquist
loops of flat area was larger than that of the pitting area,
which indicates that the diamond disc pretreatment had
positive effects on the corrosion resistance in the common
corrosion area. However, in the pitting corrosion area, the
use of diamond grinding discs for pretreatment is not
conducive to corrosion resistance. The semicircle
diameter of PB-F-S was significantly larger than that of
the others, followed by PB-F-G and B-F-S. It can be
explained that the pretreatment of the diamond grinding
disc has a good effect on the areas with low inner salt
content. However, for pitting corrosion areas with high
inner salt content, the pretreatment may have a negative
impact, which may be caused by the salt and rust buried
in the metal during the polishing effect.
4. Summary & findings
To determine the effects of pretreatment of diamond
grinding disc on the corrosion properties of weathering
steel plates, the surface morphologies and electrochemical
properties of blasted steel surfaces were investigated.
From the test results, the following conclusions can be
drawn:
1) The diamond grinding disc can polish the corroded
surface to expose the steel base and reduce the surface
roughness after abrasive blast.
2) From the potentiodynamic polarization, the diamond
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Abstract
Magnetic flux leakage (MFL) based technique for the in-service inspection of anomalies on pipelines can be considered
as one of the most common methods of nondestructive evaluation (NDE).severity evaluation of any metal loss defects
has become the major concern in various industry fields, where the structural integrity of specimen is of vital
importance. For instance, oil and gas transferring pipelines and steel pipe scaffolds need consistence inspection system
to keep its healthy performance for the targeted purpose. This research is important in a way that it provides reliable
inspection technique for steel pipes based on MFL principles. It is known that the magnetic field spreads out when it
encounters a small air gap created by the defect because the air cannot support as much magnetic field per unit volume
as can be supported by the magnet. In this study the MFL signal that leaks due to the metal loss is detected and
measured by a sensor head prototype. The designed sensor head containing hall sensors is used to scan the steel
pipeline. The measured MFL signals were used for the investigation of abnormalities in the targeted pipeline specimen.
Once the MFL signal is collected and measured, Hilbert transform based enveloping approach and related digital signal
processing was performed in order to enhance the resolution and extent of the defect level. Traditional MFL signal
processing requires the analysis of large amount of raw input data and output data hence; it is exposed to challenges
which are able to reduce the efficiency of the MFL based steel pipe inspection. To overcome such difficulties, this work
proposed the 3D visualization of defect profile based on the time domain MFL data. In addition, 3D visualization
provides an insight how the defect is happening on the target specimen and the general location of the defect.
Keywords: Non-Destructive evaluation, Magnetic Flux Leakage, steel pipe scanning, 3D Visualization
environmental crisis and economic loss. The defect
investigation process on steel pipes could be done by
Inline and Online Examinations. Here the main
difference of On/Inline examination is, in the online
inspection measurements are done in real time and selfdriven inspection tools could be used to collect data and
cables can used to transfer the data to tool operator. On
the other hand Inline measurements of steel pipes the
inspection tool contains piston like appearance and the
scanning process is done inside the targeted steel pipe by
force driven movement of the tool(Usarek & Warnke,
2017).
In recent times, MFL image based inspection of pipelines
has become an interest of research in area. One of the
advantages of dealing with MFL image is, it enables the
inspection to be more viable in terms of characterizing
defects(Sangeetha et al., n.d.). In addition to this aspect
investigating MFL image is one of the major approaches
to make the inspection methods more acceptable in this
modern time by enabling the application of deep learning
algorithms like convolutional neural network for
detection and quantification (Lu et al., 2018).
This work is done under the consideration of small sized
steel pipe which does not require the movement of the
PIG inside the internal wall to detect the defect due to its
small diameter. Instead, for this case new sensor head
containing 8 channels of hall sensors and strong Nd-Fe-B
Permanent magnets (Neodymium-35) was designed and

1. Introduction
As the need for reliable and non-time consuming
methods of structural health monitoring increases, NonDestructive Evaluation techniques are becoming more
attractive and vital concern for researchers and There are
no sources in the current document. Industries where
continues functional monitoring are necessary. Magnetic
flux leakage based approach for metal loss evaluation of
ferromagnetic materials is one of the most common types
of studies under NDE (Shi et al., 2015).
Steel cables, steel wire ropes(Kim & Park, 2018; Park et
al., 2014) , pate like structures(PEARSON et al., 2012),
Oil and gas pipe lines(Kandroodi et al., 2013) and steel
pipe scaffolds are amongst those target specimens on
which MFL based inspections has been applicable
successfully. By its sensitivity of service, steel pipes and
scaffolds needs continuous assessment. Specially oil and
gas steel pipelines requires a systematic inspection
technologies because most of operating pipelines are
underground or laid on seabed and this makes the
scanning and defect detection of the external surface of
the pipe wall difficult . To overcome such problems the
most common approach is to perform the investigation
inside the inner surface of the steel pipe by using
pipeline inspection gauge (PIG).this inspection gauge
could be Axial or Circumferential(Ege & Coramik,
2018).Metal Loss defects like cracks ,dents and corrosion
are most frequent anomalies on steel pipes that create
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used. The hall sensors were arranged circumferentially
with constant interval of 20mm (center to center) using
circular configuration as shown in Figure 1.An Approach
of 3D MFL defect visualization on the steel pipe is
proposed in this study.

arrangement of the Hall sensors on the inspection tool or
in the designed sensor head prototype will affect the
detection process based on the distribution of MFL as
presented in Figure 3.

Figure 3. Axial and Circumferential orientation of MFL.
3. MFL Measurement and Signal Processing
Measurement of MFL data requires a systematic
information gathering and transferring mechanism from
the target specimen to data storage. For such purposes
data acquisition equipment consists of a terminal board
to operate the hall sensors and compact DAQ is used.
The designed sensor head is supposed to move over the
steel pipe linearly with constant speed. At the time of
scanning, the acquisition equipment measures the MFL
voltage signal from the Hall sensor installed in the sensor
head.
After the measurement of the MFL data is completed and
stored, De-noising process was performed by using low
pass filtering, drift and off set correction. De-noising the
MFL data will lay the path to perform the next most
important segment of the analysis which is Enveloping
process. Hilbert transform based enveloping of the MFL
signal was chosen. This enveloping process is mainly
needed to separate the useful information from unwanted
one. For instance high frequency noise is one of the
misleading portions of the signal. Such meaningless
information should be eliminated from the analysis in
order to define the extent of the damage in the targeted
steel pipe. Generalized extreme value (GEV) distribution
is used to set 99.99% confidence level threshold value.
As it is presented in Figure 4 the sample raw MFL signal
and the enveloped signal have a significant variation in
terms of providing useful information about the MFL
signal.

Figure 1. Components of the sensor head and scanning
process.
2. Defect Detection Principle of MFL Technique
MFL defect detection approaches are mainly based on
Magnetization of the targeted specimen in this case, the
steel pipe, by using strong magnets in order to create a
magnetic field.at the scanning time the flow of the
magnetic flux at the intact condition and damaged
condition varies i.e. leakage of magnetic flux will happen
when there is a metal loss on the target. As it is
elaborated in Figure 2, Hall sensors will be placed in the
most saturated or uniform section of the field which is
center of the poles to detect the magnetic flux leakage.

Figure 2. Working

4. MFL Image Visualization
This work proposed an approach of 3D visualization of
MFL image for the steel pipe metal loss defect. The
measured and processed MFL data can used to generate
an MFL 3D graph on which distance along the scanned
portion of the steel pipe, channel index or number
representing the circumferential direction of the sensor
and the amplitude of the magnetic flux are plotted in the
X, Y and Z axis of the 3D MFL graph respectively as
shown in Figure 5.The cylindrical representation of the

principle of MFL based damage

detection method.(Park et al., 2014)
Defect detection on Steel pipes by MFL technique is a
sensitive procedure which needs to take the axial defects
and circumferential defects under consideration. The

183

magnetic flux on the 3D surface would make the
visualization process of the defect on the steel pipe more
convenient.

The 3D visualization clearly shows the defect region
based on the leakage behavior when anomalies found.
Different magnitude of MFL is observed due to the metal
loss of the steel pipe. The variety of distribution of the
MFL indicates that the some characteristics of the
damage make the MFL to indicate severity and extent of
the damage .A Sample Distribution of this kind of MFL
in which the magnitude varies at the start and end points
with respect to the length of steel pipe and sensing
channel is shown in Figure 6 .

Figure 4. Sample of Signal Processing Output.
The enveloped MFL data which was an output of the
signal analysis can be used as an input for the calculation
of the indicator on dimensional damage as clearly shown
in Eq.(1)
YDI = (MFc + r) × cosθ
ZDI = (MFc + r) × sinθ

Figure 6. MFL Distribution 3D graph

(1)

5. Conclusions
The application of MFL based approach for the
inspection of steel pipe by using newly designed sensor
head prototype was studied in this work. Once the
measurement and signal analysis of MFL data is
completed, 3D visualization approach of MFL image for
the detection of metal loss on the targeted steel pipe was
proposed. The visualization technique successfully
indicates the defect region by using the MFL distribution
on the steel pipes.

Where 𝑌 DI and 𝑍 DI represents the 𝑦 - and 𝑧 -dimensional
damage indicator respectively, MF𝑐 is the processed
magnetic flux collected from of steel pipe, 𝑟 is a radius
for virtual steel pipe visualization, and 𝜃

is the

circumferential angle of the sensor.
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Abstract
Uncertainties related to natural randomness and imperfect knowledge on deterioration mechanisms lead to difficulties in
predicting the damage initiation and propagation of existing structures. Updating the appropriate parameters of the
damage prediction model with new information from inspection can effectively improve the accuracy of damage
propagation prediction. This paper presents the updating approach for fatigue damage prediction using information from
the scheduled inspections with the Markov Chain Monte Carlo (MCMC) simulation. The most appropriate parameters to
be updated are determined based on the assumption that the error between the detected and updated damages is minimized.
This error is assessed using the mean absolute error (MAE), Kullback–Leibler (KL) divergence, and Bhattacharyya
distance. The most appropriate parameters to be updated result in the minimum error between the detected and updated
fatigue crack sizes. As an alternative method, the global sensitivity analysis is also applied to determine the most
appropriate updating parameters. The presented approach is illustrated with an existing fatigue-sensitive steel highway
bridge.
Keywords: Bayesian, Fatigue, Inspection, Probability, Updating
bridge.

1. Introduction
Accurate and reliable fatigue damage prediction is
essential for effective and efficient service life
management of fatigue-sensitive structures (Kim and
Frangopol, 2018; Dong and Frangopol, 2016). However,
difficulties in the structural performance prediction and
assessment are derived from uncertainties. (i.e., aleatory
and epistemic uncertainties) (Frangopol and Kim, 2019;
Bartilson et al. 2019). Epistemic uncertainty related to
fatigue initiation and propagation can be reduced through
the appropriate updating process integrated with new
inspected information. Finally, accuracy and effectiveness
of fatigue crack propagation prediction and associated
service life management can be improved significantly.
This paper presents the updating of fatigue crack
propagation integrating scheduled inspection outcomes
under uncertainty. All possible combinations of multiple
probabilistic parameters involved in the fatigue crack
propagation model are updated through the Bayesian
theorem with the Markov Chain Monte Carlo (MCMC)
simulation. The most appropriate parameters to be
updated are determined based on the assumption that the
error between the detected and updated damages is
minimized. These errors are estimated using the mean
absolute error (MAE), Kullback–Leibler (KL) divergence,
and Bhattacharyya distance methods. The most
appropriate updated parameters are associated with the
minimum error between the detected and updated fatigue

2. Fatigue crack prediction
Fatigue crack propagation is related to the initial crack
size, external loadings, material and geometry properties,
among others. The time t from the initial crack ai to reach
the crack size aN is computed as (Paris and Erdogan,
1963)
a

t

N
1
1

m

N an  C  Sr ai Y (a)   a





m

da

(1)

where Nan = annual number of cycles; Sr = stress range;
Y(a) = the geometry function; and C and m = material
parameters.
3.Updating fatigue crack propagation
In this study, the Bayesian theorem is adopted to update
the probabilistic parameters involved in the fatigue crack
propagation model. The posterior distribution f(θ|ade) is
defined as (Ang and Tang, 2007)
f (θ adt ) = c  f (θ)  L(adt θ)

(2)

where θ and adt are the vectors consisting of probabilistic
parameters and detected crack sizes, respectively, c is a
normalizing constant, and f(θ) and L(adt|θ) are the prior
distribution and likelihood function, respectively. The
detailed information to formulate the likelihood function
can be found in (Rastogi et al., 2017)
In this paper, both single and multiple probabilistic
parameters are updated for fatigue damage propagation
prediction using the MCMC simulation with two
sampling methods. The single parameters are updated by

crack sizes. As an alternative method, the global
sensitivity analysis (GSA) is applied to determine the
most appropriate updating parameters, which is based on
the importance of the parameters for fatigue damage
propagation prediction. The presented approach is
illustrated with an existing fatigue-sensitive steel railway
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the Metropolis-Hastings sampling method (Hasting,
1970). The Componentwise Metropolis sampling method
(Steyvers, 2011) is adopted to update multiple parameters
simultaneously. The associated computational processes
can be found in Ge and Kim (2021).

combined probabilistic parameters in the damage
prediction model. Vc,i and Vtot are the partial and total
variances associated with the ith combined probabilistic
parameters and model output, respectively. The
probabilistic parameters with the maximum sensitivity
index among all combined probabilistic parameters are
the most appropriate ones.

4. Determination of appropriate updating parameters
The effectiveness of the updated fatigue damages is
affected by the updated probabilistic parameters. Thus, it
is required to determine the appropriate parameters for the
updating of fatigue crack damages. In this study, the
appropriate updating parameters are determined based on
the error between detected and updated fatigue damages.
This error is estimated by several methods such as the
MAE, KL divergence, and Bhattacharyya distance
methods. The MAE method measures the magnitude of
the absolute errors between two probability density
functions (PDFs) as (Willmott and Matsuura, 2005)
VMAE 


i 1

j
up , i



j
dt ,i

(a)
Updating {C, Nan, Sr }
Case 2

(3)

PDFs of C

N

6.Illustrative Example
The proposed approach is illustrated on an existing
fatigue-sensitive steel railway bridge of the Dan Ryan
Rapid Transit Structure. A fatigue crack in the steel box
bent is considered as the critical fatigue location. More
detailed information on random variables of the
investigated fatigue detail is provided in Fisher (1984).

N

where VMAE = assessment value of the MAE; Nδ = the
number of samples. δjup,i and δjdt,i are the ith sample values
of the PDFs associated with the updated damages and
detected damages at the jth inspection time, respectively.
The parameters associated with the minimum VMAE
correspond to the most appropriate updating parameters.
The KL divergence is used to quantify the
information loss between the probabilistic distributions of
detected Didt and updated damages Diup at the ith
inspection. The assessment value VKL is defined as
(Kullback and Leibler, 1951)

×10-13
Material Parameter C

(b)
Updating {C, Nan, Sr }
Case 2

i

Ddt
Dupi

dD

(4)

The probabilistic parameters resulting in the least VKL are
treated as the most appropriate parameters.
The distance between the two probabilistic
distributions Diup and Didt can be quantified by the
Bhattacharyya distance method. Its assessment value VBh
is estimated as (Kailath, 1967)

VBh  ln( Ddti  Dupi dD)

Case 3

Prior

PDFs of Nan

VKL   Ddti log

Case 1

Case 1

Case 3
Prior

×106
Annual number of cycles Nan

(c)

(5)

Updating {C, Nan, Sr }

PDFs of Sr

The most appropriate updating parameters correspond to
the minimum assessment value VBh among all the values
of VBh.
5. Global sensitivity analysis
In this study, the GSA is also applied to determine the
appropriate updating parameters based on estimating the
importance of the parameters in the fatigue damage
propagation model with the sensitivity indices, which is
estimated as (Wan and Ren, 2014)
V
Sc ,i  c ,i
(6)
Vtot
where Sc,i is the sensitivity index associated with the ith

Case 2

Case 1

Case 3

Prior

Stress range Sr

Figure 1. Prior and posterior PDFs of parameters by updating
{C, Nan, Sr} for Cases 1, 2 and 3: (a) material parameter C;
(b) annual number of cycles Nan; (c) stress range Sr.
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Assessment values VMAE

(a)

6.1 Updating probabilistic parameters
For illustrative purposes, suppose that the crack size is
detected at the scheduled inspection time tins = 2.5 years.
The mean crack size E(ains) at tins = 2.5 years is predicted
as 1.44 mm using Eq. (1). Three cases of detected crack
size are considered as follows:
 Case 1: Detected fatigue crack size adt ~ LN (1.0 mm;
0.1 mm)
 Case 2: Detected fatigue crack size adt ~ LN (1.5 mm;
0.1 mm)
 Case 3: Detected fatigue crack size adt ~ LN (2.5 mm;
0.1 mm)
The detected crack sizes adt are assumed as lognormally

0.14
Case 3

Case 2

0.11

0.08
Case 1

0.05

0.02

1

C

2

Nan

3

Sr

4

5

6

7

{C,Nan} {C,Sr} {Nan,Sr} {C,Nan,Sr}

6.2 Comparison of updated and detected fatigue damages
After updating all the combined probabilistic parameters,
the error comparison between updated and detected
damages is investigated by MAE, KL divergence and
Bhattacharyya distance methods. The associated
assessment values of these three methods for Cases 1,2
and 3 are presented in Figure 2. The probabilistic
parameters with the minimum assessment values of three
comparison methods for three cases are determined as the
most appropriate parameters. As shown in Figure 2(a), if
MAE method is applied, {C, Nan, Sr} results in the
minimum values 0.034, 0.047 and 0.074 for Cases 1,2 and
3, respectively, among all updated combined parameters.
According to the KL divergence, the values of {C, Nan, Sr}
are less than those assessment values of the damages
updated with other combined parameters for three cases
(see Figure 2(b)). For the Bhattacharyya distance method,
the minimum assessment values for three cases are also
associated with {C, Nan, Sr}. Finally, the three combined
parameters {C, Nan, Sr} are determined as the most
appropriate parameters for the updating of the fatigue
damage propagation.

2.5

Case 3

2.0

Case 2

1.5
1.0
0.5
0.0

Case 1
1

C

2

Nan

4
5
6
7
{C,Nan} {C,Sr} {Nan,Sr} {C,Nan,Sr}

3

Sr

Updated combined parameters

(c)

Assessment values VBh

distributed (denoted as LN (·)). For Cases 1 and 3, the
mean detected crack sizes (i.e., E(adt) = 1.0 mm and 2.5
mm, respectively) are smaller and larger than the mean
predicted crack size (i.e., E(ains) = 1.44 mm), respectively.
Case 2 indicates that the detected crack size adt is similar
to the predicted one.
In this illustrative example, all the combined
probabilistic parameters of the fatigue damage prediction
model in Eq. (1) (i.e., C, Nan, Sr, {C, Nan}, {C, Sr}, {Nan, Sr}
and {C, Nan, Sr}) are considered to be updated. Based on
Eq. (2), the Metropolis-Hastings and Componentwise
Metropolis sampling methods are adopted to update
single and multiple parameters, respectively. Figure 1
shows the prior and posterior PDFs of parameters C, Nan
and Sr induced by the updating of three combined
parameters {C, Nan, Sr} for Cases 1, 2 and 3. After
updating, the standard deviations (SDs) of C, Nan and Sr
are less than the prior for Cases 1, 2 and 3. Among the
three cases, Case 3 produces the largest mean values of
three updated parameters. The least updated mean values
of three parameters are associated with Case 1.

Assessment values VKL

Updated combined parameters

(b)

1.2
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N
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Updated combined parameters

Figure 2. Assessments values for three methods considering
all combined probabilistic parameters for three cases: (a)
MAE; (b) KL divergence; (c) Bhattacharyya distance.
Table 1. Sensitivity indices of all combined parameters for
Cases 1, 2 and 3.
Sensitivity indices Sc
Combined
parameters
Case 1
Case 2
Case 3
C
0.145
0.220
0.237
Nan
0.039
0.058
0.063
Sr
0.370
0.556
0.600
{C, Nan}
0.001
0.002
0.0023
{C, Sr}
0.032
0.046
0.049
{Nan, Sr}
0.005
0.008
0.009
{C, Nan, Sr}
0.0016
0.0024
0.0025
6.3 Parametric global sensitivity analysis
Considering the importance of the parameters for the
fatigue damage prediction model, GSA is used to
determine the appropriate probabilistic parameters. The
probabilistic parameters with the maximum sensitivity
index are determined as the most appropriate one among
all combined probabilistic parameters. The sensitivity
indices of all combined probabilistic parameters are
provided in Table 1. Among all considered probabilistic
parameters, the parameter Sr produces the largest
sensitivity indices 0.370, 0.556 and 0.6 for Cases 1, 2 and
3, respectively. Thus, Sr can be the most appropriate
parameter to update the fatigue damages when the GSA
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Kim, S., and Frangopol, D.M. (2018). “Decision making
for probabilistic fatigue inspection planning based on
multi-objective optimization.” International Journal of
Fatigue, 111, pp. 356-368.
Kullback, S., and Leibler, R.A. (1951). “On information
and sufficiency.” Annals of Mathematical Statistics,
Institute of Mathematical Statistics, 22 (1), pp. 79–86.
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Willmott, C., and Matsuura, K. (2005). “Advantages of
the Mean Absolute Error (MAE) over the Root Mean
Square Error (RMSE) in assessing average model
performance.” Climate Research, Inter-Research
Science, 30(1), pp. 79–82.

method is adopted.
7. Conclusions
The study proposed a probabilistic approach to determine
the appropriate parameters for updating the fatigue
damage propagation model. All the combined
probabilistic parameters of damage prediction model are
updated using MCMC with Metropolis-Hastings
sampling and the Componentwise Metropolis sampling
methods. Based on the premise that the appropriate
updating process minimizes the error between detected
and updated damages, the three combined parameters {C,
Nan, Sr} are determined as the most appropriate updating
parameters. Moreover, GSA is also adopted to determine
the appropriate probabilistic parameters in terms of the
importance of parameters in the fatigue damage
prediction model.
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Abstract
When evaluating the fatigue reliability assessment of in-service steel bridge using the field measurement data, such as the
Bridge Weigh-In-Motion (BWIM) and strain data, the representative stress range and the number of stress cycles should
be determined. If the fatigue reliability assessment is performed by considering the variables related to the measurement
as constants, the reliability assessment results cannot adequately reflect the uncertainties of the measured truckload and
strain data. In this study, the comprehensive fatigue reliability assessment method was proposed for considering the uncertainties of BWIM and strain data measured on the in-service steel bridge. Structural analysis was performed using the
ABAQUS to calculate the stress range caused by the vehicle load measured in BWIM. Based on the estimated representative stress range and the number of stress cycles, the variability of measurement data over the measuring period was
evaluated. Reliability analysis was performed by considering the variability of the stress range and the number of stress
cycles as random variables, and the effect of these variabilities was confirmed on the reliability index.
Keywords: Fatigue reliability assessment, BWIM, Finite element analysis, Strain measurement
Chunchengnam-do, was selected for Bridge Weigh-InMotion (BWIM) and strain measurements for 56 days
from October 11th to December 5th, 2019. The BWIM
system was installed for a one-way with two-lane section,
and strain gauges were installed in a location that is expected to be vulnerable to fatigue damage based on the
specification, as shown in Figure 1. Among the fatigue details of the bridge, the welding of the bottom flange with
the diaphragm at box 1 (fatigue category C’) was selected
as the target for fatigue evaluation.
For each daily measurement data, the ‘perfect day’ in
which the data of one day was perfectly measured and
stored was used for the fatigue assessment.

1. Introduction
As the service life of steel bridge increase, fatigue cracks
can occur due to mechanical and environmental stressors,
errors in design, and unexpected traffic increase. Therefore, to prevent fatigue cracks from causing severe damage to the bridge, the performance evaluation and remained fatigue life assessment should be continuously
performed (Kwon and Frangopol, 2010). Loads and resistances for fatigue reliability evaluation can be estimated
according to the AASHTO LRFD Bridge Design Specifications (AASHTO, 2017) and the Manual for Bridge
Evaluation (MBE) (AASHTO, 2018). Significant variables to consider in the evaluation include fatigue detail coefficients, representative stress range, and the number of
stress cycles. These variables were applied as constants
according to the evaluation manual. However, some researchers have studied considering the load uncertainty as
a random variable for a more reasonable fatigue reliability
assessment (Chung, 2004; Kwon and Frangopol, 2010;
Leander et al., 2015). Also, there is a recent study to reflect the daily variability of long-term measured strain
data in the probability distribution (Mao et al., 2019).
Based on the BWIM and strain data simultaneously measured on an in-service steel bridge, a fatigue reliability assessment method to properly reflect the time-dependent
variability was proposed in this study.

(a)

● Strain gauge

Box girder 1

Box girder 2

(b)

● Strain gauge

Box girder 1

2. Bridge and Measurement Description
Yong-du 1st bridge, a two-span steel composite bridge
with 24.9 m width and 90 m length, located in Asan-si,

Box girder 2

Figure 1. Location of strain gauges at Yong-du 1st bridge
(a) Longitudinal direction (b) Cross-section
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3. Representative Stress Range and Stress Cycles
Depending on the type of field measurement performed,
the representative stress range 𝑆𝑟𝑒 and the number of
stress cycles are calculated in different ways. According
to previous studies, 𝑆𝑟𝑒 and the average daily stress cycle
(ADSC) can be estimated as follows.

1
𝑚

𝑆𝑟𝑒 = {∑ 𝛾𝑖 (∆𝑆𝑖 )𝑚 }

(1)

𝑖

where, 𝛾𝑖 =fraction of cycles in the stress range ∆𝑆𝑖 ; m =3
the slope of the S-N curve in a log-log scale.
It is crucial to apply a rational cut-off level when calculating 𝑆𝑟𝑒 based on the stress range spectrum. According to
a prior study, the applicable stress range cut-off levels can
range between 0.5 ksi (3.45 MPa) as a minimum and 33%
CAFL as a maximum (Kwon and Frangopol, 2010), and 1
ksi (6.9 MPa) was used for category C and D details as a
constant cut-off level (Connor et al., 2004 and Hodgson et
al., 2006). In this study, 7 MPa was defined as a stress
range cut-off for category C’ detail. The representative
stress ranges and ADSC of each week are shown in Fig.4.

① Deterministic value estimated from the total measurement data (Leander et al., 2015; AASHTO,
2018).
② Random variable with distribution fitting to the total measurement data. (Ni et al., 2010; Leander et
al., 2015)
③ Random variables considering variability according
to the cut-off level applied to total measurement
data (Kwon and Frangopol, 2010).
④ Random variable considering daily measured data
variability (Mao et al., 2019).
However, it is difficult to adequately reflect changes in the
characteristics of vehicles passing through the bridge for
estimation using measurement data for the entire period.
In addition, according to the research results showing that
there is a difference in traffic volume by day of the week
(Kim and Song, 2019), the daily estimates may show a
significant variance. Therefore, estimating representative
stress ranges and ADSC by dividing the data at weekly
intervals can reasonably evaluate vehicle traffic characteristics during the measurement period.
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3.1. BWIM Measurement
The perfect BWIM measurements are 40 days. The representative truckload calculated through the root-mean cube method was applied considering more than 100 kN
of the BWIM measurement data as a truck. The representative truckload and average daily truck traffic (ADTT)
of each week are shown in Figure 2. To estimate the nominal stress generated in the fatigue detail of the bridge by
the representative truckload, the 3D shell-solid finite element model (FEM) was developed through ABAQUS.
Following the fatigue evaluation method of the MBE, the
truckload was positioned to generate the maximum tensile
or compressive stress at the fatigue detail of the bridge.
The nominal stress should exclude the effect of local stress
concentration in the finite element analysis model (Hobbacher, 2009). Therefore, the nominal stress was estimated through quadratic extrapolation using nodes 200
mm, 400 mm, and 600 mm away from the fatigue detail
in the principal stress direction. The difference between
the maximum nominal stress and the minimum nominal
stress was defined as the representative stress range. The
estimated representative stress ranges of each week are
shown in Fig.3. ADSC is assumed to be the same as ADTT.
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Figure 3. Representative stress range by week (BWIM)
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by week (strain)
4. Fatigue Reliability Analysis
4.1 Limit-state function
The limit-state function used in fatigue reliability analysis
is defined as Eq.(2)
𝑛𝑖 N
g(X) = 𝜟 − e ∙ D = 0 for D = ∑ = ∙ (𝑆𝑟𝑒 )m (2)
𝑁𝑖 𝐴
𝑖

3.2 Strain measurement
The perfect strain measurements are 47 days. The representative stress range 𝑆𝑟𝑒 was calculated through Eq.(1)
according to Miner’s rule (Miner, 1945) based on the
strain gauge measurement data analyzed through the rainflow method.

where, 𝜟 is Miner’s critical damage accumulation index
(𝜆𝜟 = 1, 𝜁𝜟 = 0.3)
with
lognormal
distribution
(Wirsching, 1984); e is measurement error factor with
lognormal distribution (𝜆𝒆 = 1, 𝜁𝒆 = 0.03) (Frangopol et
al., 2008); N is the accumulated number of stress cycles
related to the traffic volume calculated according to Eq.(3);
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A is the fatigue detail coefficient given in AASHTO
LRFD Specification, or it can also be treated as a random
variable based on regression analyses of test results for
steel bridge details (Keating and Fisher, 1986; Chung,
2004).
(1 + 𝛼)𝑦 − 1
𝑁(y) = 365 ∙ 𝐴𝐷𝑆𝐶 ∙
(3)
ln(1 + 𝛼)
where, 𝛼 is the traffic increase rate per year; 𝑦 is the number of years.
For a given year, the reliability index 𝛽 for fatigue can be
estimated by First-Order-Reliability-Method (FORM).

5. Conclusions
In this study, a comprehensive fatigue reliability analysis
method was proposed considering the variability of measurement data. BWIM and strain measurement were performed simultaneously for eight weeks on the in-service
bridge. Only the ‘perfect day’ measurement data were
used. Based on the BWIM measurement data, the representative truckload and ADTT by week were calculated
for vehicles over 100 kN. A 3D shell-solid FEM was developed using the ABAQUS to convert the representative
truckload into the nominal stress range. For strain measurement data, the cut-off level was set to 7 MPa, and the
representative stress range and ADSC for each week were
estimated. The weekly variability of the measured data
was confirmed and used as a random variable for reliability analysis. To determine the effect of data variability on
the reliability index, the deterministic representative stress
range and ADSC were estimated from the entire measurement period, and the reliability analysis results were compared. As a result, when random variables were applied,
the reliability index decreased for both BWIM and strain
measurement. In other words, if the random variables that
consider the variability of the data as the uncertainty of the
load are applied, a more conservative and accurate assessment is possible.

4.2 Reliability analysis
To confirm the effect on the reliability analysis result
when the variability of the measurement data is reflected
as the load uncertainty, the case of deterministic value for
the entire measurement period and the random variable
that considers the variability of the weekly vehicle traffic
characteristics were compared. These values are presented
in Table 1. The fatigue reliability analysis results are
shown in Fig.5. The results of BWIM measurement are
smaller because the ADSC is more than twice as large as
the strain measurement. Both BWIM and strain measurement results tend to decrease the reliability index when
random variables were applied. As a result, considering
the variability of data as the uncertainty of the load as a
random variable, it is possible to make a more conservative and accurate assessment.
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Abstract
The grouted connection (GC) is extensively used in offshore wind turbine industry to connect substructure and foundation.
However, the interfacial damage between steel tube and grout layer will seriously affect its expected mechanical
properties. Therefore, it is very necessary to detect the interfacial damage of the GCs. In this paper, the theory of lamb
wave energy leakage is used to detect the debonding defects between steel plate and grout layer. Firstly, the finite element
method is used to simulate the propagation of lamb wave in the flat model of GCs with different sizes of debonding
defects. The calculation results show that the magnitude of S0 mode wave packet increases as the interface damage size
increases. Then, the experimental tests of steel-grout-steel sandwich models with different interfacial damage were
carried out. The experimental result indicates that as the interface damage size increases, the magnitude of signal received
by Piezoelectric-lead-zirconate-titanate (PZT) is increasing, which is consistent with the simulation results. The
feasibility of using lamb wave energy leakage theory to detect steel-concrete debonding defects was proved in this study.
Key words: Grouted connection; Interfacial damage; Lamb wave energy Leakage; PZT;
2

the SAs and surface -mounted PZT patches. The method
detecting interface damage used by Xu is based on the
bulk wave propagation. However, one of the shortages of
this method is that bulk wave may suffer terrible
attenuation when it propagates in concrete core. Another
shortage is that the SAs need to be installed before
concrete casting. Thus, it cannot be used to structures
have been built. Compared with bulk wave, the surface
wave has the advantages of longer propagation distance
and more sensitive to interface damage. Li et al (Li, Lu,
and Lee, 2020) used guided waves to detect the debonding
in CFRP-reinforced structure. The results show that the
time-of -flight (TOF) decreases linearly with the increase
of the size of debonding.
In this study, an interface damage detection method using
surface-mounted PZT actuator to detect the interface
damage of the GCs was proposed. The finite element
models of flat GCs with interface damage of different
sizes were established. The propagation of lamb wave in
the flat model of the GCs is numerically studied. The
stress wave fields of flat GC specimens with different size
interface debonding defects and the time-history response
at the position of PZT sensors were compared. The
detection tests of steel-grout-steel sandwich models were
carried out. The experimental test results are consistent
with the numerical results. The feasibility of using lamb
wave energy leakage theory to detect steel-concrete
debonding defects was proved in this study.

1. Introduction
In recent years, large number of offshore wind turbines
have been constructed to obtain more offshore wind
energy. Due to the harsh of marine environment, the
offshore wind turbines are subject to the coupling of wind
load, gravity and wave load (Markard and Petersen, 2020),
which seriously threatens the safety of offshore wind
turbines. The GC is weak part of offshore wind turbine
supporting structure. The research by Chen et al ( Chen et
al., 2019) suggested that the fracture of grout layer and
interface damage between grout layer and steel tube may
occur under ultimate load. The interface damage of the
GC will cause seawater to immerse into the grout layer,
which may threaten the durability and fatigue resistance
of the GC. Thus, the detection of interface damage
between grout layer and steel tube is necessary to ensure
that GC has good mechanical performance.
The GC is formed by the overlap of two steel tubes with
different diameter, and the gap between them is filled with
high performance grout (Lotsberg, 2013). Due to the
special structure composition of the GC, the traditional
nondestructive
detection
method,
including
electromagnetic waves (Nojavan and Yuan, 2006), X-ray
(Zhang et al., 2020), acoustic emission (Nair and Cai,
2010), infrared thermography (Matovu, Farhidzadeh, and
Salamone, 2016), cannot realize the detection of interface
damage of the GC. The PZT transducers have been
extensively used in structure health monitoring, owing to
its high sensitivity, wide bandwidth, low costs (F. Wang,
Ho, Huo, and Song, 2018). Song et al (Song, Gu, Mo, Hsu,
and Dhonde, 2007) proposed the smart aggregate (SA)
with a PZT patch embedded in cement or marble to
monitor damage in concrete structure. In recent years, the
SAs also were used to identify the interface debonding of
steel-concrete composite structure. Xu et al (Xu, Chen,
and Xia, 2017) proposed a method to detect interface
debonding of concrete-filled steel tube by pre-embedded

2. The principle of debonding defects detection based
on lamb wave energy leakage
The energy change of the lamb wave propagating in the
plate can be divided into energy dissipation and energy
leakage. As can be seen in Figure 1, the lamb wave
propagates from the actuator to the sensor in medium A.
The lamb wave will suffer from energy dissipation due to
material damping and energy leakage from medium A into
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medium B. However, the distance between actuator and
sensor is constant, which will lead to the same energy
dissipation. But the leakage of energy will be different due
to different sizes of interface debonding defects.
Therefore, the interface debonding defects can be
evaluated through the amplitude of signal received by the
sensor.
l

Actuator

(Markovic, Nestorovic, and Stojic, 2015), the deformation
response of PZT patch has a good linear relationship with
voltage applied. Therefore, the force is applied to excite
lamb wave on the GCs and the time-history response of
displacement (u2) at the position of sensor is obtained as
the output signal. The function of the force is a 5-cycle
Hanning-windowed tone burst, as expressed by Eq(1),
which has narrow bandwidth to minimize dispersion (Li
et al., 2020). The central frequency of the signal is set as
150 kHz. Because the lamb wave only has the
fundamental models (A0 and S0) at 150 kHz in the 8 mm
thickness steel plate and the wavelet packet can be
distinguished clearly.

2 ft 
N
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 1  cos(
(1)

Sensor
Lamb wave
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Figure 1 The schematic diagram of lamb wave energy
leakage
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Where:
f: the frequency of the signal (f=150 kHz)
n: number of cycles (n=5)
t: duration of signal
In this study, the explicit integration method is used to
calculate the progression of the wave. In order to keep the
balance of the accuracy and efficiency of the calculation
results, fine mesh and suitable time step is needed. The
maximum element size and the maximum time step are
determined by Eq(2) and Eq(3) (Xu et al., 2017). Both the
grout layer and the steel plate are meshed by CPE4R
elements with the maximum mesh size of 1mm and the
maximum step time is set as 1e-7s.

3. Finite element simulation
3.1 The arrangement of the flat GC models
Since the diameter of the GCs applied in practice
engineering is very large, the maximum diameter used has
reached to 8 m, it is very difficult to carry out a full-scale
detection experiment. Considering that the distance
between actuator and sensor is relative smaller to the
diameter of the GC, the cylindrical surface between
actuator and sensor can be regard as a flat plate. The flat
models of GC are established to investigate the
propagation of lamb wave.
The geometric size and arrangement of finite element
model is shown in Figure 2. The size of the model is 400

l

mm×400 mm, and the thickness of the steel plate and
grout layer are 8 mm and 24 mm, respectively. In order to
make the calculation more efficient, two-dimensional
finite element model are constructed. the position of
actuator and sensor are 100 mm away from the boundary
to reduce the influence of boundary reflection wave. The
interface debonding defects are located in the middle of
the specimens. Four finite element models of the flat GC
are constructed and the length x takes values 0 mm, 50
mm, 100 mm, 150 mm, respectively.

t

Where:
l: the maximum element size

min

(2)

1
20 f max

(3)

20

λ

min: minimum wavelength
t: integration time step
fmax: maximum frequency

3.3 Simulation results
The stress contour of wave propagation in the health
model at different time is extracted. As shown in Figure 3,
two fundamental modes, symmetrical wave mode (S0) and
anti-symmetrical wave mode (A0), have been excited in
the model. Compared with A0 mode, the S0 mode travels
faster and the amplitude is smaller. Two modes gradually
separate with time passage on.
The stress distribution of lamb wave propagation in the
models with different size of debonding defects at 6.5e-5s
are shown in Figure 4. It can be seen that the amplitude of
the S0 mode is increased with the increase of the size of
defects. At the same time, the phase velocity of A0 mode is
decreased with the increase of the damage. This tendency
can be illustrated clearly by Figure 5, which represents
the signal extracted from the sensor of different models.

Figure 2 The geometry of flat model of GC
3.2 The construction of finite element model
The steel plate and grout layer are separately modeled.
The tie constraint is set to simulate the interaction
between the steel plate and the grout layer (Xu et al.,
2017). The interface debonding defects are simulated by
deleting the elements at the corresponding position of the
grout layer. Based on the study of Markovic et al
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4. Experimental test
The detection tests of the flat models with different size of
debonding defects have been carried out to confirm the
numerical results. Four specimens are constructed and the
acrylic plate is used to simulate the debonding defects, as
shown in Figure 6 a). The geometry of the specimens are
400×400 mm and the sizes of defects are 0×0 mm, 50×50
mm, 100×100 mm, 150×150 mm, respectively. Two PZT
patches are bonded on the surface of steel plate as actuator
and sensor respectively, as shown in Figure 6 b). The
instruments used in experiment are shown in Figure 7.
Defects
zone

Defects
zone

Figure 3 The propagation of lamb wave in the model

Actuator

a) Inner surface of steel plate

Sensor

b) Arrangement of actuator and sensor

without defects
Figure 6 Set-up of specimens
A0

D0

D50

D100

D150

S0

A0

S0

A0

S0

A0

S0

Piezoelectric signal
acquisition instrument

Figure 4 The stress distribution in the model with different
Power amplifier

size of defects

Figure 7 Instruments used in the experiment

1.5E-13

Amplitude

1E-13
5E-14
0
-5E-14

D0

D50

D100

D150

A0

The tests results received from sensors are depicted in
Figure 8. It can be seen that the amplitude of the signal
received from sensors increases with the increase of the
sizes of defects, which is consisted with the simulation
results. It should be noted that the specimen D50 was
broken and creaked during experiment, and the test result
is unbelievable, so it is not shown here. The phase change
of A0 mode is not obvious and not shown here.
The reasons for the difference between the experimental
and numerical results can be summarized as follows:
(1) The PZT patches bonded on the surface of steel plate
will introduce multiple interface, which will cause
the propagation of the stress wave to be more

S0

-1E-13

-1.5E-13
0.00004

0.00006
0.00008
Time/s

0.0001

Figure 5 The signal extracted from the sensor
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complicated. Therefore, the waveform of A0 mode
wave packet received from experimental tests is
irregular.
(2) In reality, the grout layer is inhomogeneous instead of
homogeneous in numerical simulation.
(3) The interaction between the grout layer and the steel
plate may not be an ideal tie constraint.
3
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numerical and experimental results show that the
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packet amplitude.
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Abstract

One of the high-performance steels, the twinning-induced plasticity steel, has been recently developed that has both high strength and
elongation by the strain hardening capacity after yielding. This study investigates ultimate behaviors of stiffened panels built up with
the twinning-induced plasticity steel and the conventional steels based on static and dynamic nonlinear finite element analysis schemes.
In static ultimate strength analysis, the twinning-induced plasticity steel panels showed full capacity of resistance and rotation at
boundaries so that and tensile failure occurred near central points of panels with maximum out-of-plane displacements while the
conventional steel panels exhibited premature failure near boundaries due to yielding. A novel method for evaluating panel strengths
due to dynamic loading in time domain has been suggested by utilizing stress degradation concept. The twinning-induced plasticity
steel panel was found to be 6 times more in static strength and 3 times more in dynamic strength than the typical conventional steel
panel.

Keywords: Stiffened panel, strain-hardening, twinning-induced plasticity steel, ultimate strength, protective structure
Following one of recently developed property of TWIP
steel from the test results (Li et al. 2013, Joo et al. 2018),
the yield stress and ultimate tensile stress are assumed to
be 365 MPa and 1,370 MPa. The elastic modulus before
yielding is 205 GPa and The Poisson’s ratio is 0.3. The
ultimate strain at the tensile failure is assumed as 0.4
which means the TWIP steel plates are fractured when the
principal plastic strain reaches the threshold value of 0.4.
A commercial finite element analysis program, Abaqus
(Abaqus Inc. 2011) was fully utilized to investigate
ultimate behaviors and strength evaluation with emphasis
of stress degradation and element elimination functions.
In this study, flat-type stiffeners are adopted in the
panels that are subjected to static pressure loading and
dynamic impulse loading. It is noted that the flat type
stiffeners are evenly-spaced and attached to the opposite
face of the loading. Prior to ultimate strength analysis,
eigen value analysis were conducted. The mode shapes
are dependent on the rigidity of the stiffeners attached on
the plate. However, the panel structures subjected to
perpendicular pressure are expected to behave as membranes at their failure stage unlike the ones subjected to
in-plane compressive loading (Kim and Kim 2018, Kim
2021).
One of the major advantages of the TWIP is an ability
of large stain along with the corresponding high tensile
strength. To compare the difference between the
performances of the panel structure made with TWIP and
conventional steels, the ultimate strength analyses were
conducted for both materials. For the conventional steel,
the same yield stress and elastic modulus were assumed.
No strain hardening was adopted and the ultimate strain
was 0.02 at tensile failure. The ultimate strength is
determined at the moment when the principal plastic
strain at any point in the model reaches the ultimate strain.
Figure 1 shows relationship curves between the stress and
strain for the typical TWIP steel used in this study. The

1. Introduction
Stiffened panels that consist of a plate and properly
organized stiffeners can be an efficient structural system
for resistance to instant high-pressure loading caused by
explosions or other sources. For the steel-plated
protective structure to resist such a blast loading, large
strain is inevitable to absorb high energy momentarily.
Stiffened panel systems fabricated with high performance
steels are introduced in this study. The high manganese
austenitic twinning- induced plasticity (TWIP) steels offer
both high ultimate strength and formability due to
extremely large strain-hardening ability. This kinds of
TWIP steels has been especially attracted in the
automotive industry. Typically, the test value of 0.2 %
off-set yield strengths of TWIP steels are in the range of
350 ~ 500 MPa, which are at the same level of several
conventional high strength steels including dual-phase
steels and transformation- induced plasticity steels. After
the initial yielding, TWIP steels harden at a nearly
constant modulus on the order of 1 GPa until the rupture
occurs. Due to the very high capacity of strain-hardening,
TWIP steels can attain an elongation about 60 ~ 95 in
percentage and the corresponding ultimate strength is
about 800 MPa to 1.8 GPa (Dan et al. 2014).
The stiffened panel systems are suggested for a
protective structure subjected to perpendicular pressure
loadings utilizing the high performance of the TWIP steel.
2. Modeling and Analysis Scheme
All example panel models considered are assumed to be
simply supported at four edges. Both plate and stiffeners
are made of TWIP steel. The dimension of the wall panels
are fixed as 3,000 mm x 3,000 mm for the height and the
width. The thickness of both the plate and stiffeners is
assumed 6 mm. The width of the stiffeners was varied
from 30 mm to 70 mm. For the material property of TWIP
steel, a bilinear constitutive relationship was assumed.
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conventional steel was assumed to have yield strength of
355 MPa. Figure 2 shows perpendicularly applied
impulse on the panel used in time domain dynamic
analysis. The total analysis time is 0.2 second with the
time increment of 0.001 second. Figures 3 and 4 show
failure modes at ultimate stages of TWIP steel and
conventional steel, respectively.

3. Conclusions
The TWIP steels offer both high ultimate strength and
formability due to extremely large strain-hardening ability.
Computational example panel models made of TWIP
steels subjected to perpendicular pressure loading are
assumed to be simply supported at four edges. For the
material property of TWIP steel, a bilinear constitutive
relationship was adopted following one of recently
developed property of TWIP steel from the test results.
The yield stress and ultimate tensile stress are 365 MPa
and 1,370 MPa. The ultimate strain at the tensile failure
was assumed 0.4. The tools for nonlinear behaviors of
stress degradation and element elimination were used.
It is confirmed that the TWIP steel panel has approximately 6 times greater in the resistance and 4 times greater
in the displacement compared to those of conventional
steel. It is also confirmed that the ultimate strength of
stiffened panels is 10 ~ 20 % higher than the unstiffened
panels. At ultimate stage of deformed panels due to
external pressure, the fracture by tension occurs at the
mid-point of the square plate of the panel. Tearing of
panel plate at center is one of major criteria of ultimate
behaviors in evaluation of dynamic performance. Unlike
panel systems subjected to in-plane compression, the
ultimate strength of the panel systems subjected to
perpendicular pressure loading are less affected by the
rigidity of the stiffeners installed on the panel plates.

Figure 1. Schematic scaled stress-strain curves for typical
TWIP steel
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Figure 3. Failure mode of TWIP steel panels

Figure 4. Failure mode of conventional steel panels
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Abstract
In structural crashworthiness, thin-walled structures are widely used to improve the safety performance of both automotive and road structures with low body weight. Research studies have been carried out on energy-absorbing elements such
as a crash box installed between the vehicle bumper and the side rail to protect passengers from injuries, eliminate extensive structural damage to the vehicle, and limit it to a localized deformation in crash elements. Frontal and rear collisions of
a vehicle are the most common car accidents at low speeds. The determination of the crash box geometry requires quite
laborious efforts to maximize the absorption of the impact energy owing to high material nonlinearity and dynamic responses existing in plastic deformations caused by collisions. This research is organized in order to increase the crashworthiness of thin-walled structures subject to dynamic compression in the axial direction as the most common automotive
collision case. Hence, the objective is to extract the crashworthiness superiority of each circumferential cross section geometry of a thin-walled structure using numerical analyses. In order to meet the objective, crashworthiness parameters, i.e.
energy absorption, EA, mean crush force, Fmean, peak crush force, Fmax, crush force efficiency, CFE, and crushing strain,
CS, of each circumferential cross section is numerically studied and crashworthiness significant characteristics of all circumferential cross sections are introduced. The numerical result of the square cross tube is compared with the existing analytical solution as a sample that indicates the validity of the obtained numerical results. The recommended structure is a
combination of a square crash box to work at the first-time steps of a collision to dramatically decrease Fmax, while for the
rest of the steps, a circular cross section is used when EA is more important. This idea helps to control and enhance the
crashworthiness of the structure.

Keywords: Nonlinear FEM, Crashworthiness, Thin-walled structures.
1. Introduction
During a crash, the impact energy transmitted to the vehicle interior should be reduced by the structural components that absorb the crash energy in order to decrease the
accident costs and guarantee the passengers’ safety
(Furusako et al, 2006). Satisfying the two objectives simultaneously has beesn a controversial topic.
The collapse of cylindrical tubes under axial loads to determine relations for designing fuel tanks was first done by
Alexander (Alexander, 1960). There are some researchers
have focused on the crushing behavior and energy absorption capacity of tubular structures under static, quasistatic,
or dynamic loads subjected to axial or oblique impacts
with various cross-sectional shapes. Research studies
(Zhang et al, 2009) on how to both increase the energy
absorption capacity and reduce the initial peak crush force,
Fmax.
The energy absorption parameters of tailor-made tubes

(TMTs) was determined analytically and experimentally
(Shahi and Marzbanrad, 2010). The mechanical properties,
length, and thickness of each tube segment varies along the
length. They illustrated that these tubes possessed higher
specific energy absorption than simple circular tubes for a
constant crushing length.
Thorough research here is done to satisfy the two objectives of decreasing the accident costs and guaranteeing the
passengers’ safety simultaneously. This paper illustrates
the advantage of each circumferential cross-sectional tube
to extract the most crashworthy tubes is researched; consequently, shows how to take advantage of various cross
sections in axial crashing to obtain a much higher crashworthy structure. The numerical results are validated with
the analytical solution. These achievements can result in
highly crashworthy thin-walled structure which is advantageous for both passengers’ safety and decreasing the automobile accident costs.
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2. Finite element model
Since large nonlinear deformations and rigid-body displacements occur during the crash, the strain rate dependency in appropriate ranges has to be considered to predict
material behaviors correctly. In addition, structural components come in contact with themselves and other components during a car crash. Therefore, the nonlinear finite
element method with an explicit time integration scheme is
applied, using the commercial FEM code of ABAQUS.
Consequently, the FEM results are verified by two methods of energy conservation in the explicit time integration scheme, and are compared with analytical solutions.
A finite element model of the axial crushing of the crash
box is shown in Figure 1. In this test, a rigid plate of 275
kg in mass collides at a speed of 3.5 m/s in the z direction
with the crash specimen along the axis of the crash box.
Finite element modeling is done with various crosssectional shapes for the profile, and the details are illustrated in Table 1. All have the same length of 250 mm,
thickness of 1 mm, cross section perimeter of 160 mm and
material weight of 0.108 kg.
The material used here is extruded aluminium alloy
7108-T6, which is being increasingly introduced in automotive components to reduce weight. The adiabatic flow
stress-strain curves for this material at different strain rates
are shown (Hooputra et al, 2004).
In this research, S4R shell element is utilized. This has
several advantages. It is easy to capture the physical phenomena in thin-walled structures, such as local plastic
hinge lines that lead to optimal folding patterns and allow inhomogeneous energy distribution inside the walls.
Furthermore, the computation time decreases in nonlinear
analyses as compared to 3D FEM. Nonlinear finite element method with an explicit time integration scheme
where the crash time is set to 0.1 s, using the commercial
FEM code of ABAQUS, is applied. The final deformed
shape and the nodal displacements at the last time step of
the crash are obtained as in Figure 3.

is compared with the analytical solution in order to verify
the numerical method for the entire case. Since symmetrical collapse mode occurs in this problem, an analytical solution to obtain the buckling length is studied (Abramowicz
and Jones, 1984).
The particular studies in (Guler, 2010) and (Hayduk and
Wierzbicki, 1984) focus on the behavior of two basic folding or collapse elements, which are identified as types I
and II.
In order to determine the analytical buckling length, first,
the total energies should be satisfied, i.e., the internal and
external energy dissipation should be equal. Consequently,
the mean crushing force Fmean can be extracted. Second,
this crushing force needs to be at its minimum value with
respect to the dependent variables.
In order to determine the analytical buckling length, first,
the total energies should be satisfied, i.e., the internal and
external energy dissipation should be equal. Consequently,
the mean crushing force Fmean can be extracted.
Second, this crushing force needs to be at its minimum
value with respect to the dependent variables. Therefore,
Eq. (1) is obtained as

3. Validation of FE model with analytical solution
To illustrate the robustness of the finite element solution,
the validity of the numerical modeling is shown here. The
finite element solution for the axial crash of the square tube

4. Results and discussion
From the FE analysis results, the response of each crosssectional tube is studied in detail and Load displacement
diagrams of the crash case is obtained, as in Figure3 to
obtain the most crashworthy cross-sectional tubes, considering the crashworthiness parameters (Davoudi and Kim,
2018).
The crashworthiness parameters for each case are calculated to study the positive and negative points of each case.
The energy absorption, mean and peak are obtained here
for these cases and compared in Figure 4 and Figure 5.

H  0.99c2/3h1/3

(1)

and the analytical buckling length 2H can be obtained
(Hayduk and Wierzbicki, 1984). In Eq. (1), 2H is the initial
distance between the plastic hinges at the top and bottom
of a basic folding element, c is the length of a side of the
square cross section, and h is the wall thickness. In the
current research, c = 40 mm and h = 1 mm; hence, 2H =
23.158 mm is the analytical bucklinglength. The positions
of nodes A and B in Figure 2 show the limitation of the
second buckling length, where the initial distance between
these nodes is 24.1 mm. Considering the element length as
3 mm, the value of the numerical buckling length equals
the analytical one. Therefore, the FE modeling closely
matches the analytical solution. This clearly indicates that
the numerical model is valid.

Figure 1. Finite element model used of the crash.
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Table 1. Profiles specifications: geometry and dimension.
Profile cross
Major DiProfile shape
section
mension
(mm)
Triangle
53.33 each
side
Square

40 each side

Pentagon

32 each side

Hexagon

26.67 each
side

Octagon

20 each side

Circle

Radius =
25.46

Figure 2. FE solution for second buckling length.
Profile /
Final shape

Force-displacement diagram

Square

In order to obtain a thin-walled tube with higher crashworthiness, a tube should be designed that controls the
crash behavior so that the area under the force displacement diagram is closer to a rectangle. To reach this goal,
Fmax should be minimized while EA and Fmean should be
maximized for the structure. In addition, CS should be minimized to eliminate the damage to the automobile structure and reduce vehicle crash costs.
Therefore, the cross section of the lowest Fmax that is vital for the initial collision steps is defined. Moreover, the
cross section of the highest Fmean that is highly effective for
the rest of the steps to enhance the performance of the
crash box is obtained. These two types of cross sections
include the most effective crashworthiness characteristics of
of the thin-walled tube.
As shown in Figure 5, circular cross section has the
highest mean crush force, 22 kN, and the lowest peak crush
force is related to square cross section, 22 kN. Additionally,
it is observed that crushing strain of the circular cross section is lower than the others’, which is about 50% of the
initial tube length as in Figure 3. Hence, these two types of
cross sections have the most important crashworthiness
characteristics that can be combined to make a super
crashworthy thin-walled tube applicable in automotive and
aerospace industries.

Circle

Figure 3. Force displacement and deformed shape for
Square and Circular cross section tubes under axial crash.

Figure 4. Energy absorption of all cases during the crash.
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Figure 5. Mean, Fmean, and Peak, Fmax, crush force of all
cases.
5. Conclusions
This paper is organized to increase the crashworthiness
of thin-walled structures subject to dynamic compression
in the axial direction. The advantages of each circumferential cross-sectional tube are extracted. It is determined that
the best sections are square for the lowest Fmax and circular
section for the highest EA and minimum CS. Therefore,
these two types of cross sections have the most important
crashworthiness characteristics that can be combined to make
a significant improvement in crashworthiness of structures
applicable in automotive industry and structural engineering.
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Abstract
This study aims to prepare for the threat of cosmic radiation and Electro Magnetic Pulse(EMP) caused by lethal
high-altitude nuclear explosions to satellites by developing a composite material that can simultaneously shield radiation
and electromagnetic waves. When a nuclear explosion occurs, radiation and EMP are emitted to a radius of several
kilometers from the ground zero. Since radiation and EMP affect far greater distances than the reach of heat and shock
waves, it is necessary to consider radiation and EMP protection in the nuclear protection system on the ground. In
particular, an EMP of 50 kV/m or more destroys power and communication systems in a wide area due to a large amount
of electrons excited by Compton scattering effect when a nuclear explosion occurs at an altitude of 30 km or more from
the ground. Such a high-altitude nuclear explosion can be fatal not only on the ground, but also on satellites orbiting the
earth. Satellites are becoming increasingly important both military and commercial. In particular, from a security point of
view, it is expected that more and more attempts will be made to destroy or even take over the enemy's satellites through
hacking. In other words, the importance of physical protection is rising along with cyber protection for satellites. However,
as the weight and volume of the protective device increases for the protection of the satellite, the cost increases, so a thin
and light material is required for physical protection such as cosmic rays and EMP shielding. Therefore, a simulation
method was performed by applying the Monte Carlo technique to optimize the shielding of cosmic radiation, which is not
large but affects on satellites continuously. In addition, the radiation shielding effect was measured within lead powders in
the form of a thin film to prove the result of the optimized model. Since the EMP shielding efficiency is relatively less
affected by the thickness of the shield, the electromagnetic wave shielding material as thin as possible was applied. In
order to protect even non-nuclear EMP attacks such as High-Powered Microwave (HPM), the measurement range of
electromagnetic shielding effect was expanded to a maximum of 18 GHz. For ease of use and light weight, lead powders
for radiation shielding and electromagnetic wave shielding material are laminated to form a composite material, and the
result of the change in weight when the composite material is applied will be presented for each size of the satellite.
Keywords: satellite, Monte Carlo, radiation, EMP, protection
Topics and Scope: (OS3) Protective Structures and Safety

communication equipment. Satellite is becoming

1. Introduction

increasingly important both milit
Especially from a security perspective, attempts to

EMP threats are increasing as North Korea advances its

neutralize or even hijack enemy satellites are expected to

nuclear and missile capabilities, so it is necessary to

increase.

prepare for a defense posture along with North Korea's

In Hyundai, high-tech communication equipment such as

nuclear strategy and the establishment of a nuclear WMD

high-performance, lightweight communication devices,

response system through EMP threat analysis.

precision electronic control aircraft, and automobiles are

In particular, the threat is not the direct explosion or

exposed to EMP attacks without any countermeasures,

destruction caused by nuclear weapons, but the

which will collapse the foundation of the fundamental

high-powered electromagnetic waves caused by EMP

operating system.

bombs that paralyze electronic devices and

You should also consider high-frequency radiation
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damage. In the future, the importance of physical

that define geometry, and terms for material and source.

protection along with cyber protection against satellites

A radiation source is located 10 cm away from the left

will increase. However, as the weight and volume of the

wall in a rectangular space of 30 Ø30 Ø100 cm, which is

satellite increase, physical protection such as space

blocked by thick concrete on all sides, and a composite is

radiation and EMP shielding requires thin, lightweight

located in the center of the square. The radiation dose

materials.

before and after passing through the composite was

Typical EMP shielding structures consist of

simulated to calculate the extension attenuation

compartments of internally sealed conductors, and

factor.Materials. Composites applied to simulations

shielded plates are combined through bolt assembly or

include polyethylene (PE), a representative polymer

welding after fabrication and machining of highly

known as a radiation shield.

challenging metal plates (steel, copper, galvanized
3. Conclusions
Through experimental methods, shallow lead powder

plywood, etc. However, research into the development of
shielding techniques or shielding materials to improve

shielding showed high shielding properties, unlike other

this has been done.

materials studied beforehand, and showed no reflective or

Furthermore, to demonstrate the results of the optimized

special absorption properties. Through this experiment,

model, we measure the radiation shielding effect by

the shielding range of lead powder composite materials

fabricating powder into thin film form. The EMP

was expanded to 18GHz and the additional task was to use

shielding efficiency is relatively less affected by the

it as a composite material through additional experiments.

thickness of the shielding, so the thinnest electromagnetic
shielding material is applied. So this study develops a
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attenuation factor can be calculated in the lead powder of
the composite material, the simulation was carried out in
the form of composite materials using two materials.
In order to supplement the simple composite structure, the
number of layered structures of composite materials is
changed to 2,4, 8, 16, 32, 64 layers, and the width of the
interfaces is different.
I did a simulation program. In this study, the National
Laboratory of the United States (RSICC) is distributed to
calculate the line attenuation coefficient of composite
materials.
MCNPs can be theoretically derived from statistical
approaches, such as the interaction of radioactive particles
with any material, and can also be applied to complex
cases where modeling is not possible with computer code
from deterministic methods.The input file for simulation
using MCNP code defines the cell card and surface card
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Abstract
An Fe-based amorphous soft magnetic fiber composite material was developed to prevent malfunction of the device due
to electromagnetic interference. As the development of autonomous vehicles accelerates and high-power motors are
installed in electric vehicles, the density of electronic devices is rapidly increasing. The electromagnetic waves emitted
from the electronic devices and electric signal cables of automobiles cause mutual interference, and the engine or electric
motor may accelerate regardless of the intention of the driver, causing the automobile to start suddenly. In order to shield
harmful electromagnetic waves not only in autonomous vehicles and electric vehicles, but also in industrial sites and
living areas, we have developed materials with flexibility and elasticity that can be applied by transforming them into
various forms. Since the frequency band of electromagnetic waves radiated from electronic devices is not relatively high
in the kHz range, magnetic field shielding is more important than electric field shielding. Therefore, an amorphous soft
magnetic material with high permeability in the kHz frequency domain was adopted. Flexibility and elasticity were
improved by braiding an amorphous soft magnetic fiber containing more than 70 at% of Fe like a mesh. Since the
amorphous soft magnetic fiber does not exceed 50 micrometers in thickness, it is possible to effectively shield rectangular
and cylindrical electronic devices and cables, while minimizing the change in thickness or increase in weight of the
shielding object. In order to increase the insulation and durability of the soft magnetic fiber and maintain a specific shape
of the shielding material, it was finished in the form of an Fiber Reinforced Plastic(FRP) made of soft magnetic fiber as a
reinforcing material and polymer as a matrix material. Electromagnetic wave shielding tents, nets, and doors were
experimentally manufactured with amorphous soft magnetic fiber-reinforced composite materials, and shielding
efficiency in the frequency range of up to 18GHz was measured to ensure even EMP protection performance.
Keywords: fiber, composite, FRP, shielding, EMP protection
increasing, and accordingly, the development of related
technologies and various applications are being made.
Materials that prevent or reduce electromagnetic noise
have been widely used in mobile phones, and recently,
they have been expanded and used in numerous new
electronic products such as DMB, PMP, LCD TV, PDP TV,
and GPS.
Conventionally, the case of the device to be protected
from electromagnetic waves is wrapped with a thin film
such as copper, which is a conductive material, and the
electromagnetic wave noise generated in the circuit or
transmitted from other external devices hits the surface of
the case and is reflected or flows to the ground.
As described above, the method of reflecting
electromagnetic waves has a problem that may increase
malfunction and noise of electronic devices due to the
reflected electromagnetic waves. In the case of radiated
noise, no matter how well it reflects, there may be a gap in
the barrier wall, and there is a possibility of interference
caused by unwanted electromagnetic waves generated by
components present inside the system, especially the
internal oscillator, reflected off the barrier wall.
Meanwhile, in recent years, tents are sometimes installed
indoors for the purpose of enjoying a camping atmosphere

1. Introduction
The rapid development, miniaturization, and weight
reduction of electric/electronic and information
communication products including computers and mobile
phones are being made.
One of the important factors that largely determine the
operation and reliability of such electronic products and
components is electromagnetic interference (EMI). Such
electromagnetic noise and the resulting interference may
cause various problems, such as causing a malfunction of
various electronic equipment and increasing the
temperature of biological tissue cells due to the heat
action of the human body to weaken immune functions.
Therefore, Korea and other countries around the world are
strengthening their regulations.
Electromagnetic compatibility (EMC) refers to
preventing electromagnetic noise generated inside the
electronic device from affecting the outside and
protecting the inside of the electronic device from
electromagnetic wave noise generated in an external
environment.
With the rapid development of electronic/electrical and
information communication devices, the need for such
EMI/EMC-related materials and parts is greatly
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indoors or for the purpose of saving indoor heating costs.
Since various electronic devices are arranged indoors,
there is a need for a tent capable of suppressing the
exposure of electromagnetic waves emitted from them.
In addition, since the development of high-power
microwave (HPM), a state-of-the-art weapon, is currently
being developed, clothing that can protect equipment
from the above-described electromagnetic attack is
required.
2. Experiment method
2.1. Fabrication of soft magnetic fibers and composite
materials

Figure 2. Fabric made of soft magnetic fiber
2.2. Application product manufacturing and performance
evaluation
The Fe-Si-B amorphous soft magnetic sheet was cut to a
width of 2 mm to form long and thin fibers, and then
mixed with polyester fibers to prepare a cloth-type sample.
The samples produced in this study are as follows.

Figure 1. Shape of soft magnetic fiber specimens

Table 2. Ratio of soft magnetic fiber and polyester fiber

The ratio of the length in the horizontal direction (X) to
the length in the vertical direction (Y) of the cross section
is 1: 10 to 1: 125. Here, the horizontal direction refers to
the left and right direction and the vertical direction refers
to the vertical direction based on Fig.1. For example, the
length of the soft magnetic fiber in the horizontal direction
may be 500 μm or more and 2,500 μm or less, and the
length in the vertical direction may be 20 μm or more and
50 μm or less. At this time, the length Z of the soft
magnetic fiber may be formed to be 5,000 μm or more.
Soft magnetic fibers were manufactured using various
amorphous materials having soft magnetic properties
because the iron content was 70% or more as follows
based on Table 1.

Ratio

Sample A
1:1

Sample B
1:2

Sample C
1:3

2.3. Electromagnetic shielding efficiency measurement
The electromagnetic wave shielding performance was
measured from 10 kHz to 1 GHz according to the criteria
specified in Mil-STD-188-125-1/2. Furthermore, in
preparation for the non-nuclear EMP threat, the shielding
effectiveness was measured by additionally extending up
to 18GHz. The size of the sample was set to 1 m each in
width and length, and in order to minimize the error that
occurs when manufacturing the composite material, five
types of samples were prepared and the average value was
measured.

Table 1. Compositions of soft magnetic fibers

3. Conclusions
As a result of the experiment, it was confirmed that the
permeability and coercivity were the best when the ratio
of the fiber to the length of X, Y, and Z was within the
above ratio range. For cable shielding, a soft magnetic
fiber was wrapped around the cable, and the changes in
elasticity, thickness and weight were measured, and the
shielding performance was confirmed. From the test
results of applied products, it was possible to confirm the
shielding efficiency of more than 80dB in the range from
10kHz to 18GHz, and proved the possibility that shielded
cables can be applied to vehicles, and plans to prove
electromagnetic wave shielding performance by actually
applying them to vehicles in the future. Shielding tents
can be used as EMP protection and TEMPEST because
they have superior shielding rates compared to other
products, and the experimental results of this study will be
compared with Obama tents.

Fe-Ni,
Fe-Si-B,
Fe-Si-B-Cu-Nb,
Fe-Zr-B,
Co-Fe-Si-B , Fe(Co,Ni)-Si-B, Fe(Co,Ni)-B-C,
Fe(Co,Ni)-Si-B-C, Fe(Co,Ni)-Si-B-P, Fe(Co,Ni)-B-P,
Fe(Co,Ni)-B-Cr, Fe(Co,Ni)-Si-B-Cr, Fe(Co,Ni)-B,
Fe(Co,Ni)-Si-B-Cu-Nb, Fe(Co,Ni)-Zr-B, Fe-Zr-Cu-B,
Fe-Co-Zr-B-Cu,
Fe-Al-Ga-P-C-B,
Fe-Al-Ga-P-C-B-Nb,
Fe-Al-Ga-P-C-B-Mo,
Fe-Al-Ga-P-C-B-Cr,
Fe-Al-Ga-P-C-B-Co,
Fe-Al-Ga-P-C-B-Si, Fe-Al-Ga-P-B-Si, Fe-Al-P-C-B,
Fe-P-C-B,
Fe-Ga-PC-B,
Fe-Co-Ni-Zr-Nb-B,
Fe-Co-Ni-Zr-Ta-B,
Fe-Co-Ni-Zr-B,
Fe-Co-Zr-Mo-W-B, Fe-Si-B-P-Cu
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Abstract
The threat to the CBR can occur not only through enemy WMD attacks, but also through terrorism and disaster
accidents, so the threat to the CBR is always around us. Especially in the case of nuclear accidents, such as the
Fukushima nuclear disaster in Japan, it will have a great impact on national operations and people's lives even after a
long time. Therefore, it is always necessary to prepare for CBR related accidents such as hazardous chemical leaks or
nuclear power plant accidents, and among them, rapid detection and identification of the origin are the top priority. So
far, detection and identification of threats to these terrorist and disaster accidents have been conducted in a contact
manner. However, contact-type reconnaissance methods have been limited to threats to the viability of reconnaissance
personnel at the site, restrictions on visibility in a wide range of areas when contaminated, and reduced detection
reliability due to re-contamination of detection sensors in contaminated areas. In this study, we present a CBR remote
detection system using infrared and radiation detection sensors as an alternative to overcome the limitations of contacttype reconnaissance methods, which is expected to enhance the work efficiency of personnel who will conduct
reconnaissance in the event of CBR related terrorism and accidents.
Keywords: CBR, drone, infrared, radiation, remote detection system
For reconnaissance, reconnaissance personnel who have
so far taken protective measures had to enter the vicinity
of the origin. Reconnaissance personnel have detected
and identified sources of contamination by placing CBR
reconnaissance equipment directly in contact with the
source of contamination. Reconnaissance personnel had
to wear personal protective equipment (PPE) such as gas
masks and protective clothing for personal safety. In
particular, heavy equipment such as lead for shielding
had to be worn or attached when reconnaissance of
radioactive materials was required. These safety
measures have resulted in a reduction in operational
capability, including reduced mobility and prolonged
activities in contaminated areas. This reconnaissance
method can also be difficult in terms of equipment
management, in which the detection sensor of the
equipment comes into direct contact with pollutants,
resulting in errors caused by contamination of the sensor.
In addition, the detection and visibility of agonists and
fallout over a wide range of areas are limited, resulting in
increased damage due to lack of practical evacuation.
The limitations of contact reconnaissance methods can
be seen from the Japanese example. In March 1995, a
reconnaissance operation was carried out in contact
detection and identification at a multi-use facility used
by many people during the Aum Shinrikyo subway Sarin
attack in Tokyo, Japan. As a result, it was difficult to
obtain prompt information on a wide range of

1. Introduction
North Korea, which has advanced nuclear capabilities
through the past six nuclear tests, has a variety of
asymmetric power besides nuclear weapons. According
to the 2020 Defense White Paper, North Korea is
estimated to store 2,500 to 5,000 tons of chemical
weapons and is estimated to have the ability to cultivate
and produce various kinds of biological weapons on its
own In addition to the CBR threat from the enemy's
WMD attacks, there are always threats of nuclear
disaster, hazardous chemical leaks, terrorism, and
disaster accidents around us. In particular, in the case of
nuclear accidents, as shown by the Fukushima nuclear
disaster in Japan, it is still having a great impact on
national operations and people's lives after a long time.
Therefore, preparation for CBR-related accidents, such
as hazardous chemical leaks or nuclear power plant
accidents, will always be necessary, and in this paper, we
will focus on and discuss how to conduct reconnaissance,
which is a top priority. We present reconnaissance
operations,
pan-governmental
admiral
and
decontamination, and appropriate protection of the initial
action unit as measures to minimize damage in the event
of a crisis, such as enemy attacks. Among them,
reconnaissance is the first step in crisis management,
which is the most important.
2. Research needs and Limitations of contact reconnaissance
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contaminated areas, and eventually failed to evacuate
people, resulting in a mix of pollutants and noncontaminated people. In 2017, Tokyo Electric Power
estimated radioactivity levels at 650 Sv per hour during
the 2011 Fukushima nuclear disaster. This is the level
where a person dies if exposed for more than 30 seconds.
Ten years later, in 2021, about 10 Sv per hour of
radioactive material is still being released. This is very
large compared to the 0.23 µSv/hour target proposed by
the Japanese government. Like chemical terrorism,
radioactive pollution continues to spread in the event of a
nuclear disaster, requiring diversified reconnaissance of a
wide range of areas, but it is urgent to establish
supplementary
measures
because
contact-type
reconnaissance methods are limited.

Radiation reconnaissance is expected to be much more
feasible than previously introduced infrared sensors
because small radiation detection sensors are available
on the market, and even connect sensors to smartphone
earphone jacks to enable smartphone power and
monitoring. It is believed that more efficient operation
will be possible if a number of drones equipped with
small radiation detection sensors are operated internally
or externally than robots that are heavy and slow to
operate. Eventually, the limitations of contact-type
reconnaissance can be supplemented by remote detection,
and if the two reconnaissance methods are
complementary, damage can be synthesized and
predicted in real time. In addition, if these predictions are
shared simultaneously with smartphones or smartwatches
using Apps to various agencies and operations personnel,
it will be possible to respond much faster. This is because
common situational awareness can align the direction of
responses.

2.1. Contents of study
As a countermeasure to overcome this problem, this
study aims to present a remote detection method using
infrared and radiation detection sensors. The technology
has already been commercialized in the United States,
Germany, and France, as it can quickly detect
contamination clouds of air pollutants or chemicals
leaking from industrial facilities at long distances. In the
private sector, toxic industrial chemicals (TIC) leakage
and fire investigation are being used mainly in the fire
and disaster prevention sectors, and research is being
conducted to apply chemical agents to distant detection
in the defense sector. SIGIS-2 and Secondsight MS are
used in Korea. SIGIS-2 is a high weight that requires
cooling requirements and takes some time to measure,
but the false detection rate is low, so the accuracy of
experimental data is high. Second sight MS has the
advantage of low weight and short measurement time
due to lack of cooling requirements, but has the
disadvantage of relatively high false detection rate.
Therefore, it is considered more suitable to use highweight SIGIS-2 as a fixed type and lightweight Second
sight MS as attachment to multiple drones.

Figure 1. Contactable / remote detection and real-time
situational sharing
2.2. Research Method
As a method for remote detection, we will present
experimental data and results by applying detection
sensors to drones and detection methods by fixing them
to high-rise buildings. Assuming chemical, biological
and radioactive situations, We will compare them with
contact reconnaissance methods and present their
efficiency. After assuming chemical, biological, or
terrorist situations, infrared sensors will be mounted on
drones, hyperspectral analysis devices will be fixed in
high-rise buildings around the origin, and the efficiency
of sensors and devices will be verified. A high-rise
building has a fixed sensor with good resolution to
outline the flow of the flume. In addition, in order to
increase the reliability of the fixed sensor's
reconnaissance results, a large number of small drones
equipped with non-cooled sensors will be operated to
detect and identify the origin of contamination and flow
of flume. Radioactivity detection and identification will
also be secured by applying a method of operating a
number of radiation detection sensors on small drones,
just like the previously mentioned infrared detection
sensors. In this study, we aim to present the utility of
remote detection through a comparative analysis of the
results of contact detection and the results of remote

Table 1. The infrared remote chemical detection system data.

Feature

(SIGIS-2)
Weight/
A cooling
station.
Measurement
Time/
Misdetection
rate

High weight
(65 kg)/
Necessary
Hundreds of
seconds
(about 145
seconds)/
Low

(Second sight
MS)
Low weight
(11.7 kg)/
Unnecessary
A few seconds
(about 3
seconds)/
High
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detection by mounting sensors on drones. As the first
experiment, I will describe the situation with special gas
as shown in Table 2. We will present the results of ⓐ
‘contact detection’, ⓑ ‘drone remote detection’, and
ⓒ ‘drone remote detection + high-rise fixed detection’.
In the second experiment, we describe the situation as a
radiation source, as shown in Table 3. And we are going
to present results of ⓓ ‘contact detection’ and ⓔ
‘drone remote detection’.
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Table 2. Infrared remote detection experiment
First Experiment (Special Gas Exposure)

ⓐ contact
detection

ⓑ drone
remote
detection

ⓒ drone
remote
detection
+
high-rise fixed
detection.

Table 3. Remote detection of radioactivity tests
Second experiment (radiation exposure)
ⓓ contact detection

ⓔ drone remote
detection

3. Conclusions
Remote detection is a very effective way to reduce
reconnaissance time while ensuring the viability of field
personnel. The effectiveness of remote detection, which
will be derived from this study, is expected to increase
efficiency in subsequent enemy chemical attacks, nuclear
attacks, nuclear terrorism, Atomic energy facilities and
leakage accidents at hazardous chemical plants. In
particular, if core technologies of the fourth industrial
revolution are concentrated, better operability can be
expected. It is also predicted that the use of interexperimental drones will allow us to quickly obtain
reconnaissance results, and that the results of
reconnaissance obtained through Hyper-connect and
Super-intelligence will be embodied in three dimensions.
Furthermore, we expect a damage prediction program
with a system that allows all officials, including
operational personnel, to share the situation in real time.
We are sure that this will be used very urgently in terms
of crisis management, including initial action.
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Abstract
A closed server and a mobile modular data center composed of servers that can enhance the safety and protection of the
data center and improve cooling efficiency were manufactured. The increase in non-face-to-face activities caused by
Corona 19 has led to an explosive increase in demand for video conferencing such as Zoom, delivery services through
mobile apps, and subscription services such as Netflix. As a result, the supply of data centers is also rapidly expanding
along with the increase in Internet usage. Data centers, which are gradually becoming larger in scale, are becoming
vulnerable to fire in proportion to the increase in the number of servers per unit area. In addition, concerns about the
severity of damage caused by intentional or unintentional electromagnetic wave infringement occurring inside and
outside the data center are also rising. The temperature and pressure inside and outside the server according to the flow
rate of the refrigerant gas(nitrogen) were measured to evaluate the airtightness, cooling efficiency, and energy saving
effect of a closed server designed to directly inject refrigerant gas into the server's heating part (CPU, GPU, etc.). Besides,
electromagnetic wave absorbing materials were used to minimize electromagnetic interference inside the server and
shield electromagnetic wave intrusion from outside. The electromagnetic wave shielding efficiency was aimed at
achieving 80dB or more even at a maximum of 18GHz in consideration of EMP protection. Fe-based amorphous soft
magnetic fibers as a reinforced material and a flame-retardant polymer as a matrix material were used to prevent
condensation and reduce energy loss as well as electromagnetic wave shielding. In this study, a rack in which several
servers were stacked was experimentally manufactured, and thermal characteristics were analyzed while actually running
the server inside constituting the rack, and the electromagnetic wave shielding performance of the material constituting
the server was confirmed.
Keywords: Fe-based Amorphous soft magnetic, electromagnetic, shield, server, data center
is possible to cool the entire indoor space in which the
server is generally disposed, and a circulation path of air
may be installed in the server so that the cooled air is well
transmitted to the server. At this time, problems such as
electromagnetic wave interference or external intrusion
may occur through this circulation passage. In addition,
cooling costs to solve the heat problem of data center
servers are the main cause of deterioration of data center
energy efficiency (PUE: Power Usage Effectiveness, total
power consumption divided by IT power usage). In other
words, lowering the PUE value of a data center server can
mean a data center with good energy efficiency, and
efforts are being made to lower this value to close to 1.
Second, another problem in the data center is that the
server malfunctions due to the interference of
electromagnetic waves generated by the server. It is
analyzed that this phenomenon occurs because a large
number of servers are densely arranged in a limited space
called a rack, and the material constituting the frame of
the rack is a material that reflects electromagnetic waves.
The electromagnetic waves inside the server flow into the
metal circuit to generate an electric current, and a fire may
occur in a weak circuit that is overloaded. As the
processing speed and capacity of the server increase, it is

1. Introduction
In recent years, the global spread of infectious diseases
has dramatically changed people's lifestyles. As a result,
Internet-based distance education, virtual reality
(VR)-based games, video conferencing, YouTube, Netflix,
and delivery apps have become common to reduce
human-to-human contact, and Internet usage is rapidly
increasing compared to the past. As a result, the demand
for Internet Data Centers (IDCs) that operate large-scale
server computers is also rapidly increasing.
However, since it takes astronomical cost from
construction to operation of a data center, if servers are
overcrowded and operated in a device called a rack, heat
generation in the central processing unit (CPU) and
electromagnetic interference in various electronic circuits
problems may arise.
In addition, the security problem caused by the
integrated storage and operation of a lot of data is also
emerging as a task that cannot be overlooked. The
following is a summary of the challenges (problems) that
data centers need to solve in the future.
First, the biggest problem in data centers is to dissipate a
large amount of heat generated by the server to the outside
so that the server can operate normally. For this purpose, it
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expected that this problem caused by electromagnetic
waves will be dealt with seriously in the future server
operation.
Third, problems related to electromagnetic interference
outside the data center may occur. In particular, a data
center operating a large-scale server is very vulnerable to
an intentionally conducted EMP(Electromagnetic Pulse)
attack. EMP attacks are infringed through electric lines
and signal lines. Nuclear EMP with a frequency band of 1
GHz or less mainly damages power lines, whereas
non-nuclear EMP attacks cause serious damage to servers
through signal lines using GHz band.
This study has the effect of providing a portable data
center (PDC) with flexibility that can solve the problems
of fire prevention, heat dissipation, and electromagnetic
wave shielding by developing an enclosed rack, and can
also reduce the operation and maintenance cost of air
conditioners. In addition, even if the entire data center is
not an EMP protection facility, there is an effect of
providing a portable data center (PDC) that can protect the
server from EMP attacks by shielding the rack itself. It
provides a technological turning point from the traditional
hyperscale fixed data center concept to a decentralized
mobile data center.

installation cost to EMP protection facility construction is
very high, and when this is installed, it is necessary to
periodically test and evaluate the filter performance.

Figure 1. Closed Smart Server Rack (CSSR)

2. Experimental & Advantages
The portable data center (PDC) has applied a closed
cooling system by eliminating a ventilation device with
the outside such as a honeycomb structure to improve
EMP protection efficiency.
2.1. Ventilation device removal
The ventilation system can be removed by unmanning
the PDC and strengthening the monitoring system. For
complete repair or replacement, stop the PDC and proceed
with the work with the door open. In case of partial repair
or replacement, safety and EMP protection must be
maintained. For this purpose, an oxygen shortage warning
device, etc. can be installed inside the PDC, and work can
be proceeded with the door closed. To this end, the
container box may be provided with an oxygen sensor
inside, so that an oxygen shortage warning can be given
when the door is closed while working.

Figure 2. a CSSR container with power & cooling system
It is difficult to test and evaluate because expensive
server devices may be damaged. Therefore, a design that
allows the use of standby and emergency power without
using a filter can reduce not only the installation cost of
the filter, but also the test and evaluation cost, and can also
reduce the possibility of damage to the server by not
conducting the PCI test.
2.3. 10 Advantages of enclosed server rack
The rack and mobile data center for enclosed servers in
this study were found to provide a number of advantages.
First, it is possible to effectively cool the server to
prevent heat damage. That is, the existing method of
cooling the entire space in which the server is operated
cannot effectively cool the heat generated inside the server.
On the other hand, the method of this study is
advantageous in maintaining a low and constant
temperature inside the rack because the cooling airflow is
delivered directly to the inside of the server and the heated
airflow is discharged and circulated outside the server
rack.
Second, it is possible to prevent (exclude) malfunction
due to electromagnetic interference by absorbing
electromagnetic waves generated by the server. Devices

2.2. EMP filter free method
In addition, the mobile data center (PDC) reduces the
demand for EMP filters for signals by connecting the
optical cables made by wrapping the electromagnetic
wave shielding material in connecting the optical cables
to the inside of the PDC to reduce construction costs; it is
implemented to reduce the penetration of electromagnetic
waves even at the point of entry (POE). The mobile data
center (PDC) of this study described above is
implemented to provide EMP shielding without installing
an EMP filter for power for EMP protection of the power
system. By installing a UPS, battery, and emergency
generator inside the data center, it is possible to use spare
and emergency power even after an EMP attack, thereby
reducing costs. This means that the ratio of EMP filter
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offices, rooftops, underground facilities, and outdoor
vacant lots. As a result, there are fewer restrictions on the
data center installation location. Therefore, by
modularizing the standardized container box, the existing
container box transportation system (truck, crane, ship,
etc.) can be utilized, so it is convenient for import and
export.
Eighth, as a small data center can be distributed and
operated close to the user, it is easy to exhibit flexibility
such as movement or replacement. Conventionally, an
integrated data center having a site constraint has been
operated, but the mobile data center of the present
invention can be operated even in a city center where
users are densely populated, thereby increasing cost and
operational advantages.
Ninth, data center installation cost and time are greatly
reduced. By manufacturing the server, rack, cooling
device, electromagnetic wave shielding device, etc. as a
package in the factory, the manufacturing cost can be
reduced because it can be standardized and modularized,
and the time and installation cost are reduced because the
finished product needs to be moved and installed and only
the wires are connected.
Tenth, it is possible to reduce damage caused by
unexpected disasters. A data center that can cope with
various disasters such as fires, wildfires, floods, typhoons,
and earthquakes is necessary. Existing data centers can
easily spread damage to the entire data center if a fire
breaks out inside it or is engulfed in large-scale wildfires
and floods. If one server collapses due to an earthquake,
the entire server may suffer damage like a domino effect.
However, if the container box is modularized and
distributed, it is possible to prevent the whole from being
damaged at once. Even if a data center building leaks,
floods, or collapses, direct damage can be reduced with a
container box. Because it is sealed and structurally strong,
it can reduce the damage caused by any disaster.

in the server usually generate electromagnetic waves, and
when servers are concentrated in a narrow space, errors
between server operations may occur due to
electromagnetic interference. Accordingly, the sidewalls,
floor, and ceiling of the rack are surrounded by conductive
porous material that absorbs electromagnetic waves, and,
if possible, even the case of the server is composed of a
material that absorbs electromagnetic waves well. It is
designed so that the electromagnetic waves generated
inside the rack do not go out or cause diffuse reflection
from the wall to adversely affect the server.
Third, it protects the server by blocking intentional
electromagnetic wave intrusion such as EMP attack so
that it can be used stably and continuously. That is, a data
center operating a large number of servers must be
protected for national security such as national defense,
industry, and finance, so it must be managed as an EMP
protection facility in preparation for an EMP attack.
Fourth, EMP protection for the server is possible without
modification of the existing data center, thereby saving
cost and time. Transforming an already built data center
into an EMP protection facility is costly and time
consuming. Therefore, it is possible to save cost and time
because the rack capable of electromagnetic wave
shielding can exert EMP protection effect in units of
individual racks without modification of the existing data
center.
Fifth, it is possible to increase the installation density of
the rack, so that several servers can be operated in a
narrow space. In the existing method, the gap between the
racks could not be narrowed due to thermal and
electromagnetic interference problems. However, since
the refrigerant directly injects cold air from the wall of the
rack and exhausts the hot air to the outside, there is no
need to consider the heat dissipation problem due to the
dense arrangement of the rack.
Sixth, it is possible to reduce the cost of electricity for
cooling the data center. Direct cooling of the servers in the
data center is more energy efficient (PUE) because the
entire room does not need to be cooled. In the end, from
the perspective of PUE, the server direct cooling method
can be much more energy efficient than the existing
method, so it is also in line with the domestic and foreign
technical requirements for a green data center.
Seventh, since racks can be densely arranged, it is
modularized in container box units to facilitate movement
and installation. Here, modularization means that a
container box that functions as a server room, air
conditioning system, and power supply can be made and
used by connecting it according to the needs, and it has the
advantage of being able to attach and detach it freely like
a Lego block. In addition, the advantage of densely
arranging racks in a narrow space makes it possible to
move and install several racks as a bundle in a container
box without moving or installing the racks individually.
When it is necessary to operate a large number of servers
in a situation where large-scale, well-built facilities such
as data centers cannot be utilized, modular container
box-type data centers can be installed in existing empty

3. Conclusions
In conclusion, the enclosed server rack and mobile data
center in this study exhaust a large amount of heat
generated from the server to allow the server to operate
normally, and to prevent malfunction of the server due to
electromagnetic interference generated from the server.
And it can be called a new concept server rack and data
center that prevents electromagnetic wave intrusion from
outside the data center.
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Abstract
An explosion-proof valve, a honeycomb structure for EMP shielding, and an air purifier for CBRN protection were
integrated, and a smart integrated protection filter that opened and closed by automatically detecting a threat was
produced to develop a lightweight integrated protection facility. Bombardment, EMP, and CBRN weapons threats are
different threats from different means of attack, but it is necessary to prepare at the same time by assuming integrated
threat situation from a defensive standpoint. This study focuses on integrated protection as an effective preparedness
against integrated threats. integrated protection aims to implement a system that can protect against various threats at the
same time, it is possible to reduce the cost as well as the volume and weight compared to individually. In particular,
protection efficiency can be improved by designing protection equipment and devices against each threat so that they do
not interfere with each other. Since EMP protection equipment needs to block the invasion of electromagnetic waves, it
shields the object(mainly equipment) that composed of electric and electronic components to be protected by enclosing it
with a shielding material. On the other hand, since CBRN protection equipment protect people, not equipment, it is
necessary to keep the pressure inside the space to be protected higher than outside and supply fresh air that filtered the
contaminated air to continuously inside. Therefore, interference with each other (creating contradictory structures) occurs
in a integrated protection facility for simultaneously realizing EMP and CBRN protection performance. Sealing must be
maintained for EMP protection, and holes must be made in the walls of the protection facility to allow outside air to be
inhaled for CBRN protection. In preparation for such a case, a special device that allows only air to pass without passing
electromagnetic waves is required, which is called a honeycomb structure for EMP protection. It is manufactured in the
form of a honeycomb by bending and bonding a metal plate, and the ratio of the thickness of the honeycomb to the size of
the hole varies according to the frequency of the electromagnetic wave. First of all, the honeycomb structure for EMP
protection and the air purification filter for CBRN protection, which are used separately, are integrated. In addition, an
explosion-proof valve was additionally attached, and a sensor capable of detecting contamination of CBRN was installed
inside the explosion-proof valve. Usually non-pollution area situations, the inlet of the integrated air purification filter is
closed to enable long-term storage, and in wartime, the sensor detects the contamination and automatically opens the air
purification filter. Therefore, it has become possible to effectively block the invasion of contaminants into the protection
facility through automated unmanned. In addition, the protection efficiency can be improved by the sensor measuring the
timing of replacing the air purification filter in real time and automatically closing the inlet of the air purifier. The
honeycomb structure integrated with the activated carbon of the air purifier can be prepared as a reserve and can be
replaced to enhance the continuity of operations(CONOPS). This has made it possible to build an integrated protection
facility that can simultaneously protect against explosions, EMPs, and CBRN. In conclusion, it is advantageous to apply
to protective facilities in a relatively small space such as a container box, and space utilization can be maximized, and a
dedicated manpower is not required through unmanned automation.
Keywords: integrated protection, honeycomb structure, explosion-proof valve, air purifier
circulate the air inside to the outside air are essential. In
order to protect the three main protective devices of the
vents, each requires an explosion-proof valve for
overpressure against blast pressure, an air purifying filter
for CBRN, and a waveguide for EMP. In larger facilities,
you can purchase each unit for the 3 protection items
individually, but space constraints limit the purchase of
equipment for the 3 protection items individually in
weight lightending spaces such as container boxes.

1. Introduction
The three main protections to consider in a shelter are
overpressure,
Chemical-Biological-Radical-Nuclear
weapons(CBRN) and EMP. In a closed facility, only the
material and thickness of the exterior material need to be
considered to create a integrated protection that protects
the three main protection items at the same time. However,
in order for people to work in a facility, vents that
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filter all types of particles down to the smallest size. In
general, particles with a size of 0.6㎛ should be able to
filter up to 99.97%. The gas filter uses activated carbon to
adsorb and filter agonists in the form of gas. The shape of
the personal gas mask K-5 canister air purification filter
currently used in the military is shown in Fig 3.

Therefore, this paper designed a integrated protection
filter that combines an explosion-proof valve, an air
purifying filter, and a waveguide for the combined
protection of the vent so that it can have maximum space
utilization in a lightweight facility.
2. Blast Protection Valve-Prefilter
Blast Protection Valve-Prefilter for supply air serve to
protect personnel and equipment in the protection facility
from Normally, it is open so that it does not interfere with
the air conditioning function, and in case of blast pressure,
the Shutting Device automatically moves to the center of
the Valve casing to block the blast pressure, and then the
normal supply and exhaust function can be smoothly
restored. The pre-filter physically removes thick particles
in the air to prevent damage to the air purification filter
and extend its life. The phenomenon of the
explosion-proof valve for air supply seems to be Fig 1.

Fig 3. Structure of K-5 gas mask canister
5. Structure of integrated protection filter
The integrated protection filter structure is shown in
Figure 4. In order to protect the waveguide and the air
purification filter in the vent from blast pressure, an
explosion-proof valve for Blast Protection Valve-Prefilter
is located outside the combined protection facility of the
combined protective filter. The Blast Protection
Valve-Prefilter for supply air is combined with the
pre-filter to prevent damage to the inner honeycomb
structure waveguide and extend the life of the air
purification filter. A waveguide of a honeycomb structure
for EMP protection is located inside the explosion-proof
valve to block the EMP energy penetrating the ventilation
pipe.

Fig 1. Blast Protection Valve-Prefilter
3. Honeycomb-structured Waveguides
Honeycomb-structured waveguides serve to protect
internal electronics against attacks from EMPs. The inner
diameter and length are determined by waveguide theory,
and according to the shielding requirements of
MIL-ATD-188-125, each diameter should not exceed 10
cm, and the length should not exceed 5 times the diameter.
The shape of the honeycomb structured waveguide is
shown in Fig 2.

Fig 4. Structure of Intergrated Protection Filter
The larger the diameter of the ventilation pipe to which
the integrated protective filter is attached, the greater the
flow of air. Therefore, considering the size of the
maximum explosion-proof valve, the size of the
ventilation pipe was set to 000mm. The larger diameter of
each honeycomb structured waveguide increases the
length, which increases the overall length of the
ventilation pipe and hinders the utilization of space in
lightweight spaces. So, considering the size of the CBRN
protection filter to be incorporated inside, we set it to the
minimum possible of 000mm. The CBRN protection filter
can be coupled to a honeycomb structure waveguide, and
has a double structure of a Hepa filter and an activated

Fig 2. Honeycomb Structure Waveguide
4. Air purification Filters
Air purification filters serve to protect personnel and
equipment within the facility from CBRN attacks. Air
purification filters are divided into particle filters and gas
filters. The particle filter uses a glass fiber Hepa filter to
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carbon filter.
6. Integrated protection performance evaluation
An electromagnetic wave shielding effect SE (Shielding
effectiveness) test was conducted to confirm the effect of
the air purification filter coupled to the honeycomb
structure waveguide on the cutoff frequency and shielding
effect of the waveguide. The test was carried out on the
entire ventilation pipe, and the test conditions were
carried out twice in total depending on whether or not the
waveguide having a honeycomb structure and the air
purification filter were combined. As shown in Fig. 5,
when the length of the air-filled quadrangle waveguide is
a�b, the cutoff frequency ( ) is the same as Eq.(1), and
the shielding effect is the same as Eq.(2).

(1)

(2)
The cutoff frequency ( ) calculated before the test
according to the above equations [1] and [2] is 18GHz,
and the shielding effect is 80dB.
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Abstract
The optimization conditions of corrugated steel plate and aluminum foam composite materials were studied with the goal
of developing structural materials with outstanding combined protection effects such as explosion proof, bullet-proof,
insulation, and sound-proof which is required for composite protection facilities. Once they built, protective facilities will
be in operation for decades. Thus, protective facilities should be built on the assumption not only for current threats but
also for uncertain future threats. Therefore the development of a multi-functional composite material is required to protect
multiple threats simultaneously. However, developing new materials needs relatively high costs and time, so it can be
effective to combine or stack existing materials into composite materials. Compositions of corrugated steel plate and
aluminum foam are already commercialized in industries, however, various performance can be incarnated depending on
thickness ratio of steel plate and aluminum foam, the process of optimizing is needed for object which is protected.
Because composite materials are lighter and thinner than concrete, they are suitable as a light-weight protection material.
In addition, it may possible to improve the protection-efficiency by applying the same method of covering with soil rather
than being used alone. In this work, explosion-proof and bullet-proof performance were measured for the presentation of
mobile protection facilities and application of corrugated steel plate and aluminum foam composite materials to container
boxes. Since the outer wall of the container box is made of corrugated steel plate, additional corrugated steel plates were
installed on the inner wall, and aluminum foam was inserted to create walls, when the above process is complete, they
are configured of composite materials. For comparative experiments, samples were prepared in four forms: sample 1
(single corrugated steel sheet wall), sample 2 (double corrugated steel sheet wall), sample 3 (corrugated steel plate and
aluminum foam sandwich complex material wall, aluminum foam thickness 5cm), sample 4 (corrugated steel plate and
aluminum foam complex material wall, aluminum foam thickness 10cm). For explosion proof experiments, we
constructed a square-structured wall with four samples and observe the deformation and destruction behavior of the
samples by exploding experimental explosives at a height of 1m at the center point of the square inner wall. Through
simulation techniques, we identified the mechanism by which aluminum foam absorbs impulsive forces to perform
explosion-proof and bullet-proof performance and compared the experimental results using real explosives and debris.
Keywords: corrugated steel plate, aluminum foam, composite materials, explosion-proof, bullet-proof, protective

for building ground earth sheltering ammunition depots
using corrugated steel plates are gradually expanding.
Therefore, this study aims to evaluate the explosionproof and bullet-proof performance of container boxes
made of corrugated steel plates and aluminuum foam
composite materials to present effective application
methods for defense facilities in military, such as
ground earth sheltering ammunition depots.

1. Background and Purpose of the Study

Recently, Republic of Korea Armed Forces is trying to
increase the construction of facilities using corrugated
steel plate and “corrugated steel plates-aluminum foam
composite materials”, reducing reinforced concrete
oriented facility plan. In an effort to overcome the
limitations of reinforced concrete structures such as
deterioration of conditions and environmental
problems due to corrosion and aging of materials, many
prior studies have proven that using corrugated steel
plate as materials for protective structure can
compensate for the shortening of construction time.
This flow has greatly affected ammunition depots and
some protection fort in the military, as a result, requests

2. Research methods and Procedures
The Purpose of this study is to evaluate the explosionproof and bullet-proof performance of container boxes
which are made of corrugated steel plates and aluminum
foam composite materials, and ultimately to present
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measures for in-group utilization. Methods and
procedures for conducting research are as follows.
(1) Identify the characteristics of corrugated steel plates,
corrugated steel plates-aluminum foam composite
materials through the existing analysis.
(2) Prepare 4 types of samples with different aluminum
foam thickness.
For comparative experiments, prepare sample 1(Singlecorrugated steel plate wall), sample 2(Double-corrugated
steel plate wall), sample 3(corrugated steel platealuminum foam combined sandwich structure composite
wall; aluminum foam thickness is limited to 5cm), sample
4(corrugated steel plate-aluminum combined sandwich
structure composite wall; aluminum foam thickness is
limited to 10cm).
(3) For experiments of explosion-proof, place a
rectangular structure wall with four samples, and observe
the deformation and elastic fracture of the sample by
detonating the experimental explosives at a height of 1
meter from the center point of the rectangular inner wall.
(4) Through simulation techniques, identify the
mechanism by which aluminum foam absorbs impulsive
forces to perform explosion-proof and bullet-proof, and
compare them with experimental results using real
explosives and debris.
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2.2. Explosion-proof and bullet-proof performance of
container boxes made of corrugated steel plates-aluminum
foam composite materials
Conform a rectangular structure wall as follow samples;
Sample 1(Single-corrugated steel plate wall), sample
2(Double-corrugated
steel
plate
wall),
sample
3(Corrugated steel plate and aluminum foam sandwich
complex material wall, aluminum foam thickness 5cm),
sample 4(Corrugated steel plate and aluminum foam
complex material wall, aluminum foam thickness 10cm).
The results of the explosion of the experimental explosive
at a height of 1-meter from the central point of the
rectangular inner wall are as follows.

2.1. Characteristics of a terrestrial ammunition depot
using corrugated steel plates in military
Current research data confirmed that the earth sheltering
type ammunition depots which consist of corrugated steel
plates are superior to normal reinforced concrete ground
cover type ammunition depots as shown in the table below.
sort

○

3. Conclusion
In this research, we validate the explosion-poof and bulletproof performance by varying the thickness of aluminum
foam (0cm,5cm,10cm) on single-corrugated steel plates
and double-corrugated wave steel plates. As a result of
verification, composite materials with corrugated steel
plates-aluminum foam combined material which thickness
is 5cm or more were found to be superior in protection
performance, durability, eco-friendliness, and maintenance
compared to conventional reinforced concrete.
Furthermore, it would be effective to apply not mobile
protection facilities but also earth-sheltered ammunition
depots, artillery positions, and shelters in the military.
4. Acknowledgement
This study has been performed by the support from Seoul
National University of Science and Technology.

Pyun
gsan
SI,
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Abstract
This study aimed to measure the electromagnetic wave shielding performance of porous aluminum foam to provide a
container box made of corrugated steel plate and aluminum foam composite material as a mobile or fixed EMP and
TEMPEST facility. It is verified whether shielding effectiveness(SE) 80dB by MIL-STD 188-125-1 is satisfied by
applying corrugated steel plate and aluminum foam as shielding materials for the new HIGH-ALTITUDE
ELECTROMAGNETIC PULSE (HEMP) protection facility. Existing container boxes using urethane foam for insulation
have the advantage of low manufacturing cost and easy manufacturing, but are susceptible to fire. Aluminum foam is
non-flammable and has a porous structure. Thus, it has excellent performance of sound and heat insulation. In addition,
aluminum foam can shield electromagnetic waves due to its high electric conductivity. Aluminum foam can also absorb
the impact applied to the outer wall of the container box made of corrugated steel sheet. The porous aluminum foam is
light enough to produce mobile protective facility. In other words, it is possible to achieve explosion-proof, bullet-proof,
heat insulation, sound insulation, and electromagnetic wave shielding at the same time by attaching aluminum foam inside
the corrugated steel plates for mobile protective facility as a structure of container box. Point of Entry (PoE) is created on
the protection wall due to the electric wires, communication cables and ventilation ports which are installed in complex
protection facilities. However, the aluminum foam installed inside the wall could be a passage through which
electromagnetic waves pass through, so the aluminum foam could absorb electromagnetic waves or scattered inside. It is
expected that the aluminum foam contributes to the EMP and TEMPEST shielding. Since electromagnetic wave is
composed of electric and magnetic fields, metallic aluminum having excellent conductivity can absorb electric field
components. In addition, the open-cell structured aluminum foam can react to an electric field in a wide frequency range
because the cells are intricately entangled.
Keywords: Corrugated steel sheet, Aluminum foam, electromagnetic shielding, HEMP

develop non-nuclear EMP weapons with their own
technology to carry out terrorism, South Korea must
also establish a protection system against EMP attacks.
In addition, equipment that can generate EMP with
low power is becoming so compact that it can be easily
purchased and portable by individuals through the
Internet. Therefore, preparations for small-scale nonnuclear EMP terrorism need to be prepared as well. In
preparation for this threat, the U.S. established EMP
protection standards for MIL-STD-188-125-1, MILSTD-188-125-2 to provide installation standards for
fixed facilities and transportation systems, and Korea
also applies them. Most studies of EMP shielding
facilities include concrete structures [Kim, Waedeuk
(2016), concrete and steel fiber mixing structures (Min,
Tae Beometal, 2018), hard urethane (Hao-Kai Pengetal,
2018), titanium (P.S. Lietal, 2016), galvanized plate
and copper concrete. Such research is developing with
the development of various materials, and the facilities
applied include concrete structure internal facilities,

1.Introduction

Tensions between South Korea and neighboring
countries have been escalating recently due to North
Korea's continued nuclear tests and missile launches.
Through additional nuclear tests and missile launches,
North Korea has improved its nuclear weapons level by
increasing its nuclear capabilities and testing of nuclear
explosions in the atmosphere, increasing the possibility
of an EMP attack in South Korea. For example, North
Korea has intensively developed asymmetric strategic
weapons, including its sixth nuclear test and infinite
orbital mobile projectile tests, and claimed to have
strong EMP attack capabilities by detonating hydrogen
bombs at high altitudes on September 9, 2017. This is
not a nuclear provocation intended to kill lives, but
rather an EMP attack capability that can destroy
infrastructure
systems
such
as
electricity,
telecommunications and finance. In addition,
considering the possibility that nuclear powers other
than North Korea, such as Russia, China, and India,
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existing facilities internal facilities, underground
protection facilities, small cabinets protecting mobile
facilities and electronic facilities and devices, and
protection boxes.
Most of the preceding research is for EMP protection
only. In reality, however, enemy attacks and terrorism
are mostly bomb and shell attacks. EMP protection
facilities must have explosion proof in order to
maintain their function. That is, the reasonable design
basis for modern protection structures, the concept of
composite protection (Sungkon Kim, 2018), should be
applied, and it should be made of lightweight materials
to facilitate movement. Therefore, to improve the
electromagnetic wave protection of facilities and EMP
protection, we improve the stability of container box
electromagnetic wave protection with proven
protective wave steel plates (Shin, Ick Soon, 2010) and
aluminum foam (Zheng Suetal, 2010) with lightweight
materials. This study aims to contribute to the
development of mobile computerized Shelters with
EMP protection by identifying EMP conductive
penetration and radiative penetration of aluminum
foam composite container boxes with fast energy
absorption and delivery and excellent insulation and
electromagnetic shielding performance.

information given in the Explosive Thermal Effects
Characteristics Table of (UFC3-340-02).

: Effective Weight of Applied Explosives
: Explosive Heat of Applied Explosives
: TNT Explosion Heat
: Weight of Applied Explosives

(2) The computational numerical analysis model was
prepared as a three-dimensional numerical analysis
model according to the distance dropped.
(3) The interaction between Lagrangian elements and
Eulerian elements (TNTs) is expressed using constraine
Lagrange in solid.
(4) Non-reflecting boundary conditions are applied to
the four sides and upper sides of the air part to prevent
pressure wave reflection.
(5) The elements and characteristics of each member
were carried out by the fact that the elements of the 8th
section of the structure were solid elements.
2. EMP Shielding Performance Experiment
The EMP shielding performance experiments were
conducted by applying MIL-STD-188-125 and IEEESTD-299 to measure radiative shielding performance.
(1) Selection of measurement location
We select the location of the measurement, assuming
that the location where the openings (windows, doors,
etc.) that have the greatest impact on EMP radiative
penetration will be the most vulnerable from the EMP
threat.
(2) Measuring equipment and specifications
The attenuation effect measurement method was used
to measure radiative environment attenuation using the
methods presented in MIL-STD-188-125 and IEEESTD-299 standards. Shielding performance refers to
the difference between signals received when there is
no shielded box and signals received when there is a
shielded box. In addition, the blocking performance is
expressed in decibels (dB) and is expressed as the ratio
of the reference signal level and the measurement
signal level recorded in the calibration procedure. That
is, the degree of attenuation of the signal with or
without a building, and the formula for shielding effect
is as follows.

2. Methodology
To verify protective performance, numerical analysis
programs are used and experiments are conducted to
verify EMP shielding performance.
1. Explosion Load Modeling
Computer programs used for numerical analysis of
protected structures under heavy pressure are classified
into rigid and fluid field analysis, and the combination
of the two is called Coupled analysis. Coupled analysis
can model the thermal pressure and the ground together
and interpret the action of the structure through
computational numerical analysis in which fluids and
structures work together, but it is done with rigid
analysis due to the disadvantages of modeling
refinement
and
time-consuming
numerical
interpretation. Commercial software that is widely used
for these computerized numerical interpretations
include AUTODYN, DYNA3D, LS-DYNA, and
ABACUS. Among these programs, a computational
numerical model was created using LS-DYNA, one of
the software utilized in defense and construction, and
two-material combined feature modeling of wave steel
sheet aluminum foam data was analyzed for explosive
loads.

SE= 20 log (

𝑣𝑐

𝑣𝑚

)

𝑣𝑐 ∶ Reference Signal Level

(1) Explosion load calculation
Theoretical computation methods for unconstrained
explosive effects are converted to equivalent TNTs
(TNT Equity of Explosives) by applying the

𝑣𝑚 ∶ Measurement Signal Level

(3) Measuring equipment
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Equipment required to measure the blocking
performance for frequencies is divided into signal
generators, signal receivers, signal amplifiers, and
antennas.
The above equipment must have sufficient dynamic
range to measure the blocking performance, which
means the region of amplitude over which the receiver
system operates linearly, and is expressed by the ratio
of the reference signal level to the noise signal level of
the equipment.

[6] Rajeev Kumar et al (2020), L”ightweight open cell
aluminum foam for superior mechanical and
electromagnetic interference shielding properties”
[7] Haokai Peng et al (2019), “Study on preparation,
sound absorption, and
electromagnetic shielding effectiveness of
rigid foam composites”
[8] Xuezhong Wen et al (2019), “Preliminary study on

𝑣𝑐

shielding performance of debris shield with the rear wall

DR= 20 Iog(𝑣 )
𝑛

combining light materials and an aluminum plate”

𝑣𝑐 : Reference Signal Level
𝑣𝑛 : Noise signal level

[9] Congzhen Wang et al (2019), “Compression and
electromagnetic shielding properties of CNTs reinforced
copper foams prepared through electrodeposition”

3. Conclusions

[10] Hyun-Jun, Choi et al (2019), “An Experimental

The composite material of the wave steel plate and
aluminum foam is thin and functions as a sacrifice
member with ductile steel, and the three-dimensional
numerical analysis confirmed the level 3 protection
performance. The electromagnetic shielding effect is 80
dB, which meets the criteria of MIL-STD-188-125-1.
Subsequently, a study on the condition MIL-STD-188125-2 is needed to develop materials to improve
protective performance against the tyranny of the
compound protection concept and to facilitate the
movement of tactical command stations.
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Abstract
It has been developed a lightweight protective composite material composed of corrugated steel plate and porous
aluminum foam (sponge shape) that can prevent pressure, debris, noise, heat, moisture, electromagnetic waves, etc., while
having light and tough structural characteristics. Despite the public consensus on the need for protective facilities and
shelters for war, terrorism, and disaster preparedness, the reason for the delay in its expansion is due to the high cost,
relatively long construction period, and above all, once built, it lasts for several decades or more and it is difficult to move
to another place. Therefore, protective maneuvered combat service support in conjunction with the speed of operation
must be made in order to achieve various successful military operational objectives. In recent years, negative perceptions
about the shooting range are spreading due to the occurrence of civilian damage caused by a stray bullet(ricochet) outside
the military shooting range. This study focused on multi-functional lightweight protective composite materials as an
alternative that can meet various purposes, such as protection facilities, shooting ranges, shelters and mobile military
facilities, while saving cost and time during installation, disassembly, movement, and operation. The use of wood,
polymer, and ceramic was excluded for its poor flame retardancy and structural properties. On the other hand, aluminum
foam was selected as the matrix of the composite material in consideration of its light weight and low cost. In order to
reinforce the mechanical strength of the aluminum foam, a composite plate of a sandwich structure which corrugated steel
sheets were placed in front of and behind an aluminum foam was manufactured.
In this study, the sound insulation characteristics were mainly tested for the military's indoor shooting range and mobile
military facilities, and the results of measuring the thermal insulation characteristics, targeting the lining material that
prevents condensation in the underground ammunition storage, will be presented.
Keywords: shooting range, lightweight protection, composite materials, aluminum foam, corrugated steel
foam, a sandwich structure composite sheet with
corrugated steel sheets was fabricated. Waveform steel
sheets are lightweight, durable, and can prevent pressure,
debris, heat, moisture, electromagnetic waves, etc., and
are being used in various structures such as bridges,
pioneering tunnels, ecological tunnels, soundproof
tunnels, and military facilities. In this study, noise
blocking characteristics were mainly experimented with
the goal of the military indoor shooting range, and
insulation characteristics were studied with the aim of
light materials that block condensation of underground
magazines and mobile military facilities.

1. Introduction
The military conducts various operations to protect the
state, and in order to successfully carry out such
operations, combat service for operations in connection
with operational speed must be provided. In order to
succeed, mobile military facilities are needed to provide
combat services in line with operational speed. Using
these military facilities, training and practice such as
acquisition and exercise of combat power necessary for
operation, shooting for maintenance, unit movement,
facility relocation can be do. To support such training, it is
necessary construction material to build a military facility
that is light and durable, and can prevent noise and
condensation. In this study, aluminum foam was selected
as a base material for composite materials as a structure
material that can operate various successful military
operation policies such as military defense facilities,
shooting range, shelter, and Mobile military facilities. The
light weight material with a superior aluminum is the
property of matter and mechanical performance. It is one
of the materials that can be applied to various fields such
as heat transfer, impact absorber, soundproof material, etc.
In order to reinforce the mechanical strength of aluminum

2. Research method
2.1. Research model
The composite materials used in this study were
fabricated by arching the sandwich structure of 100mm in
aluminum foam thickness, 10mm in waveform steel sheet
thickness, 5*3m in length and 3m in height.
2.2. Noise blocking research method
In order to understand the characteristics of firearms noise
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sources, noise was measured based on the interval of 45
degrees in 10m units, and noise delivered at intervals of
20 ~ 30m in the near range and 100 ~ 200m in the distance
was measured considering the conditions of the shooting
range. In the long distance measurement, it was divided
into shooting range without soundproof wall, shooting
range with soundproof wall, and indoor shooting range.
The noise reduction device for firearms was not installed
and measured. The noise measurement was measured
using Sound Level Analyzer (SLA301, A.S.T, Germany).
The noise measurement was measured using two
microphones to measure the noise of different sound
pressure regions.

expected to be much reduced compared to existing indoor
shooting range.
3.2. Prevents condensation Conclusions
In order to successfully carry out military operations, the
military has designed and constructed underground
magazines in order to prepare for the risk of various
maneuverable command posts, combat services facilities,
ground-type magazine, and to block complaints in
residential facilities. However, as mentioned above,
condensation has a fatal negative impact on combat
services due to condensation. Ammunitions lead to
corrosion and performance deterioration, which causes
shorter replacement cycles and increases the economic
burden on the budget management of the military. To
solve these problems, this study presented the results of
making light materials that can prevent condensation
through the above dew condensation prevention research
method and measuring the insulation characteristics. As a
result of simulation, the entire internal surface
temperature distribution was below 19 ℃ as a result of the
simulation of the distribution of the surface temperature
of the tent type command, shelter vehicle, and magazine,
which are currently in operation, and it was found that the
dew condensation occurred in the bottom and inside due
to the low temperature distribution of the bottom and
inside due to the actual dew condensation temperature. As
the simulation results show, when lightweight composite
materials were installed on the inner wall of mobile
military facilities and magazine, there was no
condensation compared to existing mobile military
facilities and magazine. Therefore, it is expected that it
will be easier to reduce and manage the budget between
management and maintenance than existing facilities
through comparison with existing facilities in the future.

2.3. Prevents condensation research method
The characteristics of underground magazines and mobile
military facilities currently in operation were identified
through analysis of existing research data. In addition, the
thermal performance and internal mechanism were
analyzed by modeling the plate based on the standard
diagram, and the air flow phenomenon by CFD
(Computational Fluid Dynamics) was identified. The
natural convection analysis was performed through the
numerical analysis model, and the results of the study
were presented based on the simulation results. The
SRAR -CCM+3.02, a fluid analysis program widely used
in the field of computer fluid dynamics between the
studies, was used to predict the internal thermal
environment considering the surrounding terrain where
emission and mobile military facilities are installed. The
average weather value of May in Paju area for 30 years
was applied as the external condition of simulation.

(a) igloo type magazine
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Abstract
The old surveillance mission, which humans see and seek for the protection of bases and borders, was developed into a
scientific surveillance system by reducing errors and improving the quality of surveillance with the help of scientific
technology such as CCTV, radar, and sensors. Currently, the need for military bases and border surveillance systems is
increasing, and the number of uses is also expanding. However, there have been several cases of physical overcoming
surveillance systems or monitoring failures due to user negligence and technical limitations, and the trend of technological
advances has led to increased functionality such as detection, identification rate, detection object tracking, and enhanced
object classification. Typically used in the military, the surveillance system consists of a detection system that checks for
intrusion of fences in addition to a surveillance system that detects objects in image (video) format, and a control system
that alerts users. However, several studies have been conducted to overcome the following limitations of existing systems:
First, the surveillance system is limited in observation and tracking of camera blind spots, and its use is limited by weather
conditions such as fog. Second, detection systems have advantages and disadvantages depending on the type of sensor,
but there are problems such as installation restrictions due to terrain, excessive maintenance costs, and inaccurate
detection probability when using alone. Third, the control system has problems such as excessive alarms due to
environmental factors such as rain, snow, and wind, and mistaken alarms that recognize animals that do not require alarms.
In this article, we aim to improve the above problems and will present alternatives using wired and wireless drones, lidar
sensors, and AI analysis systems. Wired and wireless drones can be a good complement to solve the Surveillance dead
zone. To remove the camera dead zone, installing the camera in a high place is also considered, but restrictions such as
installing high-cost structures occur. However, drones enable surveillance of these dead zones and combine them with the
information reported by existing cameras to enable three-dimensional localization. In addition, the installation of a lidar
sensor on a wired drone not only contributes to the increase in surveillance camera accuracy, but also enables continuous
tracking of penetrated targets, which is a disadvantage of existing detection systems, and allows precise search of
penetration areas using wireless drones. Prior to the intrusion of the fence, all movements can be detected, and tracking
of multiple target movements becomes possible. Using an AI analysis system for this comprehensive information can
reduce excessive alarms due to environmental factors and misleading alerts due to animals.
Keywords: Intelligent Surveillance System, Wireless Drone, Lidar, Smart Military Base
Surveillance systems used in national critical facilities
or military bases include additional features as well as
general video surveillance systems. Due to the need for
alarms against intruders, intrusion monitoring systems
using various methods such as fiber optic, tension and
vibration sensors, lasers, and infrared have been added,
and are composed of integrated systems to effectively
inform users of various information (image + sensors).
For example, the GOP scientific surveillance system
currently installed at the border consists of a monitoring
system (near-range and medium-range camera), a
detection system (barbed-wire fence and an integrator are
over the wall), and a control system (system coordination
and control). (Figure 1)

1. Introduction
Existing surveillance by people was a field that needed
automation because the results varied depending on the
monitor's ability and work attitude, and it had to be
conducted 24 hours and 365 days. CCTV security control
and integrated control systems have been developed in the
private sector due to the distribution of CCTVs using CCD
devices, and scientific monitoring systems have been
introduced to enhance the surveillance capabilities of
national facilities, borders, and military units [1]. The
general monitoring system consists of video-based
surveillance such as CCTV and is developing into each
integrated system by adding different kinds of sensors
according to the type or purpose of surveillance.

228

excessive alarms through background subtraction [8] [9].
Studies are being conducted on surveillance systems
using AI, but they do not solve all the problems pointed
out as problems in the intrusion monitoring field. In the
private sector, where long-distance detection is not
required depending on the purpose, intrusion surveillance
is conducted through CCTVs, so research on intrusion
surveillance using sensors (excluding image sensors)
mentioned in this article is insufficient. However, research
on border surveillance systems is being conducted in
various formats. Distributed border surveillance (DBS)
systems based on wireless sensor networks have been
proposed [10], border surveillance using wired charging
drones [11], and surveillance of wireless charging patrol
drones [12] is also being studied. Although such various
studies are underway, it is not enough to meet the needs of
improvement in military bases, borders, and national
important facilities, where video surveillance, intrusion
surveillance and control systems are comprehensively
composed. Therefore, the comprehensive monitoring
system was conducted in this study.
In this paper, we design a 'smart military base'
consisting of wired drones and intelligent surveillance
systems including Lidar sensors. To control and monitor
dead zones where observation is restricted to existing
CCVT-based surveillance systems, we applied a method
to reduce the range of blind spots through stereoscopic
surveillance by adding images provided by drones to
CCTV images. And the use of wired drones does not affect
the drone's activity time. In addition, to supplement the
monitoring system for intrusion alerts currently in use,
Lidar sensors are used to detect movements around fences
in advance, and object tracking methods are applied
through interworking with detected information and
CCTV image information. Finally, the control system
analyzes CCTV video information and video information
provided by drones using AI analysis algorithms. Further
convergence of the signal information provided by the
Lidar sensor to these information enables accurate
tracking of objects.

Fig. 1 5th Division 'Smart Barbed-wire fence' Pilot Project Conceptual
Diagram.

Various aspects have been improved by the introduction
of scientific surveillance systems. The personnel on the
surveillance mission switched from outdoor outposts to
indoor monitoring missions, while some could enter other
missions. Targets that were identifiable according to
individual abilities have increased accuracy thanks to
science and technology, and video storage has been
possible, enabling real-time evidence collection and
future verification. In addition, it is possible to control
intrusion into the fences where sensors are installed and to
alert them for immediate action.
Currently, the scientific surveillance system has made a
lot of progress, but it is not complete. In general, cases of
surveillance failures are private, but border surveillance is
often made public through articles due to the importance
of the issue. Although the scientific surveillance system
was introduced, as seen in the wooden ship incident that
penetrated the Samcheok area and the incident of
defection in the 22nd Infantry Division surveillance area,
there was a warning failure. The cause of this is various
problems caused by equipment and users. There are also a
few problems with dual users that have been caused by the
mishandling of technical problems.
Several measures are being proposed to compensate for
the shortcomings of the scientific surveillance system, and
after the incident, several expert groups have mentioned
intelligent surveillance systems using AI as alternatives
[2]. Intelligent surveillance systems using AI are rapidly
evolving among technologies related to video surveillance
systems. As an alternative to continuous real-time
monitoring of users, intelligent monitoring systems such
as big data, artificial intelligence models, and neural
networks were presented [3][4], and deep learning-based
systems for improving object detection rates are also
being studied [5]. There are also developments in
algorithms [6] for detecting objects as humans and
algorithms for tracking [7], and studies to reduce

2. Methodology
The final purpose of this study is to verify the
performance of intelligent surveillance systems for 'Smart
Military Bases' proposed to supplement the current
scientific monitoring system. In order to verify the
effectiveness of the proposed system, the effectiveness of
CCTV camera surveillance improvement will be verified
by conducting independent CCTV line-of-sight analysis
and drone line-of-sight analysis (high-level measurement
to find the optimal height). In addition, the effect of
installing the Lidar sensor on the drone and the Lidar
sensor around the fence will be analyzed and the
penetration (or penetration attempt) movement around the
fence will be verified through actual experiments. Finally,
AI algorithms are applied to image information obtained
during surveillance and penetration detection tests to
verify the accuracy of detection.
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𝑃𝑟𝑒𝑐𝑖𝑠𝑖𝑜𝑛 =

𝑇𝑃
𝑇𝑃 + 𝐹𝑃

Precision is the ratio of what the system classifies as True
to what is True.

𝑅𝑒𝑐𝑎𝑙𝑙 =

𝑇𝑃
𝑇𝑃 + 𝐹𝑁

Recall is the ratio of what the system predicts to be true
among what is True.
Fig. 2 Conceptual Diagram of Existing Systems and Proposed Systems.

𝐹1 − 𝑆𝑐𝑜𝑟𝑒 = 2 ×

As shown in Figure 2, only CCTVs are installed for
existing systems, and wired drones are installed
additionally for proposed systems. It will also install
sensors such as optical fiber or infrared light on fences of
existing systems, and lidar sensors around drones and
barbed wire fences in proposed systems. In addition, the
control system of the proposed system includes AI
algorithms.
For the measurement of the experiment, artificial
penetration is described as follows. The weather
conditions are set to variable 1 and four types are set:
sunny, cloudy, rainy, and nighttime. The behavior
conditions are set to variable 2 to measure who runs, walks,
walks slowly, and crawls. Clothes are set to variable 3 to
set general attire and camouflage uniform.
Runs
Walks
Slowly
Crawls

Sunny

Cloudy

Rainy

Nighttime

G.A.

10times

10times

10times

10times

C.U.

10times

10times

10times

10times

G.A.

10times

10times

10times

10times

C.U.

10times

10times

10times

10times

G.A.

10times

10times

10times

10times

C.U.

10times

10times

10times

10times

G.A.

10times

10times

10times

10times

C.U.

10times

10times

10times

10times

1
1
1
𝑃𝑟𝑒𝑐𝑖𝑠𝑖𝑜𝑛 + 𝑅𝑒𝑐𝑎𝑙𝑙
𝑃𝑟𝑒𝑐𝑖𝑠𝑖𝑜𝑛 ×𝑅𝑒𝑐𝑎𝑙𝑙

= 2 × 𝑃𝑟𝑒𝑐𝑖𝑠𝑖𝑜𝑛 + 𝑅𝑒𝑐𝑎𝑙𝑙
F1-Score refers to the harmonic average of precision and
recall.
Artificial situation implementation cannot represent 100%
real-world situations, and the F1-Score method also has
problems with inflated results on unbalanced datasets [14].
However, enough penetration detection tests have been
conducted on various variables, and the F1-Score method
is currently used for system introduction evaluation, and
it is judged that there is no shortage to compare the
proposed system with existing systems.
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Abstract
As protection facilities are developed and advanced, human resources necessary to manage various areas of protection
facilities shall be specialized, and costs will increase significantly. The safety management system of protection facilities
can be supplemented if digital twin technology and VR technology are introduced to solve these real-world problems.
Digital twin means the same implementation of physical presence in the digital world. If virtual reality technology is
applied to these digital twin technologies, experts will be able to manage safety in places other than the field. In order to
efficiently manage the protection facilities and maintain the safety of the operators, the protection facilities were
implemented as digital twins and VR devices were used to establish a system that allows managers to manipulate the
functions of major devices in a virtual three-dimensional space. Hiring and operating managers with expertise in each
field is practically restricted to manage complex protection facilities equipped with EMP and chemical protection facilities
as well as power and communication systems. Therefore, by establishing a centralized management system that applies
remote control technology, experts such as electricity, plumbing, telecommunications, and facilities can play a role in
eliminating risks, regular inspections, and repairing failures of protection facilities without visiting each facility. Workers
at the site only need the ability to fulfill the instructions and advice of experts in each field remotely supported. If these
technologies are applied, it is expected to be effective to prevent accidents caused by carelessness or mistakes of workers
who lack expertise among safety accidents caused by various causes such as factories and power plants. In order to
remotely connect experts and workers in the field, digital twins for protection facilities are built in advance in virtual
reality, and the two are connected with real-time VR devices to support expert judgment (diagnosis and action) for
manipulating or responding to field workers. There are three ways to implement this: First, when workers at the site
receive instructions from experts to inspect the site and repair the broken area, the digital twin allows workers to receive
real-time support for digital manuals or virtual technical information to increase the efficiency of the work. At this time,
the expert relies on the operator's voice and two-dimensional images to support it. Second, the location, motion, and video
information of workers in the field are fused with the information in the digital twin, and the experts who confirm this
inform the workers of the information and manipulation tips via electronic manual. Workers wear work clothes with
motion sensors and helmets equipped with Lidar and cameras. At this time, experts rely on workers' voice, threedimensional images and movements to support them. Third, it is a system in which robots play the role of workers in the
field where people cannot enter. Like conventional workers, the robot's three-dimensional position, motion, and video
information are connected to experts through VR equipment, and the expert's movements are reproduced in the robot.
Keywords: Intelligent Surveillance System, Wireless Drone, Lidar, Smart Military Base
special fields, each expert is needed, which in turn leads
to an increase in administrative costs. The application of
digital twin technology can be a way to address this
problem.
Digital twin refers to the creation of digital replicas of
physical forms of real-world objects, sometimes defined
as intelligent technology platforms to optimize physical
targets by analyzing (semi) real-time targets and analyzing
situations for various purposes and predicting based on
mock results [2]. If this digital twin is mixed with
technologies such as artificial intelligence and big data, it
will be possible to manage the status quo and predict the
future of existing objects. It is currently being applied to
smart urban areas for new policies through manufacturing
and optimization, diagnosing and predicting machine
failures in aviation and power industries, providing

1. Introduction
The term "protection facilities" means facilities for
defense and protection against conventional explosives,
chemical and biological attacks or other dangers, and
when they are occupied or destroyed by enemies, major
industrial facilities, etc. [1] may be regarded as protective
facilities. The safety management system of protective
facilities can be divided into three parts: a boundary
system that controls the number of people invading from
the outside and a facility (building) management that
manages internal facilities. In addition, some national
critical facilities must have EMP protection and chemical
protection capabilities, and management needs arise to
maintain these capabilities. Current facilities also increase
the demand for relevant job knowledge as technology
advances. In order to manage these diverse fields and
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performance analysis and custom experience in
automobiles, personalized healthcare and monitoring, and
virtual urban models.
In Korea, research in building information modeling
department [3], case studies in building three-dimensional
spatial information for digital twin implementation [4],
development of digital twin-based disaster support
integrated platform technology [5], and research [6] to
realize smart cities are actively conducted. In addition,
digital twins were selected as the main projects of the
Korean New Deal project at the national level.[7], 3Dbased virtual Seoul, Jeonju-si Smart City, and digital twinbased fire disaster support integration platforms are being
promoted. Overseas, in addition to the aforementioned
various fields of research, green building management
systems are being studied for energy management and
environmental protection of buildings [8], and Cambridge
University in the UK is working on developing digital
twins at the building and city level [9]. However, research
for facility management of previously mentioned
protection facilities is insufficient, and research on
convergence of VR is in its early stages. Therefore, this
work deals with the security of possible safety
management schemes when combining digital twin and
VR technologies.
VR is a technology designed by Dr. Krugge in the mid1970s that allows people to experience real-life things in
the virtual world. Users can experience a virtual world
while their view from the outside is blocked using HMD
(Head Mounted Display). Virtual reality technologies are
currently used in surgical and anatomical exercises in
medicine, and in flight control training in aviation and
military. If VR's advantages of being able to escape from
spatial constraints and digital twin technology that
implements the same virtual space as reality are combined,
various uses will be possible. In particular, it is a
significant benefit in the field of facility management that
personnel who need expertise can directly and indirectly
manage the facility using VR in their workplaces without
visiting the facility directly.
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Abstract
Tests on 15 SHS columns were carried out in this study, where the width-to-thickness ratio, axial force ratio and loading
history are the main parameters. The loading histories consisted of monotonic loading and several small amplitude
loadings, which is aimed to clarify the strength deterioration behavior and the deformation capacity of columns under
small amplitude loading. Local buckling was observed for all the specimens in the experiment. A concept of stability limit
that can represent the beginning of the rapid deterioration behaviors was proposed based on the axial deformation in
flange in the local buckling region. It was found that the deformation in the local buckling region and the strength
deterioration increased sharply and simultaneously after reaching the stability limit. The prediction methods for the value
of the stability limit and the number of cycles when reaching the stability limit were also proposed, which were proved to
be with good prediction accuracy.
Keywords: SHS column, Cyclic loading test, Small amplitude, Local buckling, Deformation capacity
are measured to figure out the cyclic behavior of the
columns, as shown in Figure 2. Displacement transducers
were set at a distance of 1.25B (B is column width) above
the lower end of the specimen. The rotation angle, θb, and
the axial deformation of the flange, b, of the local
buckling zone can be subsequently calculated with the
measuring data through Eqs. (1) and (2), respectively.
d d
(1)
b  2 1
Lb
d d
B
(2)
 b  1 2  b
2
2

1. Introduction
Structural components can be subjected to a large number
of cyclic small amplitude loadings under long-duration
earthquake excitations. The case was paid little attention
in most traditional studies, which seemed to be inadequate
to represent different seismic loading cases. Square
hollow section (SHS) columns are widely used in lowand middle-rise steel structures in Japan. Lower ends of
columns of first story would form plastic hinge under
severe earthquake, even though the “strong column-weak
beam concept” was adopted in the design. To clarify
deformation capacities and hysteretic behaviors of SHS
columns under cyclic small amplitude loadings, tests on
15 SHS columns were carried out in this study, where the
width-to-thickness ratio, axial force ratio and loading
history were the main test parameters.

3. Outline of the test results
All of the specimens failed due to local buckling. The
extended skeleton curves (Yamada 2018) for some
representative specimens (□175×175×9, P/Py =0.3)
were shown in Figure 3 compared with the
moment-rotation angle relationship for monotonic
loading. The progress of the axial deformation of the
flange in the local buckling zone was also shown for the

2. Test plan
Cold-roll-formed SHS columns (BCR295 steel grade)
were tested, the shear span of which was 860 mm. The
tensile coupon test results of the flat part of SHS column
with JIS-1A testing sample (JIS Z 2241) wasN shown in
Table 1 together with the list of specimens. Four different
width-to-thickness ratios were employed,Pin
i.e., 19.4, 22.2,
29.2 and 33.3. The axial force ratios were designed from
0.15 to 0.35. The loading amplitude ranged from 0.0071
to 0.0141 for specimens under cyclic loading.
The test setup was the same in a previous study (Ishida
2021). Lateral load and constant axial load were applied
to the specimen as cantilever loading system and lateral
+
- of column
loading was controlled by the rotation angle
end θ, as shown in Figure 1. The axial deformation of the
flange, b, and the rotation of the local buckling region, θb,

N

Target is connected to a stud
bolt welded to the center of
the column web.
860 mm

Q

θ

d1

M

Figure 1. Loading
condition
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LLbb
Stud
bolt

B

d2

b

: Disp. transducer

b

b

1.25B
B

B

Figure 2. Measuring system in the
local buckling region

specimens, as Figure 4. θs stands for the cumulative
rotation angle of the extended skeleton curve.
The extended skeleton curves and the deformation
progress showed quite different trends against the
relationships for monotonic loading. With the decrease in
the loading amplitude, the difference becomes more
obvious.

loading, the regular patterns of deformation progress can

M [kNm]

After the stability limit

200
150

4. Proposal of stability limit
The progress of the axial deformation in the flange in the
local buckling region b was closely related to the strength
deterioration of the columns, as shown in Figures. 3 and 4.
In particular, when the b under cyclic loading exceeds the
b,cr, which represents the b when reaching the maximum
strength under monotonic loading, the strength
deteriorated significantly, as schematically illustrated in
Figure 5. Therefore, at the point of b under cyclic loading
reaches the b,cr of the monotonic loading test result, it is
defined as the stability limit. The applicability of the
concept can also be verified with Figures 3 and 4.

1.5pc
1.75pc

100

50
0

2pc
Monotonic
0

Mpc

s [rad]

1

2

3

Figure 3. Comparison of the extended skeleton curves

b [mm]

After the stability limit
Stability limit

80

5. Evaluation of deformation capacity to the stability
limit
5.1 Modeling concept for prediction methods of the
stability limit
The modeling concept for prediction methods of the
stability limit is introduced in this part. By comparing the
relationship between the axial deformation in the flange
of the local buckling region, δb, and the number of cycles,
N, for all the specimens under cyclic constant amplitude

2pc

Monotonic

60

1.75pc

40
20
0

1.5pc

s [rad]
0

1

2

3

Figure 4. Progress of the axial deformation of the
flange of the local buckling zone

Table 1. List of the specimens
y

u

Loading history

Loading
amplitude

Monotonic

n/a

n/a

Const. amp. 1.5θpc

0.0106

234

Const. amp. 1.75θpc

0.0123

52

Const. amp. 2.0θpc

0.0141

24

Monotonic

n/a

n/a

Const. amp. 1.5θpc

0.0117

52

Monotonic

n/a

n/a

Const. amp. 1.0θpc

0.0071

283

C1.5_29.2_0.3_4.9

Const. amp. 1.5θpc

0.0106

1

M_22.2_0.35_4.3

Monotonic

n/a

n/a

Const. amp. 1.5θpc

0.0085

284

C2.0_22.2_0.35_4.3

Const. amp. 2.0θpc

0.0123

21

M_33.3_0.2_4.3

Monotonic

n/a

n/a

Const. amp. 1.5θpc

0.0085

168

Const. amp. 2.0θpc

0.0117

3

Specimen

B/t

P/Py

[N/mm2]

[N/mm2]

e

M_19.4_0.3_4.9
C1.5_19.4_0.3_4.9
C1.75_19.4_0.3_4.9

19.4

0.3

383

425

0.58

C2.0_19.4_0.3_4.9
M_29.2_0.15_4.9
C1.5_29.2_0.15_4.9

29.2

0.15

391

454

1.15

M_29.2_0.3_4.9
C1.0_29.2_0.3_4.9

C1.5_22.2_0.35_4.3

C1.5_33.3_0.2_4.3

29.2

22.2

33.3

0.3

0.35

0.2

391

392

345

454

430

403

C2.0_33.3_0.2_4.3

1.33

0.81

1.39

Ncr

Notes: B/t: Width-to-thickness ratio; P/Py: Axial force ratio; y: Yield stress;u: Tensile stress; Ncr: Number of cycles to the stability
limit, defined in Section 4; θpc: The calculated elastic rotation angle corresponds to the plastic moment considering the effect of axial
force.
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be summarized as follows: Before the stability limit, δb
developed linearly since the second cycle; The
deformation increment of the first cycle was larger than
the subsequent cycles before stability limit, as shown in
Figure 6. δb,0 is the axial deformation in the flange of the
local buckling region for the first cycle. Δδb is the total
axial deformation increment in the flange of the local
buckling region from the second cycle to the stability limit,
which is the difference of b,cr and δb,0.
The regular pattern for the development of δb before the
stability limit for specimens under monotonic loading was
illustrated as Figure 7. The relationship between δb and
rotation angle θ can be regarded as approximately linear
before the stability limit, which is applicable for all the
specimens under monotonic loading in this study. For
specimens under cyclic loading, when the rotation
amplitude was known, the value of δb,0 mentioned above
can be obtained with b,cr and θm directly, where θm stands
for the rotation angle corresponding to the maximum
strength for specimens under monotonic loading.

 b,cr 10.23
(3)

 2.86
B y
e
In previous study (Akiyama 1987), prediction method on
θm was also investigated, similar independent variables
were chosen in this study. The dependent variable θm
normalized with θp, where θp is the calculated elastic
rotation angle which corresponds to the plastic moment
without considering the effect of axial force. A regression
function with high goodness of fit (R2=0.95) can be
obtained for the variables above, as shown in Figure 9 and
Eq. (4). The value of δb,0 for one specific loading can be
Test data
Model concept

b

Stability limit

b,cr

Linear

Δb

b,0

5.2 Prediction for the value of b,cr
The equivalent standardized width-to-thickness ratio, e,
proposed by Yamada et al (Yamada 1993) was employed
to consider the influence of width-to-thickness ratio, axial
force ratio and yield stress. To figure out the influence of
the different parameters on the value of the stability limit,
a regression function with high goodness of fit (R2=0.935)
was obtained based on the experimental data for
specimens under monotonic loading, as shown in Eq. (3)
and Figure 8. The legends for each series of specimens
were shown in Table 2, which will be employed through
this article. The parameters were chosen based on the
ultimate strain prediction method for stub columns under
monotonic uniaxial loading (Yamada 1993).

1

N

Ncr

Figure 6. The simplified deformation progress of δb for
specimens under cyclic loading
b

Test data

b

Model concept

Stability limit b,cr

b,0



m



Figure 7. Simplified deformation progress of δb before the
stability limit for specimen under monotonic loading
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Figure 8. The relationship between (δb,cr/B)/ εy and 1/αe

Figure 5. Definition of the stability limit
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calculated with Eqs. (3) and (4) based on Figure 7.
m
(4)
 1.03 ( e L / B )  8.66
p
5.3 Prediction of Ncr for specimens under cyclic loading
It’s of significance to have a general idea when the value
of b reaches the stability limit point for SHS columns
under cyclic loading. To reach this goal, the method to
predict number of cycles until reaching stability limit, Ncr,
is investigated in this part.
From the test results, b is in a linear relationship with the
number of cycles since the second cycle. The normalized
increment rate of Δb. and normalized rotation angle
could be represented in the form of power function with a
high goodness of fit (R2=0.87), as shown in Figure 10 and
Eq. (5). As mentioned in 5.2, Δb is predictable based on
the predicted δb,0, as shown in Eq. (6).
 b
5.36
  
N cr
(5)
 0.0079 
  
B y
 pc 

(6)
 b   b,cr   b,0 = b,cr    b,cr
m
With the prediction methods above, the values of Ncr for
specimens under cyclic constant amplitude loading can be
predicted with only basic information of SHS columns,
loading condition, material property and loading history.
The experimental and predicted Ncr are compared in
Figure 11, which showed acceptable accuracy.
6. Conclusions
Loading tests have been carried out on SHS columns
under small amplitude loading. It was found that the
extended skeleton curve showed quite different trends
against the moment-rotation angle relationship. The
strength deterioration behavior was found to have close
relationship with the deformation progress in the flange of
local buckling zone. The concept of stability limit was
proposed based on the phenomena. In addition, the
methods to predict the value of the stability limit and the
number of cycles to the stability limit for specimens under
cyclic constant amplitude loading were also proposed.
Good prediction accuracy can be obtained for the
proposed methods in this study.
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Abstract
In most design specifications, the design of the web panel for the horizontally curved plate follows the design of the
straight plate girder. However, the elastic shear buckling of the horizontally curved plate girder and the straight plate
girder is different. First, the elastic shear buckling of the horizontally curved plate girder is affected by the curvature
coefficient as well as the aspect ratio and the boundary conditions of the 4 edges of the web panel. The second is that the
elastic shear buckling strength of the horizontally curved plate increases with increasing curvature. Therefore, to analyze
the effect of the curvature on the elastic shear buckling, parametric numerical analysis is performed according to the
curvature coefficient. As a result of the numerical analysis, the design method of the straight plate girder was
underestimated by about 25% by ignoring the rigidity of the flange and by about 10% by ignoring the effect of curvature.
Therefore, proposing the shear buckling coefficient considering the flange stiffness and the curvature effect is proposed
through further study, the design of the horizontally curved plate girder will be reasonable.
Keywords: horizontally curved plate girder, curvature coefficient, elastic shear buckling, shear buckling coefficient
curved girder. The numerical analysis was performed
using the curvature coefficient of the 2-axis symmetrical
horizontally curved plate girder as a parameter. The effect
of the curvature coefficient was quantitatively compared
according to the mode shape and the shear buckling
coefficient.

1. Introduction
Analysis and experiments on the horizontally curved
girders have been conducted since the 1970s. Batdorf
(1947), Stein and Yager (1949) made shear studies on the
horizontally curved girders. They described the elastic
shear buckling of the cylindrical panels with the stiffener
designs by deriving equilibrium equations for the
cylindrical panels using the finite difference method.
Mariani et al. (1973) conducted a study on the cylindrical
panels designed with multiple vertical stiffeners to
provide optimal vertical stiffener spacing. Han et al. (2004)
was performed on the plate simply supported on the four
edges according to the curvature coefficient of the plate.
In the above studies, it was found that the elastic shear
buckling strength of the curved plate increased under the
influence of the curvature, unlike the straight plate. And,
it was said that the effect of curvature on the shear
buckling coefficient, which evaluates the elastic shear
buckling strength, should be considered.
The design guideline of the horizontally curved girder,
such as the HEPC (Hanshin Expressway Public
Corporation's Horizontally Curved Girder Bridges) and
AASHTO (AASHTO Guide Specifications for
Horizontally Curved Highway Bridges), the design of the
horizontally curved web panel follows the design of the
straight girder. Therefore, the web panel design of the
horizontally curved girder does not consider the effect of
curvature, so it is a conservative design. This study aims
to quantitatively evaluate the effect of curvature on elastic
shear buckling of the 2-axis symmetric horizontally

2. Numerical analysis
Linear analysis of the finite element program ABAQUS
6.18 is used to predict the elastic shear buckling of the 2axis symmetrical horizontally curved plate girder. The 4node shell element (S4R) is used for the modeling and
analyzing web panel. This 4-node elastic element (S4R)
can simulate membrane and flexural behavior. This
element also has three rotation degrees and three
translation degrees of freedom at each node.
The numerical analysis model considers the horizontally
curved plate girder of the web panel between the vertical
stiffeners, as shown in Fig. 1. The vertical stiffeners are
not simulated in the numerical analysis model by
constraining the boundary conditions in the out-of-plane
direction of the Edges 1, 2, 5, 6, 7, and 8, where the
vertical stiffeners meet the flange and the web panel,
respectively. Edges 3 and 4 between the flange and the
web panel are not constrained to be elastically constrained
according to the geometrical properties of the flanges.
Point 9 is constrained by the drilling degree of freedom to
prevent singularities.
The loading applied to the numerical analysis model is
assumed to be uniformly distributed in the tangential
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(a) 𝑡𝑓 =1mm, 𝑐=0.1

(b) 𝑡𝑓 =1mm, 𝑐=1.0

(c) 𝑡𝑓 =9mm, 𝑐=0.1

(d) 𝑡𝑓 =9mm, 𝑐=1.0

direction of the curvature. Therefore, the loading (𝑉 ) is
applied to the interface, as shown in Fig. 1, to distribute
the loading evenly.
Table 1. Boundary conditions of the numerical analysis.
𝑈𝑅
𝑈𝜃
𝑈𝑍
𝜃𝑅
𝜃𝜃
𝜃𝑍
Edge 1, 2
1
0
0
0
0
0
Edge 3, 4
0
0
0
0
0
0
Edge 5, 6, 7, 8
0
0
1
0
0
0
Point 1
0
1
1
1
0
0
Note: 𝑈𝑅 , 𝑈𝜃 and 𝑈𝑍 are translation;
𝜃𝑅 , 𝜃𝜃 and 𝜃𝑍 are rotation in the 𝑅, 𝜃 and 𝑍 direction,
respectively; 0 denotes free and 1 denotes restraint DOF

Fig. 2. Buckling mode shape of the numerical
analysis model with a/D=1 and 𝑏𝑓 =200mm
in the web panel, and torsion occurred in the flanges.
However, in Fig. 2(c) and 2(d) where the flange thickness
(𝑡𝑓 ) is 9 mm, the elastic shear buckling occurred in the
web panel, but no torsion occurred in the flange. As
described above, it is found that the mode shape changes
according to the flange thickness ( 𝑡𝑓 ) rather than the
curvature coefficient (𝑐).
Fig. 3 shows the shear buckling coefficient (𝑘) of the web
panel according to the curvature coefficient (𝑐). When the
flange thickness ( 𝑡𝑓 ) is 9 mm, the shear buckling
coefficient (𝑘) increases significantly more than when the
flange thickness (𝑡𝑓 ) is 1 mm. In addition, it shows an
increasing trend as the curvature coefficient (𝑐) increases.
As in the design specification, the elastic shear buckling
strength of the curved plate girder is a conservative design
method that ignores the flange stiffness and the curvature
of the horizontally curved plate girder. In this way, in
designing the horizontally curved plate girder according
to the design specification, the underestimated strength is
shown in Fig. 4. It is expressed in (%) according to the
curvature coefficient ( 𝑐 ). Depending on the flange
thickness (𝑡𝑓 ), it is underestimated by about 25%. And it
shows an underestimation of up to 10% by ignoring the
curvature effect. As such, the effect of curvature as well
as the stiffness of the flange on the elastic shear buckling
of the horizontally curved plate girder according to the
shear buckling coefficient ( 𝑘 ) can be quantitatively
analyzed. Based on this, proposing the elastic shear
buckling strength equations considering the effect of
curvature, the design of the web panel of the horizontally
curved plate girder will be reasonable.

The curvature of the horizontally curved plate girder is
considered using the curvature coefficient (𝑐) by Nakai et
al. (1981). The curvature coefficient (𝑐) is defined as
𝑐=

𝑎2
8𝑅𝑡𝑤

≤ 1.0

(1)

Where 𝑎 = transverse stiffener spacing; R = radius of
curvature; and 𝑡𝑤 = thickness of the web panel. Nakai et
al. (1981) analyzed the geometric data of the curved
bridges by the curvature coefficient (𝑐). All analyzed the
curvature coefficient (𝑐) of the curved bridges are in the
range of 1 or less.
In the cross-section of the numerical analysis model,
factors affecting the elastic shear buckling (thickness of
web panel (𝑡𝑤 ), depth of web panel (𝐷 ), and width of
flange ( 𝑏𝑓 )) are fixed as 3mm, 600mm, and 200mm,
respectively. However, the flange thickness ( 𝑡𝑓 ) is
analyzed according to the stiffness of the flange with two
thicknesses are 1mm and 9mm. And, the curvature
coefficient (𝑐) is considered from 0.1 to 1.0, and the radius
of curvature (𝑅) is calculated in Eq. (1) and reflects in the
numerical analysis model.
3. Discussion
Figs. 2(a) ~ 2(d) show the elastic shear buckling mode
shape of the numerical analysis model with an aspect ratio
(𝑎⁄𝐷 ) of 1. Figs. (a) and (b) show the flange thickness (𝑡𝑓 )
is 1 mm, Figs. (c) and (d) show the flange thickness (𝑡𝑓 )
is 9 mm, and the curvature coefficient (𝑐) is 0.1 and 1.0,
respectively. Figs. 2(a) and 2(b) where the flange
thickness (𝑡𝑓 ) is 1 mm, the elastic shear buckling occurred
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Fig. 3. The shear buckling coefficient (𝑘) with the
curvature coefficient (𝑐) of the numerical analysis
model.

Fig. 4. Underestimated strength (%) with the curvature
coefficient (𝑐) of the numerical analysis model.
Journal of the Computational Structural Engineering
Steel Structure Study Committee of Hanshin Expressway
Public Corporation (1988) Guidelines for the Design of
Horizontally Curved Girder Bridges, Hanshin
Expressway Public Corporations, Japan.
American Association of State Highway and
Transportation Officials (2003) AASHTO Guide
Specifications for Horizontally Curved Highway
Bridges, USA.
Nakai, H. S., Yoshikawa, N., Kitada, T. and Ohminami, R.
(1981). “A survey for web plates of horizontally curved
girder girders.” Girders and Found engineering, pp. 1538.

4. Conclusions
The elastic shear buckling properties of the straight web
panels and the horizontally curved web panels are
different. However, the design standards for the
horizontally curved web panels of HEPC and AASHTO
are conservatively following the design standards of
straight web panels. In this study, the elastic shear
buckling characteristics of the horizontally curved web
panels according to the curvature coefficient are
quantitatively evaluated through numerical analysis. As a
result of the numerical analysis, it is shown that the
standard of the design specification is underestimated by
about 25% by ignoring the stiffness of the flange and by
about 10% by ignoring the effect of curvature. A more
rational design of the horizontally curved web panel will
be made if an accurate shear buckling coefficient equation
is proposed that considers the aspect ratio of the curved
plate girder, the rigidity of the flange, and the curvature
coefficient through further research.
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Abstract
The thin cylindrical shell structure under compressive stresses should be checked with buckling stability. Initial
imperfection effects on buckling strength has been investigated by many researchers. Even though there have been a
number of these studies, more studies of a sensitivity of buckling strength with various initial imperfections are still
necessary. In order to its true limit design, a more detailed analysis must be conducted, and factors such as part variations
due to manufacturing must be considered. The actual buckling strength of thin cylindrical shell structure has been
considered as well defined by the outcome of a geometrically and materially nonlinear analysis, which is very complex
and onerous, with imperfections. In Eurocode, there is a design parameter α called the elastic imperfection reduction
factor that is applicable only on specific imperfection by cross section rather than on various initial imperfection amplitude.
In addition, the amplitude of the initial imperfections suggested by Eurocode takes into account excessively large initial
imperfections as the cross-section becomes slender, resulting in very conservative buckling strength. In this study,
structural analyses, using geometry and material nonlinear analysis, of cylindrical buckling resistance with various initial
imperfection were performed and compared with Eurocode design resistance. Moreover, the modified significance
Eurocode design parameter, which gives more exact prediction result of buckling strength under axial compression, is
proposed for various initial imperfections. The proposed Eurocode design parameters not only reflect the reduction of
the strength of cylindrical elastic buckling, but also reflect the change in the section between inelastic buckling and elastic
buckling according to the amplitude of various initial imperfections to predict more accurate buckling strength.
Keywords: Buckling strength, Cylindrical shell buckling, Geometry and material nonlinear analysis, Initial imperfection
1. Introduction
Most of lower-bound buckling curves are presented based
on results of various experiments from the early 1930s to
the late 1960s. In particular, the effect of initial
imperfections has been mainly evaluated based on
statistical results of experiments rather than theoretical
grounds. These experiments on cylindrical buckling were
affected by poor loading methods, poor boundary
conditions, and weld failure, and most of the experimental
results are not well documented (Arbocz & Starnes, 2002;
Hilburger). Numerous studies have indicated that these
design factors are conservative in the application of
modern shell structures.

Figure 1. Buckling capacity curve for cylindrical shell
The Eurocode provides the elastic imperfection reduction
factor 𝛼𝐸𝑁 that can take into account different amplitude
of initial imperfections.
And The plastic range factor 𝛽 , which is involved in
determining 𝜆𝑝 that distinguishes inelastic buckling and
elastic buckling, uses a constant value as 0.4.

2. EN 1993-1-6: Strength and Stability of Shell
Structures
The buckling capacity curve presented in the Eurocode
(EN1993-1-6, 2007), as shown in Figure 1, not only
provides the knock-down factor, but also allows the
calculation of the buckling strength by dividing it into
elastic buckling and inelastic buckling. The Eurocode
represents the buckling capacity curve as a nondimensional slenderness λ and a buckling reduction factor
χ. These factors are calculated as following eq. (1-5).

3. Structural Analysis
3.1. Considered parameters
In this study, the following analysis variables were
determined to evaluate the cylindrical buckling strength
according to various amplitudes of initial imperfections.

241

The parametric analysis of cylindrical shell buckling
strength for 23 types of slenderness and 6 types of initial
imperfection amplitudes was performed
Table 1. Analysis cylinder model and parameters
Length
[mm]

3,000

Radius
[mm]

2,000

Thickness
[mm]

Imperfection ratio
Δ𝑤𝑘 /𝑡

3.0
3.1
3.2

5%

︙
40
50
100

(b) Δ𝑤𝑘 /𝑡 = 10%

10%
15%
20%
30%
40%

(c) Δ𝑤𝑘 /𝑡 = 30%
Figure 3. Comparison of the buckling capacity curve
according to the application of the modified factors

3.2. Geometric and material nonlinear analysis with initial
imperfections (GMNIA)
The modulus of elasticity is 205GPa and the Poisson's
ratio is 0.3. In order to perform in the material nonlinear
analysis, the material was assumed to be a elasto perfect
plastic model with a yield stress of 355MPa. The first
eigenmode shape was selected as the initial defect shape
of the cylinder.

4. Conclusions
The Eurocode buckling strength equation was very
conservatively evaluating the elastic buckling strength
when the initial imperfection was small. Also, the elastic
buckling strength was limited to 40% of the yield stress.
By using the modified coefficient proposed in this study,
the buckling strength can be more accurately tracked even
when the initial imperfection is small. The new plastic
range factor was proposed as a function of the
imperfection so that the change in elastic and inelastic
buckling sections could be tracked according to the
imperfection amplitude.
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Figure 2. Comparison of GMNIA results and buckling
capacity curves of Eurocode
3.3. Modified design factors
From the GMNIA results, the elastic imperfection
reduction factor and the plastic range factor were newly
proposed as functions of the initial imperfection amplitude.
Figure 3. shows the comparison between the Eurocode
and the modified coefficient application equation.
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Abstract
In this paper, an all-steel BRB called NOVEL brace is presented. Compared to concrete or mortar-filled
buckling-restrained braces (BRBs), all-steel BRBs provide weight and fabrication time reductions. In particular, all-steel
buckling braces with H-section cores are gaining attention in cases where large axial strength is required. NOVEL brace
comprises an H-section core encased in a square casing, and its behavior was studied through full-scale subassembly and
brace tests, followed by a finite element parametric study. Two failure modes were observed: global buckling and flange
buckling of the H-section core, which occurred in test specimens with P cr/Py ratios of 1.68 and 4.91, respectively. Global
buckling occurred when the maximum moment in the casing reached its yielding moment, although the test specimens
had sufficient stiffness to prevent global buckling. Failure by core flange buckling occurred at a core strain of 1.2%
leading to a sudden stiffness and force increase caused by the buckled flange pushing against the casing. The finite
element parametric study indicated that adjusting the width-to-thickness ratio of the core flange is more feasible than
stiffening the flange or adjusting the unconstrained-length end stiffeners. The value of 5.06 was the minimum flange
slenderness ratio that provided a stable hysteresis to the end of the loading protocol of the American Institute of Steel
Construction standard. To extend the usefulness of the BRB beyond drift levels that lead to core flange buckling, a shear
yielding BRB-to-frame connecting panel with yield strength adjusted to the BRB core flange buckling strain is proposed
and studied through a validated finite element model. The finite element results indicate that the shear yielding panel limit
the maximum BRB core strain leading to a more ductile system.
Keywords: Buckling Restrained Brace, Cyclic Load Test, FEM Analysis, Shear Yielding Panel
test specimens have a core yielding force of 2249kN,
calculated based on yield strength obtained from coupon
test. Specimens 1 and 2 have Euler buckling load to core
yielding force (Pcr/Py) ratio of 1.68 while specimens 3 and
4 have Pcr/Py ratio of 4.91 due to the larger casing size
used. The test specimens were tested under cyclic loading
protocol adapted from AISC seismic provision (2016).

1. Introduction
Buckling -Restrained Braces (BRBs) are widely used for
improved structural performance during earthquakes.
Contrary to conventional braces, BRBs yield and provide
stable energy dissipation both in tension and compression.
To achieve stable hysteresis, the casing should provide
sufficient restraint against global buckling and local
failures of the core should be avoided.
All-steel buckling restrained braces are favored over
concrete filled braces for weight and fabrication time
advantages. When high BRB axial strength is required,
H-section or cruciform core shapes are better alternates
than thick flat plate cores. Alemayehu et.al (2020) and
Zhao et.al (2014) have reported core flange buckling to be
one of the failure modes in H-section core all steel BRBs.
In this paper, the behavior of an all-steel BRB with
H-section core and square casing named NOVEL brace is
studied through experimental and finite element study. To
avoid core flange buckling, connecting the BRB with
shear yielding panel is proposed and studied through
finite element analysis.
2. Test specimens
Figure 1 shows details of the four test specimens. All the

Figure 1. Test specimens
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3. Test results
Figure 2a-d shows the results obtained from the cyclic
load test of specimens 1-4, respectively. Specimens 1 and
4 with Pcr/Py ratio of 1.68 failed by global buckling wile
specimen 3 with Pcr/Py ratio of 4.91 failed by flange local
buckling at a core strain of 1.2%, as shown in figure 3.
The flange local buckling caused the buckled flange to
push against the inner wall of the casing resulting in a
sudden stiffness and force increase.

The finite element analysis results showed that the
minimum core flange width-to-thickness ratio that
prevented core flange buckling to the end of the AISC
loading protocol was 5.06 and the shear yielding panel
effectively avoided core flange buckling.

Figure 4. Finite element analysis result
4. Conclusions
In the test and finite element results, global buckling and
flange local buckling failure modes were observed.
Global buckling occurred when yielding occurred in the
casing while core flange local buckling occurred when the
core flange width-to-thickness ratio was above 5.06. The
use of shear yielding panel designed to limit BRB core
strain prevented core flange buckling.

Figure 2. Test results. Specimens (a) 1, (b) 2, (c) 3, (d) 4
3. Finite element analysis
Following the cyclic load test, two sets of finite element
analysis were conducted. The first was a parametric study
by increasing flange thickness of specimen 3 to determine
the minimum flange width-to-thickness ratio that prevent
flange local buckling up to the end of the standard AISC
loading protocol. While the second was to investigate the
influence of using shear panel connected to the BRB
specimen 3 as shown in figure 3. The objective of the
shear yielding panel is to limit the core strain below a
level that cause flange local buckling at the target story
drift.
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Abstract
Buckling restrained braces have significantly improved compression resistance compared to general braces due to the
concrete restraining effect of steel pipes, and when repeated loads such as earthquake forces are applied, stable hysteresis
loops are generated and have a large energy dissipation capacity. Despite these excellent performances, it is difficult to
apply to actual buildings due to price issues. In this study, we proposed a finite element model of buckling restrained brace,
and ensured the reliability of the finite element model through comparison and evaluation with the previous experimental
results. The analysis results confirmed that stable hysteresis curves were generated without buckling in all cycles, and that
there was no significant difference from the actual experimental results. Validated model will be used as a basis for
buckling restrained brace parameter study and modeling of similar types of buckling restrained braces or buckling
controlled braces.
Keywords: Buckling restrained brace, Finite element analysis, Hysteresis loop

1. Introduction
Buckling restrained braces have significantly improved
compression resistance compared to general braces due to
the concrete confinement effect of steel pipes, and when
cyclic loading such as earthquake force is applied, stable
hysteresis loops are generated and have a large energy
dissipation capacity as shown in the solid line in Figure 1.
Despite these excellent performances, it is difficult to
apply to actual buildings due to price issues. Looking at
the recent research trend, to secure economic feasibility
and constructability, a buckling restrained brace made of
only steel without using a filled mortar is proposed.
Hoveidae & Rafezy (2012) proposed a BRB that prevents

Figure 1. The hysteresis loop of buckling restrained brace

buckling by assembling plates of various shapes around
buckling of the BRB using the spacing between the steel

2. Experiment
Steve et al. (2003) Star Seismic, LLC, developed 8

plates as a variable. In this study, a finite element model

specimens and conducted full-scale experiments at the

was produced as a preliminary study to propose a BRB

University of California, San Diego. Each test specimen

without concrete to secure constructability, and the

consists of a concrete-filled square steel pipe centered on

reliability of the model was ensured through comparison

a steel plate. A36 steel with a yield strength of 275Mpa

and analysis with the existing experimental results.

was used as the steel plate, and A500 Grade B with a yield

the steel core and analyzed the global buckling and local

strength of 315Mpa was used for square steel pipes. Each
specimen was loaded according to a standard loading
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protocol using an experimental device. Figure 2 shows the

slightly lower stress state than the tension side by the

overall layout of the test specimen and both ends of the

Bauschinger effect. Similar to the experimental results,

test specimen are connected by pin connections.

the analysis result also produced a stable hysteresis curve
without failure.

Figure 2. SRMD facility

Figure 4. Hysteresis loop

3. Finite element analysis
A finite element model was produced using ABAQUS by
selecting the 4th test specimen from the University of

4. Conclusions
As a result of comparison with the analysis results based

California, San Diego test specimens. To reduce the

on the experimental results conforming to the AISC

analysis time, the dynamic implicit method was used to

design criteria, a stable hysteresis curve occurred without

repeatedly calculate the density value of each object, and

failure. For each cycle, the average error rate of the

the concrete was implemented using a concrete damaged

maximum internal force was 3.8% on the tensile side and

plasticity model subjected to tension/compression. Figure

6.9% on the compression side.

3 shows the shape of a buckling restrained brace

In this study, a finite element model of buckling restrained

consisting of steel, concrete steel pipe, and collar.

braces with complex behavior was constructed, and it can
be used as a fundamental study to propose a BRB made of
steel only in the future. Based on the proposed BRB finite
element model, additional experimental testings are
considered to be necessary.
5. References
AISC (2016). “Seismic provisions for structural steel
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Figure 3. FEA model

Steve, M., Chia, M. U., and Gianmario, B. (2003).
“Subassemblage

testing

Figure 4 is a graph comparing the experimental results

buckling-restrained

braces.”

and the analysis results. Both the tension side and the
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compression side showed stable behavior, and it was
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confirmed that the compression side yielded under a
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Abstract
Steel plate shear walls (SPSWs) have been widely adopted as a primary lateral load resisting system of a structure due to
significantly large stiffness and strength, and stable hysteretic characteristics. A SPSW system consists of a steel infill
panel and boundary members. Lateral forces imposed to the SPSW system are mainly resisted through the tension field
action that is developed in the diagonal direction of its infill panel. In order to fully utilize the post-buckling behavior and
reduce laborious welding works, unstiffened SPSWs have been recently implemented in the building construction field.
The unstiffened SPSWs present nonlinear behavior even at relatively small lateral displacements where they buckle in the
out-of-plane direction. Such shear buckling is followed by the tension field action which develops post-buckling strength.
To achieve enhanced post-buckling behavior influenced by stress distributions along the tension field, this study considers
SPSWs with infill panels made of low-yield strength steel (SPSW-LYs) that is characterized by extremely low yield stress
and high elongation capacity. Finite element analysis models are constructed to capture the cyclic responses of the
SPSW-LYs with all edge-clamped boundary conditions. The analysis results show that the SPSW-LYs present stable
cyclic behavior with noticeable post-buckling strength and increased deformation capacity, compared to SPSWs with
infill panels made of conventional steel.
Keywords: Low yield strength steel, Steel plate shear walls, Tension field, Post-buckling strength, Edge-clamped
boundary
CS steel materials. In order to fully utilize the
post-buckling behavior of unstiffened SPSWs, all
edge-clamped boundary condition is applied on the
analysis models. It iss assumed that the infill steel plate is
rigidly connected to both horizontal and vertical boundary
members (Machaly et al., 2014). An imperfection
assigned as the first order buckling mode has been
introduced in the analysis models. The amplitude of the
imperfection is 1/1000 length of the SPSWs (Guo et al.,
2011).

1. Introduction
This study evaluates steel plate shear walls with infill
panels made of low-yield strength steel (SPSW-LYs) to
verify their enhanced post-buckling behavior influenced
by stress distributions along the tension field. For the
comparison with SPSWs with infill panels made of
conventional steel (SPSW-CSs), the hysteretic behavior
of SPSW-LYs is analytically investigated using a finite
element model (FEM). The analytical results are
discussed in terms of load-carrying and deformation
capacities.

3. Analytical investigation on the SPSWs
Figure 1 presents stress distributions of analysis models at
in-plane drift ratios of 0.25% and 2.5% and Figure 2
indicates the load-drift ratio relations of analysis models.
Since both of SPSW-LY and SPSW-CS has identical
geometric dimensions, the theoretical buckling load, Fcr is
equally calculated as 380 kN (Elangovan and Prinsze,
1992). The SPSW-CS has theoretically calculated with
the yielding load, Fy and ultimate loads, Fu larger than 1.5
times those of the SPSW-LS due to large material strength
properties of the CS steel (ANSI/AISC, 2010).
The elastic load-drift relations of the analysis models are
observed during the initial loading step. Small
out-of-plane deformation is captured during this loading
and reloading stage. At the early loading stage
corresponding to an in-plane drift of 0.15%, yielding of
the steel plate is initiated at the SPSW-LY of which
elements are mostly exceed their yield strength, fy. On the
other hand, the SPSW-CS experiences concentrated
stresses along the corner of the infill steel plate.

2. Description of analysis model
Finite element models are constructed for simulating
cyclic responses of the SPSWs. A commercial software,
ABAQUS (2010) was utilized to carry out finite element
analyses (FEAs) which should properly capture cyclic
deterioration of materials and buckling behavior of plates.
The clear size of SPSWs in the analysis models was 1,500
× 1,500 mm of which an aspect ratio is 1.0. The thickness
of the SPSWs is determined as 6 mm, and a
width-to-thickness ratio is 250. To simulate plastic
deformation of the SPSWs, material models were
determined from the stress-strain relations which are
obtained from coupon tests. Table 1 summarizes the yield
strength, fy, tensile strength, fu, and elongation of LY and

LY
CS

Table 1. Material properties of steels
f y , MPa f u , MPa
Elongation, %
96
280
66.5
314
447
29.1
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As imposed drifts are increased, out-of-plane
deformations are more pronounced, which induces
pinching effects in the load-drift ratio relations. After
yielding of the steel plate, the load-transferring
mechanism is mainly developed along the diagonal yield
line. This tension field action is notable for the SPSW-LY
of which uniform stress distribution at the infill plate is
more pronoun. At an imposed drift ratio of 2.5%, strength
degradation is captured at the load-drift relation of the
SPSW-CS. As shown in Figure 1(b), degraded stresses are
concentrated at the corner of the plate. This phenomenon
finally leads to the fracture at the boundaries. The
SPSW-LY sustains load-carrying capacity at a 2.5% drift
ratio and obtains larger deformation capacity than that of
the SPSW-CS. A discrete diagonal yield line is formed at
the steel plate of the SPSW-CS whereas additional yield
lines are formed at the off-diagonal range of the steel plate
of the SPSW-LY. Hence, concentrated large stresses at the
diagonal yield line can be dispersed in almost entire LY
steel plate section. At an imposed drift ratio of 5%,
degraded stresses are observed at the center of the LY steel
plate where out-of-plane inelastic deformations are
cumulated from the early loading stage. The SPSW-LY
achieves enhanced post-buckling behavior resulting from
enhanced stress distributions along tension fields. In this
reason, a ratio, F/Fy of the SPSW-LY is significantly
larger than that of the SPSW-CS.

(a) SPSW-LY

(b) SPSW-CS
Figure 1. Stress distribution at the maximum

4. Conclusions
This paper analytically evaluates the cyclic responses of
steel plate shear walls employing infill plates made of
different steel materials. The analysis results shows that
SPSWs with infill panels made of low-yield strength steel
present stable cyclic behavior with noticeable
post-buckling strength and increased deformation
capacity up to 1.7 times compared to SPSWs with infill
panels made of conventional steel.

deformation of SPSWs
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Abstract
An assembled mobile scaffold is composed of various components including vertical members, horizontal members,
braces, working platforms, and castor wheels. The temporary equipment to secure the construction safety at the aerial
works should be certified when the new product is developed in Korea. The certification criteria had been defined based
on the structural performances of each member. In other words, each member is examined to check the structural
performance. It means that an effective evaluation methodology and procedure are required to review the global structural
safety of the assembled structure. To suggest the system-level structural safety criteria and effective evaluation method,
the characteristics of the structural behaviors of the assembled structure should be investigated first. Unlike other
temporary equipment, assembled mobile scaffold is a product that requires the convenience of use and ease of movement.
In addition, the assembled mobile scaffold is characterized by being smaller and lighter than the general mobile
scaffolding that is assembled and used in the field. Therefore, in order to secure the safety and usability of the structure, it
is necessary to evaluate the ultimate behavior of the mobile scaffold assembled with various material and structural types.
The purpose of this experimental study is to analyze the characteristics of the behavior of system unit structures that
cannot be derived through the load tests for each member through vertical load tests of assembled mobile scaffolds.
Through the experimental study, the ultimate mode and load-bearing capacity were investigated and the appropriateness
of the required performance of the mobile scaffold was reviewed. The type of experimental model with aluminum
materials and three stories was selected and examined for the vertical loads. Based on the experimental results, the
ultimate behavioral characteristics of the assembled mobile scaffold were analyzed and the ultimate load could be
identified.
Keywords: Assembled mobile scaffold, Temporary equipment, Ultimate behavior, Buckling, Construction safety, Load test
the displacement of the mobile scaffold and the
displacement and strain of the vertical members.

1. Introduction
There are performance standards and performance
evaluation methods for each member unit of temporary
equipment such as scaffolding, shoring, and casting in
Korea. but there are no performance standards and
performance evaluation methods for all units of the
structure. Therefore, when assembling, moving, or
dismantling the scaffold, there may be a problem in the
fastening force of the connecting portion, and there may
be insufficient preparation for the decrease in the
load-bearing capacity of the structure during operation.
This study aims to understand the ultimate behavior
characteristics of the assembled mobile scaffold through
experiments on the structure of the entire system unit. In
addition, it intends to secure analysis technology for the
development of safety certification standards and
performance evaluation methods for entire units of
structures.
The experiment was carried out by loading the vertical
load, which has the greatest influence on the behavior of
the structure. The behavioral characteristics of the
assembled mobile scaffold were identified by measuring

2. Literature Review
Won et al. suggested an improvement in the temporary
equipment safety certification system by comparing
domestic and foreign temporary equipment-related
systems and standards. In addition, they proposed to
operate a separate safety certification committee for
various materials and types of temporary materials,
finished products, and imported products.
Lee et al. investigated the maximum load capacity of an
assembled system support by comparing the cases with
and without a brace, which is a scaffold member. To
increase the ultimate strength of the system support, the
installation of reinforcing members is essential and the
final strength should be determined by considering the
number of floors.
Jeong et al. (2020) analyzed the structural behavior
characteristics of system scaffolds and cages through
structural analysis in order to present the feasibility for the
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transition to the temporary equipment safety certification
system at the assembly level. Since the connection
conditions and the presence or absence of lobsters have a
dominant effect on the behavior of temporary equipment,
it is mentioned that it is necessary to establish a
performance evaluation and test method to ensure
completeness and quality assurance.
Although the structural behaviors of conventional
scaffolds have been extensively studied, few researchers
have investigated the properties of the assembled mobile
scaffolds. In addition, real-scale experimental tests for
specialized scaffolds have been rarely studied.

of the structure, the horizontal displacement of the
members, and the strain of the vertical members were
analyzed.
Therefore, it was found that the lower the number of
assembly story of the assembled mobile scaffolding, the
better the performance of the caster wheels should be
secured, and as the number of assembly story increases,
the buckling failure of the vertical member becomes an
important factor determining the working load.
If a structural test is performed on an assembled mobile
scaffold having a variety of materials and structural types,
it is considered that it will be possible to establish more
generalized performance standards and derive results for
various load conditions.

3. Ultimate Behaviors of Assembled Mobile Scaffolds
3.1. Failure Mode
The failure modes of the single-story specimens with a
low structure and the three-story specimen with a high
height were different. The single-story specimens could
no longer withstand the vertical load before buckling of
the vertical member occurred and the caster wheel was
destroyed first. Unlike the failure mode of the single-story
aluminum specimen, buckling of the vertical member
occurred first before the breakage of the caster wheels
occurred.
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3.2. Load-Displacement Relation
The values of the ultimate load of the single-story of
aluminum and steel were similar due to the preceding
failure of the caster wheel. The load-displacement change
pattern of the three-story aluminum was initially similar
to that of other specimens, but the buckling of the vertical
member occurred before the caster wheel failed, and the
ultimate load value was lower than that of other
specimens.
3.3. Load-Strain Relation
In the case of the single story of aluminum and steel
specimens, it can be seen that a greater compressive force
was generated in the lower part than in the upper part of
the vertical member, indicating that the warpage occurred
in the inward direction in the lower part of the structure. In
the case of the three-story aluminum, the tensile force was
generated in the upper part of the vertical member as the
vertical load increased, and compressive force was
generated in the lower part for a certain period of time,
and then the tensile force was gradually generated.
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4. Conclusions
In this study, an actual experimental study was conducted
to analyze the characteristics of the structural and ultimate
behavior of the assembled mobile scaffold. In the
experimental study, a total of three specimens were
subjected to vertical loads. The considered models were
aluminum single-story, aluminum three-story, and steel
single-story stage, and comparative analysis was possible
for each material and number of assembly story. When the
vertical loading load is applied according to the parameter
change of the material and the number of assembly story,
the experimental results such as the vertical displacement
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Abstract
When a steel column in a framed structure is exposed to fire, but if adjacent beams and columns remain cold because of
the fire compartmentation, the effective buckling length of the column would decrease since rotational restraint from
adjacent cold beams and columns is increased. In Eurocode, the effective buckling length factor for such column in a nonsway frame is recommended as 0.5 for typical-floor columns and 0.7 for the top floor columns, respectively. However,
these values were proposed rather simplistically in favor of practicality and may be inaccurate depending on the rotational
stiffness of adjacent members and the fire temperature of steel. In this study, finite element analysis was first conducted
to quantitatively investigate the effect of rotational stiffness and temperature. And an analytical equation considering steel
material properties at elevated temperatures and geometric imperfection was developed to predict the effective buckling
length factor by extending the effective buckling length factor concept at room temperature. It is shown that hightemperature effective buckling length factor is usually close to 0.5. But in the case of weak rotational stiffness the value
of 0.5 gives unsafe result. The results of this study are useful in predicting more accurate and safe effective buckling
length factor under general end restraint conditions.
Keywords: Fire, Elevated temperature, Effective buckling length factor, Rotational restraint
1. Introduction

where 𝑇 is temperature of the column (in Fahrenheit), 𝑛 is
1 for the column continuous both above and below, or 2
for the column continuous either above or below only
(AISC, 2016).

When fire occurs within the compartment in a braced
steel frame, the columns in the compartment are heated
while the beams and the columns outside of the
compartment are separated from fire. In this case, the
stiffness of heated columns is reduced while the separated
(or cold) beams and columns maintain the same stiffness
at room temperature, thus increasing the rotational
restraint effect on the heated column. This advantage
should be properly utilized in design.

However, these design provisions cannot rationally
account for the effect of general end rotational restraint.
EC3 assumes the column end condition either perfectly
fixed or pinned. The AISC approach covers only the
columns without rotational restraint by the beams. In this
study, a rational formula for calculating the effective
buckling length of the column with general end restraint
condition is derived and verified using nonlinear finite
element analysis results.

The effect of increased rotational restraint on the steel
column at elevated temperature is treated differently
among current design codes. In EN 1993-1-2, the buckling
length in an intermediate story can be taken as 50 percent
of column length while in the top story it can be taken as
70 percent of column length (EN, 2005). In AISC 360-16
Commentary, provisions are not available for the columns
with general end restraint conditions, but for the gravity
columns with negligible rotational restraint from the
adjacent beams, the effective slenderness ratio of the
column is recommended to be calculated using Eq.1.
𝐿𝑐
𝑇 − 32
𝐿𝑐
( ) = (1 −
)( )
𝑟 𝑇
𝑛(3600) 𝑟
35
(𝑇 − 32)
−
𝑛(3600)

(1)
Figure 1. Lumping flexural stiffness of surrounding
elements as rotational spring in frame
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When the two rotational springs are not identical, the
original column can be replaced by an equivalent column
with two identical rotational springs of equivalent
stiffness 𝜇𝑒𝑞 at both ends, which has the same buckling
load. It can be shown that the equivalent stiffness 𝜇𝑒𝑞 has
the following relationship with 𝜇1 and 𝜇2 :

2. Buckling of Columns restrained by rotational
springs
2.1 Elastic column
The flexural stiffness of the beams and columns
adjacent to the heated column ends can be lumped using a
rotational spring with stiffness 𝜇 as shown in Figure 1.
The lumped rotational stiffness 𝜇 is by definition the sum
of the moments required to induce unit rotation at each
end of the adjacent beams and columns. When a column
with length 𝐿 and flexural stiffness 𝐸𝐼 is subjected to
compressive force 𝑃 as shown in Figure 2(a), assuming
this column behaves elastically, lateral displacement 𝑦 at
the location of 𝑥 can be expressed as Eq.2.

𝑦 = 𝐴 cos 𝑘𝑥 + 𝐵 sin 𝑘𝑥 + 𝐶𝑥 + 𝐷

(

where

𝑎=−

𝑢
𝑢2 tan 𝑢
+
tan 𝑢 tan 𝑢 − 𝑢

When a column behaves inelastically, Eq.4 should be
modified to account for the effect of inelasticity. As the
axial compression increases, the flexural stiffness of
column declines because of material nonlinearity, residual
stress, and initial crookedness. Reduction of stiffness can
be regarded based on the concept of tangent modulus 𝐸𝑒𝑓𝑓
suggested by Yura (Yura, 1971). According to the concept
of tangent modulus, the stiffness reduction factor 𝐸𝑒𝑓𝑓 /𝐸
is the same as the ratio of critical stress 𝐹𝑐𝑟 to Euler
buckling stress 𝐹𝑒 , and Eq.4 can be modified to Eq.6 to
account for inelasticity.

If two rotational springs with stiffness 𝜇1 and 𝜇2 are
connected at the column ends, the relationship between
the rotational stiffness and the axial load can be easily
obtained by substituting the boundary conditions into Eq.2
as follows.

(

𝐸𝑒𝑓𝑓
𝜇
𝜇
=
×
𝐸𝐼/𝐿 𝐸𝑒𝑓𝑓 𝐼/𝐿
𝐸
2𝑢
𝐹𝑐𝑟 (𝜆̅𝑐 ) 2
=−
×
𝜆̅𝑐
tan 𝑢
𝐹𝑦

(3)

(6)

where 𝜆̅𝑐 is effective non-dimensional slenderness
defined as follows.

where 𝑢 = 𝑘𝐿/2. Especially when both rotational
stiffnesses are the same, or when 𝜇 = 𝜇1 = 𝜇2 , the
condition for minimum buckling load leads to Eq.4 below.

𝜇
2𝑢
=−
𝐸𝐼/𝐿
tan 𝑢

(5)

2.2. Inelastic column and tangent modulus concept

(2)

where 𝑘 is √𝑃/𝐸𝐼 (Chen and Lui, 1987).

𝜇1
𝜇2
)(
)
𝐸𝐼/𝐿 𝐸𝐼/𝐿
𝜇1
𝜇2
𝑢
𝑢2 tan 𝑢
+(
+
)(
+
)
𝐸𝐼/𝐿 𝐸𝐼/𝐿 tan 𝑢 tan 𝑢 − 𝑢
4𝑢3
+
=0
tan 𝑢 − 𝑢

2
𝜇eq
𝜇1
𝜇2
− 𝑎) (
− 𝑎) = (
− 𝑎)
𝐸𝐼/𝐿
𝐸𝐼/𝐿
𝐸𝐼/𝐿

𝜆̅𝑐 = √𝐹𝑦 /𝐹𝑒
This equation is general and can be applied to the elastic
column with taking 𝐸𝑒𝑓𝑓 /𝐸 as 1.

(4)

2.3. Effective column length
The effective column length factor 𝐾 is defined as the
ratio of the length of pin-ended column to the length of
rotationally restrained column with equal critical load, as
illustrated in Figure 2(b). The value of 𝐾 is given by Eq.7,
and 𝑢 in Eq.4 and 6 can be expressed in 𝐾 as Eq.8.
𝜋 2 𝐸𝐼
𝜋
=
2
𝑃𝑐𝑟 𝐿
𝑘𝐿

(7)

𝑘𝐿
𝜋
=
2
2𝐾

(8)

𝐾=√

𝑢=
Figure 2. Rotationally end-restrained column model
and definition of effective column length
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obtained first, and then the same analysis was performed
for the pin-ended column with changing the column
length to obtain the same critical load as the restrained
column. The ratio of the length of the pin-ended column
thus obtained to the restrained column was selected as the
effective buckling length factor.
1
0.95

Proposed

0.9

FEA

0.85
0.8

K

Figure 3. Finite analysis model
Substituting Eq.8 into Eq.6, the relationship between the
rotational stiffness and the effective buckling length factor
is derived as Eq.9 below.

𝜋
𝜇
𝐹𝑐𝑟 (𝜆̅𝑐 ) 2
𝐾
=−
×
𝜆̅𝑐
𝜋
𝐸𝐼/𝐿
𝐹𝑦
tan
2𝐾

0.75
0.7
0.65
0.6
0.55
0.5

(9)

0
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Figure 4. Effective buckling length factor of elastic

Steel stress-strain properties at elevated temperatures as
suggested by EN 1993-1-2 were used in Eq. 9 and
numerical parametric study.

column by proposed equation and FEA

3. Numerical modeling
1

To validate the proposed equation, finite element
analysis (FEA) was performed for both weak and strong
axis buckling of a H-300x300x10x15 column with
rotational springs at both ends. S4R shell elements in
ABAQUS was used (Dassault Systèmes Simulia Corp,
2012). Non-dimensional slenderness ratio of 5 values
from 0.9 to 2.1 at 0.3 intervals, rotational spring stiffness
ratio ( 𝜇/(𝐸𝐼 ⁄𝐿)) of 10 values from 0.4 to 4.0 at 0.4
intervals, and steel temperatures of 20℃, 500℃, 800℃
were taken for parametric analysis.
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λ=0.9(Eq.9)
λ=1.2(Eq.9)
λ=1.5(Eq.9)
λ=1.8(Eq.9)
λ=2.1(Eq.9)

In the case of inelastic column, both initial
crookedness and residual stress were included in the
analysis model. Loading was applied by controlling
displacement after the temperature of the column was
elevated. The critical load of the restrained column was

5

800℃, strong

0.9

K

K

1

800℃, weak

0.9

0.4

4

500℃, strong

μ/(EeffI/L)

In the analysis of elastic column, initial crookedness
and residual stress were not applied. Eigenvalue of the 1st
flexural buckling load was taken as the critical load, and
the effective buckling length factor was calculated using
this value.

3

μ/(EeffI/L)

0.9

K

K

1

0.8

0.8

0.5

0

1

500℃, weak

0.9

The column was subdivided into 128 cells along the
longitudinal direction, and the flanges and web are
subdivided into 8 elements across the width as Figure 3.
Initial crookedness was modeled as the 1st flexural
buckling mode shape of pin-ended column with maximum
lateral displacement of 1/1000 of the column length.
Residual stress was introduced with typical residual stress
model in hot-rolled shape with peak value of 30 percent
of yield strength at room temperature.
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λ=0.9(FEA)
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λ=2.1(FEA)

Figure 5. Effective buckling length factor of inelastic
column calculated by proposed equation and FEA
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Critical load ratio by code or
proposed eq

0.7

4.1. Elastic column
In the case of elastic column, as can be observed in
Figure 4., the predictions by Eq. 4 and numerical results
show excellent correlation for all slenderness and
temperature range.
As the rotational restraint becomes smaller and the
temperature becomes lower, the use of 𝐾 = 0.50, as
suggested by EC3, becomes unconservative, as intuitively
expected.

0.7

500℃, weak

0.6

Critical load ratio by code or
proposed eq

4. Comparison of proposed equation with numerical
analysis result

0.5
0.4
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0.3
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0.2
0.1

0.1

0.2

Critical load by FEA

4.2. Inelastic column

For the inelastic column, a comparison of the
predictions by Eq.9 and numerical results is shown in
Figure 5. The AISC column buckling curves at ambient
and elevated temperature are used as 𝐹𝑐𝑟 (𝜆̅𝑐 ) in Eq.9.
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Figure 6. Comparison of critical load predictions with
FEA results

Overall, the correlation between the prediction by Eq.
9 and FEA results are quite satisfactory. Unlike EC3 and
AISC provisions, the effective buckling length factor
varies by slenderness under the same temperature. This is
because the effective tangent modulus is a function of
slenderness. In 20℃- and 500℃-analysis, the correlation is
excellent for weak axis bending, but for strong axis
bending, the correlation somewhat degrades. In 800℃analysis, the numerical 𝐾 values tend to be slightly lower
than the predictions per Eq. 9. In other words, the 𝐾 value
calculated using Eq. 9 is somewhat conservative and
desirable from design perspective.

Specification predicted the critical loads conservatively or
un-conservatively depending upon temperature and
slenderness ratio, primarily because they disregard actual
degree of rotational restraints at the column ends.
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The critical loads calculated using the effective
buckling length factor 𝐾 recommended by EC3, AISC
and by using Eq.9 are compared with FEA results in
Figure 6. The column length 𝐿𝑐 in Eq.1 is regarded as
unbraced column length instead of effective column
length. The proposed equation well tracks the FEA
analysis results. EC3 gives fairly unconservative critical
loads in 500℃-analysis and more accurate values in
800℃-analysis. Generally, the AISC formula performs
better than EC3 formula.
5. Conclusion
This study derived and verified the general equation
for calculating the effective buckling length factor of the
column under fire. The basis was to extend the classical
tangent modulus concept to fire condition together with
lumping the column end restraint as a simple rotational
spring. The predictions of 𝐾 factor for the elastic column
correlated well with FEA analysis results. For the inelastic
column, the correlation in the 𝐾 factor prediction was still
satisfactory and the critical buckling loads were predicted
for wide range of rotational stiffness and slenderness ratio
by the proposed equation with reasonable accuracy.
However, the design equations of EC3 and AISC
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Abstract
An analytical solution for flexural buckling of steel columns at elevated temperatures is proposed based on Shanley‟s
column model in which the I-shaped column under strong-axis bending is idealized to be composed of deformable part at
the mid-height region and two rigid-bar segments outside. The inelastic-buckling response at a given constant
temperature is analytically derived such that the peak value corresponds to the strength of the column. The accuracy of the
analytical solution derived was validated by comparing with finite-element solutions. The proposed equation is shown to
be more accurate and consistent than the design equations available in current Eurocode and AISC Specification.
Keywords: Fire Resistance, Inelastic Buckling, Steel Column
column at temperature higher than 500 °C. On the other
hand, the AISC Specification (ANSI/AISC 360-16 or
AISC) recommends an empirical equation derived from
the numerical study conducted by Takagi and Deierlein
(Takagi and Deierlein, 2007). The AISC equation for the
column strength fcr,AISC at elevated temperature is given as,
follows

1. Introduction
When a steel column is exposed to fire, the temperature
rise causes the reduction of yield strength and elastic
modulus of the steel material and leads to significantly
decreased axial strength. The stress-strain relationship of
the steel at elevated temperatures becomes highly
nonlinear than that at the room temperature which is
usually represented by elasto-perfectly-plastic (EPP)
model. Thus, the buckling curve at elevated temperatures
is quite different from that at the room temperature due to
the material nonlinearity caused by high temperature.
Representative design specifications provide the
buckling curves for the fire condition. For example,
Eurocode3 (EN 1993-1-2 or EC3) provides a design
equation proposed by Franssen et al. (Franssen et al.,
1998), similar in form to Rondal-Maquoi equation
(Rondal and Maquoi, 1979). EC3 column strength fcr,EC3 at
temperature θ is calculated as follows.

f cr,EC3 
where

f y,
   2   2

  0.5 1    

 

f y, f E,

  0.65 235 f y

2



fcr,AISC  0.42 f y,

(5)

As can be seen in Eq. (5), the AISC equation is a simple
exponential function of the non-dimensional slenderness
ratio. This equation is generally too conservative at lower
temperatures as will be discussed later.
In this study, an analytical solution for the column
flexural buckling at elevated temperatures is proposed by
extending the classical inelastic column buckling model
by Shanley (1947). The primary motivation was to
propose a mechanics-driven and more accurate column
buckling equation at elevated temperatures.

(1)

2. The Shanley Model
The Shanley model has long been regarded as the best
classical model to describe the inelastic column buckling
behavior (see Figure 1). The column, according to the
Shanley model, is idealized to consist of deformable cell
at the mid-height region and two outside rigid bars. The
length of the flexural part is h and the length of each rigid
bar is (L–h)/2. The cross-section area is A. The flexural
part has two identical axial springs placed at the equal
distance r from the column centerline. The subscripts „c‟
and „t‟ denote the inner and outer springs, respectively.
The column is simply supported and has an initial
imperfection of d0. The column is assumed to be subjected
to axial force P with no loading eccentricity.

(2)
(3)
(4)

where, fy,θ and fE,θ are respectively yield stress and elastic
buckling stress,  the is non-dimensional slenderness
and αθ is imperfection factor. However, several studies
(e.g., Takagi and Deierlein, 2007) pointed out that the
equation in EC3 tends to overestimate the strength of the
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should be obtained in some suitable way as will be
discussed below.
2.2. Elastic material
Consider an elastic material with elastic modulus E. The
ζ avg-δ equation is easily derived from the Eq. (12) as
below.

 avg 

4r 2 E

h  L  h  

(13)

When the imperfection η approaches to 0, the value of ζ avg
becomes the elastic buckling strength fE.
Figure 1. The Shanley model with initial imperfection.

fE 

2.1. Basic equations
The equations of equilibrium are given as

Pc  Pt  P  0

(6)

 d  d0  r   Pc   d  d0  r   Pt  0

(7)

(8)

 t  1     avg

(9)

 avg 

  cr
1 
fy


(10)

   cr
 1 
fE


  cr
 0

 fy

      0.2 

(11)

(15)

(16)

(17)

where



By combining above equations, the relationship between
ζ avg and δ is obtained as follows.

fy fE

(18)

and α is imperfection factor given in EN 1993-1-1.

f 1  1       avg   f 1  1       avg 
8r 2


h  L  h

1   

which is the same as Ayrton-Perry equation (Ayrton and
Perry, 1886). If η is a linear function of the nondimensional slenderness, then the column strength from
this equation reduces to that of the EC3 at the room
temperature.

where θ is rotation angle of the rigid bars, εc and εt are
strain of the springs.
Now consider the constitutive law of the material
symbolically expressed as,

  f  

fy

The average stress ζ avg increases according to Eq. (13)
while it decreases per Eq. (15) as deformation increases.
The maximum of ζ avg, corresponding to the intersection of
the two curves, is the critical load ζ cr of the column and is
given as,

where the non-dimensional parameters are defined as η =
d0/r, δ = d/r, and the average stress ζ avg = P/A.
From simple kinematics, one can easily find the
compatibility condition as,

   t  h
2d
2 
 c
2r
 L  h 2

(14)

2.3. Elasto-perfectly-plastic material
Now consider the elasto-perfectly-plastic (EPP)
material with elastic modulus E and yield stress fy. If both
of the springs in the flexural part remain elastic, then the
ζ avg-δ relationship is the same as Eq. (13). If the spring „c‟
starts to yield, the Eq. (12) is not valid any more since the
constitutive law is not invertible. Instead, we can use the
Eq. (8) directly, leading to

where Pc and Pt are the axial forces in the springs, d is
lateral displacement of the flexural part. The stresses in
the springs, ζ c and ζ t, are easily derived as follows.

 c  1      avg

4r 2 E
h  L  h

2.4. Steel stress-strain relation at elevated temperatures
Both EC3 and AISC Specification recommend the
stress-strain curve of structural steel at elevated
temperatures as follows.

(12)

If the function f(ε) is not invertible, the ζ avg-δ relationship
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if    p, : E 

if  p,     y, :
 
2 0.5
 2

 f p,  c   b a   a    y,    

if    y, : f y,
where
a 2   y,   p,  y,   p,  c E 

solutions are extraneous roots. The solution is compared
with the design equations in EC3 and AISC Specification
in Figure 2. The proposed equation is highly versatile and
can well reflect the buckling strength curves for varying
temperatures.

(19)

(20)

b 2  c  y,   p,  E  c 2

(21)

f  f 
   E  2 f

(22)

2

c 



y,

y,

p,

p,



y,

 f p, 

and the subscript „θ‟ denotes temperature-dependent
quantity.
Assume that the peak average stress occurs when the
spring „c‟ is inelastic while the spring „t‟ remains elastic.
The ζ avg-δ equation is obtained from the Eq. (12) as Eq.
(23) below.
2

where

Figure 2. Comparison of buckling curves.
3. Validation
The proposed equation was validated by comparing
with nonlinear numerical solutions. The finite element
analysis was conducted for the profile of
H-300×300×10×15 column with various length for
varying temperatures using S4R shell element in
ABAQUS. The column was heated from the room
temperature to the target (or critical) temperature, and
then the compression load was exerted on the column.
The temperature was assumed to be distributed uniformly
across the section. The steel material with yield strength
of 355 MPa at the room temperature was used. The
column was subdivided into 128 cells along the
longitudinal direction, and the flanges and web were
subdivided into 8 elements across the width. The initial
imperfection was included following the first-mode
global buckling shape. The amplitude of initial
imperfection was set to be 1/1000 of the column length L.
Typical residual stress pattern of hot-rolled shape with a
maximum value of 0.3fy was imposed on the section at the
room temperature.
The FEM (finite element method) solutions were
compared with the predictions per the equation proposed
in this paper and the design equations in EC3 and AISC
Specification for the non-dimensional slenderness from
0.6 to 3.0 (with an interval of 0.3), and for the
temperatures of 20 °C and from 200 °C to 800 °C (with an
interval of 100 °C). The results for strong-axis bending
are summarized in Figure 3 and Figure 4. As can be seen
in Figure 3, the equation proposed in this study shows best
performance; all the predictions are conservative and
COV is just 2%. However, many predictions by EC3 and
AISC design equations exceed or fall below the FEM
results and the COVs are as high as 12%. Figure 4
illustrates a strength ratio comparison at the temperature
500 °C depending upon the non-dimensional slenderness
of the column. Again the proposed equation of this study

2

   
  
 1
 b   E a 

(23)

  1      avg  f y,  b

(24)

  1     avg  2 f E,   E  y,

(25)

The critical load ζ cr can be obtained based on the fact that
the slope of ζ avg-δ curve at the peak point is zero. The
result is obtained as,


b
 AP  
f
y,


  cr
1 
f E,

2

 c  cr 

 
 f y, f E, 

 b   
    1  cr
f  
f E,
 y,  

2

2

  c    cr
 
  
  f y,   f E,





2

(26)

where

 
AP  1  cr

f E,

c  0.5

   cr
1 
f y,


 E a 

2

  cr

 
 f y,

 b 2

(27)

(28)

The expression APθ corresponds to the left-hand side
expression of Ayrton-Perry equation in Eq. (16). At room
temperature, the value of bθ is zero, and Eq. (26) reduces
to Eq. (16). Eq. (26) is quartic and there exist four roots.
Only one of the four roots satisfies the condition that the
critical load ζ cr is equal to the yield strength fy,θ when the
non-dimensional slenderness  is zero, and the other
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Figure 4. Ratio of predicted to FEM strength depending
on column slenderness (at temperature 500 °C)

(a) Proposed equation

4. Conclusion
In this study, an analytical solution for flexural buckling
of steel columns at elevated temperatures was developed
by extending the classical inelastic column model of
Shanley. The primary motivation was to propose a
mechanics-driven and more accurate column buckling
equation at elevated temperatures. The proposed equation
was evaluated by comparing with finite element analysis
results. The equation proposed in this study showed best
performance with minimum variance. However, many
predictions by EC3 and AISC design equations exceeded
or fell below the FEM results by large.
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(b) EC3 design equation

(c) AISC design equation
Figure 3. Comparison of predicted strengths fcr with
numerical results.
shows the best correlation with the FEM results. However,
the prediction accuracy by EC3 formula deteriorates as
the column becomes stockier while the AISC prediction
becomes too
conservative as the column becomes
slender.
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Abstract
Quasi-static cyclic test is one of the major methods to obtain the seismic performance of structural or nonstructural
components and to establish the acceptance criteria of structures. Loading protocol directly affects the seismic behaviors
of the structure in the tests, thus it is a key step in the quasi-static cyclic test plan. But there are significant differences
among the loading protocols accepted by different codes, standards and guidelines. By comparing relevant concepts and
the development of representative cyclic loading protocols, this paper briefly summarized that current loading protocols
for steel structures and reinforced concrete structures can be roughly divided into three types: 1) based on the concept of
yielding, 2) based on the absolute deformation sequence and 3) based on relationship between adjacent steps. In addition,
the basic factors like the number and symmetry of cycles, and the guiding principle to determine the loading sequences
were discussed. The primary principle is to identify a test as verifying test or exploratory test. Finally, recent research on
loading protocols for experimental seismic qualification was introduced.
Keywords: Quasi-static test, Loading protocol, Cyclic loading, Yield point
integral multiple of yield deformation. As shown in Fig.1,
ATC-24 protocol is one of the most widely used formal
protocol. It was derived from history dynamic analysis of
the bilinear single-degree-of-freedom systems with
periods of 0.2, 0.5 and 2.0 seconds.
ECCS-45 includes two procedures: Complete Testing
Procedure and Short Testing Procedure (without
monotonic tests to determine yield displacement). The
significant feature of ECCS-45 is the consideration of
tensile and compressive asymmetry of the components.
For this type, the crucial issue is identification of the yield
point, yet there is no unified definition and expression for
yield point of components or structures. Other similar
protocols were proposed by the Chinese standard JGJ/T
101 (JGJ/T 101, 2015) and the American standard 372.2R
(ACI 372.2R, 2013).

1. Introduction
Loading protocol or loading history plays a key role in
quasi-static cyclic test for seismic performance
assessment and qualification of components or structures.
For the uncertainty of ground motion and the diversity of
structure types, there are significant differences between
the various protocols for steel structures and reinforced
concrete structures. Researchers are hesitant to choose
which protocol for test program at times. The
contradiction between the requirements for separate
protocols in specific cases and the need for global
protocols further increases the complexity of the problem.
The aim of this paper is to help understanding of
employed loading protocols in quasi-static tests.
Classification and basic factors need to be considered
before choosing loading protocols are introduced. Also,
recent research advances of loading protocols are
reviewed.

8
6

Deformation /δy

2. Classification of current loading protocols
A loading protocol need to at least define: the amplitudes
and numbers of the cycles, the amplitude-growth rule, the
maximum amplitude or the stop criterion. While the
general protocols in codes are almost material specific
and based on structural types, the classification here is for
the main differences in their forms. Protocols for
deformation control tests or force-displacement hybrid
control tests can be divided into three types as follow.
2.1. Type I - Based on the concept of yielding
The typical protocols based on the concept of yielding or
yield point are ATC-24 protocol (ATC, 1992) and
ECCS-45 (ECCS, 1986). The amplitudes increase in
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Figure 1. ATC-24 loading protocol
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...

2.2. Type II - Based on absolute deformation sequence
Since the 1994 Northridge, some protocols in the form of
absolute deformation sequence have been proposed.
Based on statistics of dynamic analysis results of 3and 9
story steel moment frames in Los Angels and Seattle, the
SAC protocol for beam-to-column moment connections
was proposed as in Fig.2 (Krawinkler et al, 2000). It
replaced the ATC-24 protocol in AISC Seismic Provisions
for steel moment resisting frames (AISC, 2016) since
2000. Since in relevant analysis, the story drift is
insensitive to the numbers of stories and the story yield
drift ranges mainly around 0.01 radians (Krawinkler et al,
2000), the most significant feature of the SAC protocol is
using absolute values of story drift angle. So, it is more
suitable for most of the regular steel beam-to-column
joints. Similar work for short links in eccentrically braced
frames was conducted (Richards and Uang, 2006) and
also accepted by AISC Seismic Provisions.
Story drift angle (%)

6
4

2

and this type is mainly used for steel structures so far. It is
important to note that the evaluation criteria cannot be
directly followed when using Type II protocols for
emerging systems. For example, since yield drifts of high
strength steel frames are evidently larger than ordinary
strength steel frames (Hu and Shi, 2017), the SAC
protocol corresponding drift and resistance requirements
for SMFs or IMFs need to be reevaluated.
Correspondingly, Type I and Type III protocols are
applicable to different intensity of the ground motion and
to structures with different stiffness and strength
properties. To some extent, Type III protocols can be
regard as a complement and a refinement of the
amplitude-growth rule of Type I. Further discussion of the
relevant concepts is as follows section.
3. Features and recent research
3.1 Features of the loading protocols
(1) “symmetric” loading sequences assume the mean
effects can be neglected. But, the unsymmetrical behavior
of components and details, the asymmetrical arrangement
of the structures, the near-fault ground motion effect and
the unidirectional feature of gravity loads make this
neglect sometimes unacceptable. And it’s not adequate to
establish backbone curves only from fully reversed cyclic
test data (Maison, 2016).
(2) The loading sequences are generally ranged into
cycles of increasing magnitude to match the broader
seismic response under different ground motion and
structural configuration (Krawinkler, 2000).
(3) Generally, a minimum of two cycles at each
deformation amplitude is required and two cycles for each
step allows study at a wider range of deformation. When
strength deterioration tends to be gradual, three cycles
maybe approximate and have been widely used for
concrete structural components.
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Figure 2. SAC loading protocol
2.3. Type III - Based on relationship between adjacent
steps.
For reinforced concrete moment frame and special
unbonded post-tensioned precast structural walls,
ACI Standards (ACI 374.1, 2014; ACI 550.6, 2019) point
that the deformation increase in steps should be neither
too large or too small to avoid uncertain resistance and
deformation capability or even misleading failure modes.
These documents require subsequent amplitude to be
between 1.25 and 1.5 times the previous one and three
fully reversed cycles for each amplitude.
For structural and nonstructural components, which are
drift sensitive, FEMA 461 (FEMA, 2007) restrains the
deformation 1.4 times the amplitude of the previous step
with two cycles for each step.

3.2. Recent research
To consider unsymmetrical displacement histories caused
by gravity loads, Castiglioni and Drei proposed a new
edition of ECCS recommendations (Castiglioni and Drei,
2009). Suzuki and Lignos established asymmetric
collapse-consistent protocols to provide more information
regarding the deteriorating characteristics of steel
columns prior to collapse (Suzuki and Lignos, 2020).
Global or regional protocols for seismic qualification of
specific structural systems have become a matter of
interests for researchers. By comparison of existing
protocols in codes of four countries, global loading
protocols for buckling-restrained braces were proposed
(Aguaguiña et al, 2019).
Specific
protocols
for
self-centering braced frames, buckling-restrained braced
frames, and moment-resisting frames were suggested, for
far-field and near-field earthquakes (Fang et al, 2020).
Considering local seismicity conditions, a regional
loading protocol of steel moment connections for Western
Asia was developed and compared with the SAC protocol
and ATC-24 protocol (Ghassemieh and Mirghaderi,
2021).

2.4. Discussion
Background information on presented protocols indicates
that they are based on similar concepts, but their
applicability and restriction need to be aware of.
The demands on cyclic loading protocols derived from
cumulative damage. Thus, Type II protocols aim at
replicating the load and deformation histories the
structures or components will undergo in earthquakes, and
the premise is that the elasticity limit is confined to a
narrow range. However, it’s difficult to establish this
protocol for components of reinforced concrete structures
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Unbonded Post- Tensioned Precast Structural Walls
Based on Validation Testing and Commentary.
American Concrete Institute.
Federal Emergency Management Agency (FEMA).
(2007) Interim Testing Protocols for Determining the
Seismic Performance Characteristics of Structural and
Nonstructural Components, Report No. FEMA-461,
Redwood City, CA, USA.
Hu, F., Shi, G. and Shi, Y. (2017). Experimental study on
seismic behavior of high strength steel frames: global
response. Engineering Structures, 131, pp. 163-179.
Maison, B. F., and Speicher, M. S. (2016). “Loading
protocols for ASCE 41 backbone curves.” Earthquake
Spectra, 32(4), pp. 2513-2532.
Krawinkler, H. (2009). “Loading histories for cyclic tests
in support of performance assessment of structural
components.” The 3rd international conference on
advances in experimental structural engineering, USA.
Castiglioni, C. A., and Drei, A. (2009). “Analysis of
cyclic procedures for steel and composite members and
connections.” 22°Convegno CTA, Italy, pp. 207-216.
Suzuki, Y., and Lignos, D. G. (2020). “Development of
collapse‐ consistent loading protocols for experimental
testing of steel columns.” Earthquake Engineering &
Structural Dynamics, 49(2), 114-131.
Aguaguiña, M., Zhou, Y. and Zhou, Y. (2019). “Loading
protocols for qualification testing of BRBs considering
global
performance
requirements.” Engineering
Structures, 189, pp. 440-457.
Fang, C., Ping, Y. and Chen, Y. (2020). “Loading
protocols for experimental seismic qualification of
members in conventional and emerging steel
frames.” Earthquake Engineering & Structural
Dynamics, 49(2), pp. 155-174.
Ghassemieh, M., and Mirghaderi, S. R. (2021). “Cyclic
dependency assessment of RBS moment connection in
box-column.” Journal of Constructional Steel
Research, 177, 106472.

3.3. Guiding principle
The primary principle is to clarify the positioning of the
experiment. Some test programs are intended to verify
specific structural system rather than exploring properties
about new systems. Cyclic tests for qualification usually
focus on providing evidence whether the components or
structures satisfy the requirements for deformation and
resistance. Thus, as mentioned above, it may be not
suitable for the SAC protocol to evaluate emerging steel
frame structures.
4. Conclusions
The intensity of the ground motion and properties of
different structures contribute to the diversity of protocols.
Formally, present protocols can be divided into three
types. Type II protocols are explicit but mainly apply to
steel structures and rarely to reinforced concrete
structures. Type I and Type III protocols have been used
for both steel structures and reinforced concrete structures.
And the most important issue in determination or
development of a protocol is to clarify the test aims and
research concerns.
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Abstract
In current seismic design, buildings are designed to form weak-beam type mechanism under severe earthquakes. So, it can
be said that the plastic deformation capacity of beam is the most important parameter in seismic design of buildings. The
plastic deformation capacity or the cumulative damage of beam subjected to cyclic load is generally evaluated by cyclic
loading test and it is expressed by the relationship between the amplitude expressed by the inter story drift angle combined
with columns or the rotation angle of beam and the number of cycles until the ultimate state determined y fracture, local
buckling or other failure mode. As another evaluation method, the cumulative plastic deformation ratio obtained by
dividing the cumulative plastic deformation by the elastic deformation corresponding to the plastic moment is employed
in Japan as damage index of beam. Also, and the ductility factor obtained by dividing the maximum deformation by the
elastic deformation corresponding to the plastic strength is employed as the target value for practical design. In this study,
based on numerical analysis of sub-assembly, the appropriate evaluation index was examined for evaluating the
cumulative damage or the plastic deformation capacity of steel beam.
Keywords: Steel Beam, Damage Index, Numerical Analysis
inter story drift angle, while a long-span beam is in elastic
range, a short-span beam is yielded and damaged.
Therefore, it can be said that the inter story drift angel and
rotation angle are indexes that are affected by the span
length.

1. Introduction
The cumulative damage or the plastic deformation
capacity of beam subjected to cyclic load is generally
expressed by the relationship between the amplitude
expressed by the inter story drift angle of sub-assembly or
rotation angle of beam itself and the number of cycles
until the ultimate state determined by fracture or other
failure mode such as local buckling. For example, the
loading history proposed in FEMA-641 (FEMA, 2007)
schematically shown in Figure 1, that is widely used as a
standard loading history for structural experiment to
examine seismic performance, is to be controlled by the
deformation of sub-assembly that corresponds to the inter
story drift of buildings. In addition to evaluating the
deformation capacity of beam in relation to the inter story
drift angle of sub-assembly as described above, there are
studies evaluating the deformation capacity of beam in
relation to the rotation angle of beam itself (Kishiki et. al.,
2019). In experiments focusing on the deformation
capacity of the beam while keeping the columns in the
sub-assembly in elastic range, the rotation angle of the
beam is obtained by subtracting the elastic deformation
angle of the column from the inter-story drift angle of the
sub-assembly. In such cases, the rotation angle of the
beam is closely related to the inter story drift angle of the
sub-assembly. Evaluating the cumulative damage or the
plastic deformation capacity of beam in relation to the
inter story drift angle of the sub-assembly or the rotation
angle of the beam has the advantage that it is easy to
understand as the performance of a part of the building.
However, if the span is different for the same cross section,
the yield deformation will be different for the long beam
and the short beam, so the degree of damage will be
different for the same inter story drift angle of
sub-assembly. For example, under a certain degree of
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Figure 1. Schematic of the Loading Protocol of FEMA461
On the other hand, in Japan, as an index of the cumulative
damage or the plastic deformation capacity of steel beam,
the cumulative plastic deformation ratio obtained by
dividing the cumulative plastic deformation by the elastic
deformation corresponding to the plastic moment is

262

q /qp

employed. Also, the ductility factor obtained by dividing
the maximum deformation by the elastic deformation
corresponding to the plastic strength is employed as the
target value for practical design. Definition of the
cumulative plastic deformation ratio and the ductility
factor is shown in Figure 2. Since these indexes use elastic
deformation corresponding to the plastic moment, which
is defined as unit plastic deformation as the reference, it is
convenient for unified evaluation of the plastic
deformation capacity or the damage of members with
different spans and depth of cross section. Also, in Japan,
the standard loading history used for cyclic loading test of
steel member is based on the elastic deformation
corresponding to the plastic moment as schematically
shown in Figure 3 (BRI and JISF, 2002). However, those
indexes are not directly related with the story drift angle
of building.
In this study, in order to examine the relationship between
the strain history of the beam end which is the governing
parameter of the plastic deformation capacity of beams
determined by fracture and indexes of the cumulative
damage and the plastic deformation capacity of steel
beam, a series of numerical analysis of sub-assembly
subjected to monotonic and cyclic load is conducted. In
the analysis, parameters of geometry, material, and
loading history are used to clarify the effectiveness of
each index.
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Figure 3. Schematic of the Loading Protocol of JISF
2. Numerical Analysis
2.1 Analytical Model
In this study, sub-assembly consisted with H-shaped steel
beam and H-shaped steel column schematically shown in
Figure 4, is used for analysis. Detail of the
beam-to-column connection is typical shop welding type
in Japan. That is, flange of beam is connected by complete
joint penetration groove weld and web of beam is
connected by filet weld, and current Japanese type of weld
access hole (AIJ, 2007) exists at the beam-to-column
connection.
Parameters of the model are geometry of beam and steel
grade. List of the analytical models are shown in the Table
1. As for the geometry of the beams, span length L and
height of the cross section hb were chosen as parameter.
As for the steel grade, 400N/mm2 class structural steel
(SN400; JIS, 2012), 490 class N/mm2 structural steel
(SN490; JIS, 2012) and 590 N/mm2 class high
performance steel (SA440; JISF, 2004) were used for
analysis.
2.2 Analytical Method
Analytical method adopted in this study is in-plane
analysis method described in previous study (Yamada and
Jiao, 2016). That is, the moment curvature relationship
(M-ϕ) of a certain beam section is derived through the
internal force balance under the assumption of the plane
section. Then, the load-deformation relationship (M-θ) of
the beam is derived by integrating the moment-curvature
relationship along the beam span. In the analysis, column
and panel is modeled as elastic spring set at the fixed end
of cantilever beam.

Figure 2. Definition of the cumulative plastic deformation
ratio and the ductility factor
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2.3 Hysteresis Model of Material
Multilinear hysteresis model of structural steel
considering the Bauschinger effect is employed in the
analysis (Yamada et. al. 2016 for SN400 and SN490 /
Yamada et. al. 2020 for SA440). The hysteresis model is
consisted with the skeleton curve and the Bauschinger
part. The Bauschinger part was modeled as bilinear based
on the experimental data of cyclic loading test on steel
elements. The skeleton curve is the true stress - true strain
relationship converted from coupon test results under the
assumption that volume of the material remains constant.

3.1 Comparison of Damage on Beam with Different
Geometric Condition
The relationship between the strain of the flange at critical
section and the story drift angle in the cases the
subassemblies with different span lengths is shown in
Figure 6. Also, the relationships between the strain of the
flange at critical section and the cumulative plastic
deformation ratio is shown in Figure7.
With the same strain of the flange at critical section, the
longer the span, the larger the inter story drift angle. The
story drift angle is the index which express the normalized
deformation of the building, but to show the damage level
of each member, it is necessary that geometric conditions
such as span should be in a certain range.
On the other hand, the cumulative plastic deformation
ratio is approximately same value with the same strain of
the flange at critical section, except in the case of short
span model (L = 2 m) in which shear deformation is
relatively large. It can be seen that there is a strong
correlation between the cumulative plastic deformation
ratio and the bending strain of the flange at critical section.
For the comparison of sub-assemblies with different
geometric conditions, it can be said that the cumulative
plastic deformation ratio is a suitable index of damage.

2.4 Analytical Results
The load-deformation relationship and the strain of the
flange at critical section that corresponds to the toe of
weld access hole were obtained by analysis. Example of
load-deformation relationships is shown in Figure 5.

3.2 Comparison of Damage on Beam with Different Steel
Grade
Figure 4 Analytical model (Sub-assembly)

The relationship between the strain of the flange at critical
section and the story drift angle in the cases the
subassemblies with different steel grade is shown in
Figure 8. Also, the relationships between the strain of the
flange at critical section and the cumulative plastic
deformation ratio is shown in Figure 9 In the range that
story drift angle is relatively small, the strain of the flange
at the critical section is approximately same value
regardless of the steel grade. On the other hand, the
cumulative plastic deformation ratio has a different
relationship for each steel grade with respect to the strain
of the flange at the critical section. It is known that the
relationships of structural steel as material between the
strain amplitude and the number of cycles until fracture
are approximately same regardless of the steel grade.
(Ono et. al. 2000, Toucht.al., 2021) Therefore, in
comparing the damage or plastic deformation capacity of
steel beams with different steel grade, it can be said that it
is suitable to use the story drift angle as an index with
limitation of the applicable range of amplitude.

Table 1 List of the analytical models
Beam Section
Column Section
H-h b ×b b× w b ×t b (mm) H-h c ×b c× w c ×t c (mm)
H-400×200×9×16
H-600×250×12×25
H-800×300×14×28

Span
L (mm)
2,000
H-400×200×28×16
4,000
×
6,000
H-600×200×36×25
8,000
10,000
H-800×300×36×28
12,000

3. Examination of the Index
In this chapter, the index for evaluation of damage or
plastic deformation capacity on steel beam is examined.
In the short paper, due to the limitation of the page, the
examination with a part of the analysis result of
monotonic loading is introduced.
Moment at Column Face (kN m)
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4. Conclusions
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Based on the numarical analysis, the appropriate
evaluation index for evaluating the damage or the plastic
deformation capacity of steel beam was examined. The
conclusions can be summarized as follows.
The cumulative plastic deformation ratio is a suitable
index of damage comparing sub-assemblies with different
geometric conditions but same steel material.

0.2

Figure. 5 Example of Load-deformation relationships
(H-600×200×12×25, SN490, Monotonic Loading)
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η [Cumulative Plastic Deformation Ratio]

The story drift angle is a suitable index of damage
comparing sub-assemblies with different steel material
with limitation of the applicable range of amplitude.
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Figure 7. Relationship between strain of the flange at
critical section and cumulative plastic deformation ratio
under monotonic loading (H-600×200×12×25, SN490)
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Figure 8. Relationship between strain of the flange at
critical section and story drift angle
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Abstract
Recently, over magnitude 5.0 earthquakes were stricken near Gyeongju and Pohang in southern Korea in 2016 and 2017,
consecutively. These earthquakes contained both low-frequency and high-frequency component. Due to the earthquake
including such high-frequency motions, nonstructural earthquake damage has been observed relatively more that
structural system. Consequently, seismic design or performance evaluation of nonstructural component in critical
facilities has been emerging a key area in Korea. This study presented the reconciliation of the results of experimental and
numerical analysis using high fidelity simulation Finite Element (FE) simulation in ABAQUS platform for
press-to-connect piping system as a nonstructural component. The press-to-fit piping systems based on NFPA-13 included
two elbows, two sockets and one T-joint. The piping system was bolted at the end and all ends of the piping system bolted
under the experimental test were connected to the tri-axial load cell and a rosette strain gage was attached to the crown of
the elbows, mainly occurring the damage. In addition, cyclic loading protocol was applied by using KBC 2016, ±0.02h
(±60mm). As a result, it was interesting to note that the Von-Mises stress based on ASME Section II Division I criterion
was satisfied during the experimental test. Also, there was no leakage or plastic deformation of the piping system. In order
to validate the FE model, a 4-node shell element (S4R) commonly used in the ABAQUS platform was conducted. The
boundary conditions and loading conditions were applied in the same manner according to the experimental conditions.
The results from the high fidelity simulation model of the piping system was extremely identical to those of the
experimental test. More specifically, the error of von-Mises stresses at upper and lower elbows was less than 5 percent and
then the angel between the elbows was less than 2 percent corresponding to the limit state of the drift ratio of the building
system.
Keywords: High frequency motion, Piping System, Press-to-Fit, Building-Piping interaction
piping system significantly increased on applying the
seismic isolator. Kim et al. (2019) conducted an
experiment to analyze the seismic behavior of a riser
pipeline with a flexible grooved joint. As a result, the
von-mises stress in the pipeline elbow was lower than the
permissible stress, confirming that the pipeline was safe
against earthquake loads.
In this study, we conducted a structural performance
evaluation of a pipeline to ensure seismic safety in the
press-fit connector joints. Additionally, we developed a
high-fidelity simulation FE model of the pipeline to verify
the analytical model based on the experimental data.

1. Introduction
In 2016, the Gyeongju earthquake caused a great deal of
damage to the non-structural elements of buildings, such
as breakage of glass, pipes, and ceilings in apartment
interiors (Lee et al., 2016). Oh and Shin (2016) reported
that the predominant frequency of the Gyeongju
earthquake was over 5Hz, which falls within the natural
frequency range of general structures. Any damages in the
riser pipelines installed in the interior and exterior of
buildings for the supply of gas, living water, and
fire-fighting water can lead to water and gas leakage,
thereby causing secondary damages such as a blast or a
flood. In 1994, the Northridge earthquake in the United
States damaged the water supply pipes of Olivia View
Hospital, causing a flood. Similar damages were reported
in 1999 in Taiwan due to the Chi-Chi earthquake.
Considering these events, research has been conducted on
improving the seismic safety of pipelines in critical
facilities. Ryu et al. (2018) studied the effects of
improving the seismic performance of the piping system
in a seismically isolated low-rise building in the event of
seismic activity. A multi-story piping system was
developed, with the grooved tee joint designed using the
finite element (FE) model, which was verified by
experiments. As a result, the seismic performance of the

2. Experimental Test
2.1. Test Set-up
We developed a specimen for evaluating the seismic
performance of a riser pipeline with the press-fit
connector placed between 610 mm and 305 mm from the
ceiling and the floor, respectively, as per the NFPA13
recommendation, shown in Figure 1. The piping system
was developed using SUS304, was 3000 mm long and 114
mm wide with a thickness of 1 mm, and comprised of a
tee, two elbows, and two sockets.
As seen in Figure 2, a 3-Axial Load cell was attached to
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2.3. Test Result
We evaluated the behavior of the upper and lower elbows
of a riser pipeline while considering the critical
component of the piping system. The von-mises stress in
the pipeline was calculated using the strain measured on
the crown of the elbow, and maximum stresses of 205
MPa and 405 MPa in the lower and upper elbows,
respectively, in the opening mode of the 10th cycle. The
minimum tensile strength of the pipe material (SUS 304)
was 205 MPa and the allowable stress (Sm), which is 2/3
of the minimum tensile strength, was measured as 137
MPa (ASME Section II Part D, 2019). Additionally, when
the calculated stress under Level D service loading
condition was less than 3Sm (410 MPa) in the ASME
Boiler & Pressure Vessel Code Section III Division I, the
piping system with the press-to-connector is considered to
be safe against earthquakes.

the reaction plate of the upper, lower, and branch pipes,
and the strain response was measured using a strain gage
attached to the elbow and tee.

Figure 1. Experimental test set-up drawing

3. High Fidelity Simulation Model
3.1. Finite Element Model
An FE model of the piping system with the press-fit
connector was developed using ABAQUS platform. Due
to the geometrical features of the tee joint, a three-node
(S3) and a four-node (S4R) shell elements were used,
whereas the other piping components used a four-node
shell element (S4R). Therefore, the total number of
elements and nodes were 31,751 and 32,360, respectively.
The number of elements, nodes, and element properties
used in each component is summarized in Table 1. The
elastic modulus E=184,000 MPa, Poisson's ratio υ=0.3,
yielding stress σy=430MPa, and ultimate stress
σu=740MPa were applied to the finite element model.
Furthermore, the plasticity material properties were
applied using the kinematic hardening method for
analyzing the cyclic load.

Figure 2. Sensor location
2.2. Cyclic Loading Test
Furthermore, the seismic performance of the riser pipeline
was evaluated through the cyclic loading test for the
allowable side sway of 0.02 h (±60 mm) as per the Korea
Building Code (2016). The load was applied to the
pipeline through displacement control at a speed of
20mm/min, as shown in Figure 3. To depict actual seismic
conditions, pipes were filled with water and pressurized
with an internal pressure of 2 MPa using an air-water
booster.

Figure 4. Finite element model
Table 1. Element properties
Number of
Component
nodes
Elbow
12,440
Tee
9,086
Socket
1,408
Pipes
9,426
Total
32,360

Figure 3. Description of cyclic loading test

267

Number of
elements
12,312
9,063
1,280
9,096
31,751

Element
type
S4R
S4R & S3
S4R
S4R
-

3.2. Validation of FE Model
The analytic and experimental results of the lower and
upper elbows were compared to verify the FE model,
which showed errors of approximately 9% and 8%,
respectively, as seen in Figures 5(a) and (b). Additionally,
a difference between the opening and the closing modes in
the 10th cycle was observed in the experimental results,
which was due to the slip of the elbow connection.
However, this difference was not observed in the FE
model because slip was not considered. The deformation
angle of the elbows is summarized in Table 2. Because the
contact of connection was not considered in the FE model,
a substantial error was observed in the maximum
deformation angle range of the lower elbow.

(1) The von-mises stress of the lower and upper elbows
obtained from the cyclic load tests were confirmed to be
safe against seismic loads because they satisfied the Level
D Service Loading conditions of ASME Section III,
Division I.
(2) A difference in the responses of the opening and
closing modes of the 10th cycle was observed due to the
slip of the elbow connection.
(3) On comparing the analytical and experimental results,
the overall trend of the von-mises response was found to
be similar, and the maximum error was approximately
9%.
(4) In the experimental results, the maximum deformation
angle range was calculated as 4.09, which was different
from the analysis results. Similar to the stress response,
this was caused because the contact of the connection was
not considered in the analysis model.
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Table 2. Deformation angle in elbow
Max.
Lower elbow
Upper elbow
deformation
Test
FEA
Test
FEA
angle
+
2.26
0.79
1.90
1.34
1.83
0.79
1.49
1.35
Range
4.09
1.58
3.39
2.69
4. Conclusions
In this study, we conducted an experimental study to
evaluate the seismic safety of a riser piping system with
press-fit connectors. In addition, we developed an FE
analysis model to compare and verify the experimental
and analysis results, which resulted in the following
conclusions:
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Abstract
Steel moment connections are a key element in moment frames that should resist forces transferred from adjoining beams
and columns. Since the force transfer mechanism in the joints is complex, experimental tests have been often carried out
to investigate their cyclic behavior. However, experiments require enormous time and costs, so that it is difficult to test
specimens considering all possible combinations of test variables. In this study, finite element (FE) models were
constructed to explore the cyclic behavior of welded unreinforced flange-welded web (WUF-W) steel moment
connections. To acquire the accuracy of the FE analyses, combined material hardening model was established based on
the uniaxial and low cycle fatigue tests of steel coupons.
Keywords: Moment connection, WUF-W, Cyclic behavior, FE model, Material model
limiting stress (k)] and eight nonlinear material parameters
(
) should be determined for
each steel grade. In this study, material parameter
values were determined by minimizing the objective
function using particle swarm optimization. The

1. Introduction
The Welded unreinforced flange-welded web (WUF-W)
connection is a prequalified connection used for special
moment frames (SMFs) [AISC 358-16 (AISC, 2016)].
Adjoining beams and columns are welded to the WUF-W
connection. To verify the cyclic performance of WUF-W
connections, experiments were conducted by previous
studies (Ricles et al. 2000, 2002, Lee et al. 2005a, 2005b).
Analytical studies were also conducted with finite element
(FE) analyses by (Chi et al. 1997, El-Tawil et al. 1998,
Mao et al. 2001, Han and Kim 2017).
To obtain accurate analysis results through FE analyses,
material model should be accurately constructed (Han and
Kim, 2017)
In this study, a finite element model developed by Han and
Kim (2017) was adopted to simulate the cyclic behavior
of WUF-W connections. Unlike the previous study, a
combined hardening model was used, which can
accurately predict both isotropic and kinematic hardening
behavior of steel material. To determine the values of
material model parameters, low cycle fatigue tests of steel
material used for WUF-W connections were conducted.

objective function was calculated using Eq. (1)

(1)
Here, 𝑀 is the number of specimens for each steel grade,
𝑁 is the number of data points for each specimen, and
and
are the measured and calculated stresses at the 𝑖 th
step, respectively.
Fig. 1 also shows the simulated LCF behavior, which
accurately matched the measured behavior.

2. Material models
To evaluate the nonlinear behavior of structural steels,
LCF (Low Cycle Fatigue) tests were conducted. Steel
grades SS275 and SM355 were tested, which were used
for beams and columns, respectively. The LCF tests was
conducted in accordance with ASTM E606/E606M.
Fig.1a and 1b show LCF test results at a true strain of 5%
for SS275 and SM355, respectively.
In this study, the combined hardening model proposed by
Chaboche (1986) was used to simulate the nonlinear
behavior of structural steels, which could reflect the
isotropic and kinematic hardening behaviors of steel
materials.
For combined hardening model, the values of two linear
material parameters [elastic modulus (E) and initial elastic

Fig.1 LCF tests for SS275 and SM355 at a strain of 5%
3. Simulation of cyclic behavior of WUF-W
connections
In this study, FE model was adopted from Han and Kim
(2017). A commercial software ABAQUS CAE / standard
(Dassault system 2012) was used to analyze the cyclic
behavior of the WUF-W connections. In FE model, brick
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element with reduced integration (C3D8R) was used.
Element C3D8R is the first-order reduced-integration
element. Although this element requires less computation
than elements C3D8 and C3D8I due to the reduced
integration of element C3D8R, hourglass mode is a
concern for this element, resulting in zero energy mode.
This problem was resolved by using multiple elements
through the thickness. Flanges of beams and columns
were divided by four layers throughout their thickness. Fig.
2a and 2b show actual test setup and FE model,
respectively. In this study, exterior connections were
considered. In test setup, both ends of the column were
supported by pins, displacement in the X, Y, and Z
directions and rotation in the X and Y directions were
restrained in the FE model. Only rotation in the Z axis was
permitted at the pins. The lateral displacement at the
location of the lateral support in Fig. 2a was constrained
in the FE model.

(web thickness) x 35 (flange thickness) and H692x 300 x
13x 20 sections, respectively, whereas those of specimen
D900-B were made with H458× 417× 30× 50and H890×
299× 15× 23 sections, respectively. All column and beam
members were made of steel grades SM355 (Fy=325 MPa
and Fu=490 MPa) and SS275 (Fy=245 MPa and Fu=400
MPa), respectively.
4. Comparison of hysteresis behavior of WUF-W
connection
Figure 11 shows the actual and simulated cyclic curves for
collected specimens. The cyclic curves simulated with
FEA match those obtained from experimental tests. In Fig.
12, cumulative energies dissipated by specimens T1 and
T5 are also plotted according to drift ratios. It is observed
that cumulative dissipated energies calculated using FEA
results agrees well with those using test results.

Fig. 3 Hysteresis curve of D700-B and D900-B
Fig. 4 shows measured and calculated cumulative
dissipated energy according to drift ratios. From this
figure it is observed that the amount of the cumulative
dissipated energy was fairly accurately predicted using
simulated cyclic curves. The errors in the cumulative
dissipated energy at the final loading stage were only 4.1%
and 5.4% for specimen D700-B and D900-B, respectively.

Fig. 2 Test setup for WUF-W connections and FE model
Figure 3 shows measured cyclic curves of specimens
D700-B and D900-B tested by Han et al. (2014). The
columns and beams of Specimens D700-B were made
with H428 (beam depth in mm)x 407(flange width) x20
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This indicated the accuracy of FE model and material
model used in this study.
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Fig. 4 Cumulative energy dissipation
of D700-B and D900-B
5. Conclusions
In this study, the cyclic behavior of WUF-W connections
was simulated using FE model. FE model was adopted
from the previous study by the authors [Han and Kim
(2017)]. However, unlike, previous study, combined
hardening material model was used for analyses. The
values of material model parameters were determined
using the particle swarm optimization. For this purpose,
low cycle fatigue (LCF) tests were conducted for steel
grade SS 275 and SM 355. By using the values of material
model parameters, the LCF behavior of SS 275 and SM
355 were accurately simulated. In addition, cyclic
behavior of WUF-W connection specimens D900-B abd
D700-B were also accurately simulated with the FE model
with combining hardening material model used in this
study. The errors of the calculated cumulative dissipated
energy at test termination were only 4.1% and 5.4% for
specimens D700-B and D900-B, respectively.
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Abstract
Seismic design of nonstructural elements has recently become one of the major topics in earthquake engineering because
of increased concerns about their massive damage reported in recent earthquakes. Suspended ceiling systems are among
the most frequently reported earthquake-vulnerable nonstructural elements. Despite their importance, a rational seismic
design procedure for suspended ceiling systems has not been developed because of their complicated behavior and lack of
reliable test data. In this study, their seismic performance and dynamic characteristics were evaluated based on a series of
shake table test. In particular, two large-size ceiling systems, comparable to an actual constructed size, was tested using an
array of two shake tables and a highly stiff test frame with overall dimensions of 13 (length) × 5 (width) × 3 (height) m. A
total of nine specimens having typical ceiling configurations were tested with including a rigidly braced ceiling specimen
as recommended by current design standards. Based on test results, some of the key engineering parameters such as the
acceleration amplification factor and the natural frequency were identified, and overall seismic performance was
evaluated. The test results showed large differences in dynamic characteristics between ceiling systems hung by hanger
wire and hung by hanger bolts because of the difference in boundary conditions formed by the connection details used in
each system. Based on observed behavior, a simplified analytical model was proposed which showed satisfactory results
in predicting the natural frequencies of test specimens. The median acceleration amplification factors observed in the test
specimens were about 1.78 and 1.66 for the vertical and horizontal directions, respectively. Each test specimen showed
distinctive failure modes which are caused by the difference in member types and connection details used for the ceiling
grid frames. A ceiling specimen strengthened by rigid brace exhibited only slightly improved seismic performance mainly
due to the low in-plane stiffness of ceiling grids; the degree of damage observed was comparable to non-seismic ceiling
specimens. The damage evolution of each ceiling system was traced through incremental-intensity shake table testing,
and the limitations and side effects resulting from rigid brace was also discussed.
Keywords: Nonstructural elements, Seismic design, Shake table tests, Suspended ceiling systems, Component
amplification factors
1. Introduction
During the recent 2016 Gyeongju and 2017 Pohang
earthquakes, severe failure of nonstructural elements was
observed although the magnitude of earthquakes was
moderate with only minor to structural elements.
Suspended ceiling systems are among the most frequently
reported earthquake-vulnerable nonstructural elements
which has received a significant academic attention
during the recent decade. Despite their importance, a
rational seismic design procedure for ceiling systems has
not been developed because of their complicated behavior
and lack of reliable test data.
In this study, shake table tests of suspended ceiling
systems were conducted which have various
configurations. Specimens include direct- and
indirect-hung suspended ceiling systems which are
widely used in the U.S. and South Korea, respectively.
Also, a specimen strengthened by a rigid brace, in
accordance with ASTM E580, was fabricated, and its
seismic performance was evaluated. Based on the test
results, the physical behavior of the tests ceilings was

(a) Direct-hung T-bar
lay-in ceiling (DTL)

(b) Indirect-hung T-bar
lay-in ceiling (ITL)

(c) Indirect-hung M-bar
continuous ceiling (IMC)

(d) Braced Direct-hung T-bar
lay-in ceiling (DTL-B)

Figure 1. Typical ceiling specimen configurations
analytically modeled, the key dynamic properties were
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identified, and evolution of ceiling damage according to
increments in the shake-table input intensity was traced.
2. Experimental Program
In this study, a total of nine specimens were tested.
Specimens consist of four types of ceiling systems which
are direct-hung T-bar ceiling, indirect-hung T-bar and
T&H-bar ceiling, and indirect-hung continuous M-bar
ceiling where ceiling panels are screw-attached to ceiling
grids. Key information about test specimens is
summarized in Table 1.
As shown in Figure 1, the main differences between
direct- and indirect-hung ceiling systems lie in the types
of vertical members and the details of the connection of
the ceiling grids to the floor above. For direct-hung
ceiling systems, hanger wires are used as a vertical
element which are directly looped through the holes in the
main T-bar. In the case of indirect-hung ceiling specimens,
hanger bolts are used to connect the grid system to the
floor slab. Because the entire ceiling grid is hung through
the carrying channel, it is classified as an indirect-hung
ceiling system.
Generally, suspended ceiling systems are retrofitted
following the requirements prescribed by ASTM E580.
ASTM E580 provides recommendations for reducing the
seismic damage of suspended ceiling systems based on
the seismic design category of buildings. For ceilings
installed in the seismic design category C buildings, a
minimum clearance of 10 mm at all the edges of ceilings
is recommended to accommodate ceiling displacement.
For ceiling installed in the seismic design category D
buildings, the movement of ceilings should be restrained
using pop rivets or seismic clips which connect ceiling
grid members to perimeter walls. If the ceiling exceeds
100 m2, ceiling braces are required instead of pop rivets or
seismic clips. In this study, a specimen strengthened by
rigid braces was fabricated in order to evaluate the
effectiveness of rigid brace enhancing the seismic
performance of suspended ceilings (Figure. 1(d)).
Indirect-hung continuous M-bar ceilings are known to
have relatively higher seismic performance than other
lay-in type ceiling systems (T-bar, T&H-bar) because
every ceiling panels are screw-attached to ceiling grids.
Therefore, for indirect-hung continuous M-bar ceiling,
two large-size ceiling specimens having overall

Figure 2. Horizontal RRS &TRS for shake table tests of
suspended ceiling specimens
dimensions of 13 (length) × 5 (width) × 3 (height) m were
fabricated in order to increase the exerted inertial force of
the ceiling specimens.
Shake table tests were conducted according to the
loading protocol recommended by ICC-ES-AC 156,
which has been widely used to evaluate the seismic
performance of non-structural elements. Artificial ground
motions were generated to match the required response
spectrum developed from two parameters, the story height
ratios (z/h = 1.0) and the design spectral response
acceleration at short periods (SDS = 0.50g), which
correspond to the highest seismic demand according to
Korean Design Standard 41 17 00. Figure 2 shows the
required response spectrum and the test response
spectrum which was obtained from the generated artificial
ground motions.
3. Test Results
Figure 3 shows the acceleration amplification factor
measured from each specimen in the horizontal and
vertical directions.
The median amplification factors of all the non-seismic
ceiling specimens were 1.78 and 1.66 in the horizontal
and vertical directions, respectively. These are almost two
times the acceleration amplification factor (ap = 1.0)
specified for the ceiling by ASCE 7-16.
For the braced ceiling specimen (DTL-B), acceleration
amplification factors were measured at the two points
because the ceiling movement was restrained only at the

Table 1. Key properties of ceiling specimens
Specimen

Ceiling type

DTL
DTL-B
ITL
ITL-R1
ITL-R2

Direct hung suspended
T-bar ceiling

ITHL
IMC-M
IMC-L
IMC

Indirect hung suspended
T-bar ceiling

Panel Type

Ceiling size
(m)

Lay-in

3.79 × 3.79

Indirect hung suspended
T&H-bar ceiling
Indirect hung suspended
M-bar ceiling

Continuous
(screw-attached)

12.8 × 4.85
3.79 × 3.79
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Input
direction
3d
3d
3d
1d
1d

Boundary type
(clearance)
Free (15 mm)
Braced (25 mm)
Free (15 mm)
Free (410 mm)
Free (410 mm)

Plenum
height (m)
0.80
0.80
0.65
0.65
0.65

3d

Free (15 mm)

0.65

1d
1d
3d

Free (15 mm)
Free (15 mm)
Free (15 mm)

1.00
1.00
0.65

Figure 4. Failure pattern of DTL specimen at the end of
test
(a) Acceleration amplification (Hor.)

Figure 5. Failure pattern of ITL specimen at the end of
test

(b) Acceleration amplification (Vert.)
Figure 3. Measured acceleration amplification factor
grid member where the brace is directly installed. For
restrained members, the specimen almost showed rigid
body motion as intended with median amplification of
1.65. However, because of the low in-plane stiffness of
ceiling grids, the restrained effect was only limited to grid
members directly attached to the braces. The movement
of the perimeter members was unrestrained which caused
large acceleration amplification factor which is close to
that of the non-seismic ceiling specimen (DTL).
Figure 4 shows the failure mode of DTL specimen. The
main cause of failure was the pounding force as the
ceiling contacts with perimeter walls. The pounding was
initiated at RRS 75% (Peak floor acceleration (PFA) =
0.48 g) as ceiling movements exceed an edge clearance of
15 mm. As input magnitude increases, the failure of grid
connections was observed because the latch connection
detail was used for ceiling grid members which are
susceptible to pounding forces. The perimeter grid
members failed at RRS 100% (PFA = 0.65 g), and ceiling
panels started to dislodge at RRS 150% (PFA = 1.05 g). At
the end of the test (RRS 225%, PFA = 1.43 g), about 30%
of the total ceiling area was dislodged.
Figure 5 shows the failure mode of ITL specimen.
Compared to DTL specimen, ITL shows much higher
seismic performance showing only minor ceiling
dislodgement at the end of the test. As mentioned
previously, ITL specimen uses hanger bolts as vertical
members whereas DTL specimen uses hanger wire as
vertical members which caused a difference in their
natural frequencies (DTL = 0.56 Hz, ITL = 2.02 Hz) and
their dynamic behavior. Since a stiffer system generally
shows less displacement response, ITL specimen started

(a) Failure of carrying joint

(b) Failure of M-bar clip and hanger

r
Figure 6. Observed damage of IMC-C specimen

to pound to perimeter walls at RRS 100% (PFA = 0.56 g).
Also, as shown in Figure 1, the carrying-channels which
are installed above the ceiling grids provide in-plane
stiffness restraining disconnection between grid members
even after their latch connections were damaged.
Figure 6 shows the failure mode of large-size continuous
ceiling specimens (IMC specimens). Compared to
progressive local dislodgement of lay-in panel specimens
(DTL, ITL, ITHL), global failure of ceiling panels was
observed. As shown in Figure 5, the failure was initiated
from the carrying channel joints. As joints were
disconnected, they were subjected to bending moments
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Figure 7. Failure pattern of DTL-B specimen at the end
of test
and torsion due to the pounding forces imposing
significant force demands to all the ceiling grid
connections (Figure 6 (b)).
Figure 7 shows the failure mode of the braced ceiling
specimen (DTL-B). Even though the ceiling was
strengthened with rigid braces, similar seismic
performance was observed compared to the non-seismic
specimen (DTL). About 20% of ceiling panel losses at the
end of test (RRS 225%, PFA = 1.28 g).
As previously mentioned, the main cause of the low
seismic performance of braced specimen is the low
in-plane stiffness of ceiling grids. As shown in Figure 8,
large relative displacement was observed between the grid
members directly attached to braces (restrained) and the
perimeter grid members (unrestrained). Therefore, at RRS
100% (PFA = 0.65 g), perimeter grid members were
started to pound to perimeter walls causing failure of
ceiling grid members. As shake table intensity increases,
due to the large relative displacement between the
restrained
and
unrestrained
members,
ceiling
dislodgements were concentrated in the inner side of the
ceiling rather than the perimeter side which is the case for
the non-seismic specimen (DTL).

Fig. 8. Measured displacement between restrained and
unrestrained frame members
(2) The measured acceleration amplification factors were
generally higher than that given by current design codes,
for both the horizontal and vertical direction. The median
acceleration amplification factors in horizontal and
vertical directions were measured to be 1.78 and 1.66,
respectively.
(3) Indirect-hung T-bar ceiling specimen showed higher
seismic performance because of their stiffer vertical
elements and the carrying channels, which restrained
disconnection of ceiling grid members even after their
latch connections were failed.
(4) Large-size continuous M-bar ceiling specimen showed
different failure modes compared to lay-in panel ceiling
specimens. It was observed that the most critical element
for continuous ceiling systems is the connection between
carrying channels.
(5) Braced ceiling specimen did not show improved
seismic performance compared to non-seismic ceiling
specimen. It was observed that the rigidly braced
specimen was subjected to higher horizontal and vertical
acceleration compared to the non-seismic specimen
which had very low natural frequency. Also, due to the
low in-plane stiffness of ceiling grids, restraining effects
provided by rigid braces were only limited to grid
members to which they are directly attached. Therefore, a
large relative displacement was observed between
restrained grid members and unrestrained perimeter grid
members.

4. Conclusions
In this study, shake table tests of various suspended
ceiling systems were conducted using two large-size
uniaxial loading specimens and seven small-size
multi-directional loading specimens. Based on the test
results, their seismic performance and physical behavior
were evaluated, and key dynamic properties were
identified. Also, the seismic performance of a rigidly
braced ceiling specimen was evaluated. The results of this
study can be summarized as follows.
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Abstract
In the design of an H-shaped steel beam, lateral torsional buckling (LTB) failure mode becomes the main issue to be
considered since premature LTB in a beam without lateral bracing may limit the development of strength and ductility of
the beam. Typically, for beam in building structures, reinforced concrete floor slabs casted on the top flange of the beam
may act as lateral support while lateral bracings are added to the bottom flange of the beam. Although the presence of
floor slab is known to be able to increase beam stability, but current design code does not distinguish the bracing
requirements for beams with and without floor slab. In this study, the lateral bracing requirements for beams with floor
slab are investigated. This study reveal that the number of lateral bracings needed for bottom flange can be significantly
reduced with the presence of top flange lateral bracing effect. A design guideline for designing bracings for H-shaped steel
beams with top flange lateral bracing is suggested. The proposed design guideline includes determining the brace
configuration, required brace strength, and brace stiffness.
Keywords: Lateral torsional buckling, H-shaped steel beam, Seismic design, Lateral bracing requirements
seismic type loading. The test results such as the
hysteretic behavior, lateral deformation, and bracing force
were used to calibrate the finite element analysis (FEA)
model which will then be used for conducting series of
parametric studies to investigate the lateral bracing
requirements in the beam with continuous top flange
bracing subjected to seismic type loading.

1. Introduction
The most commonly used H-shaped steel beams are
susceptible to stability issue known as lateral torsional
buckling (LTB) that can significantly reduce the
load-bearing and deformation capacity of the beam.
Lateral bracing was the most common way to enhance the
stability of a beam. In most cases, floor slab is presented
at top flange of the beam, therefore, the lateral
displacement of the top flange will be restrained by the
floor slab. On the other hand, the lateral displacement of
the bottom flange should be prevented by additional
lateral bracings component as shown in Fig. 1. According
to current steel design code (AISC, 2016), the lateral
bracings should be spaced closely enough and have
sufficient stiffness and strength. However, these
requirements are specified by the results of past studies on
the H-shaped steel beam under monotonic loading and
without considering the effect of top flange lateral bracing
(Wang, 1990, Yura, 2001 and Yura, 2002). Very limited
studies are focused on LTB behavior of H-shaped steel
beam subjected to cyclic loading (Nakashima, 2002)
especially those consider the effect of floor slab in
providing the lateral stiffness to the beam top flange. The
effect of top flange lateral bracing to the bracing
requirements in a beam subjected to seismic type loading
has been only briefly investigated in the past (Matsui,
2014). More intensive studies are still required to develop
a more economic method in designing the bottom flange
lateral bracing for the beam with continuous top flange
lateral bracing subjected to seismic type loading.
In this study, two steel beam specimens were tested under

Figure 1. Typical lateral bracing configuration
2. Calibration Test
Two beam specimens, TL-NBL and TL-2BL, were tested
to obtained data required to calibrate the FEA model. The
member highlighted with black line in Fig. 2 is the tested
beam specimens. The beam has cross section of
H250×84×6×9 with length of 4400 mm. The beam is
subjected to seismic type loading through adding lateral
displacement to the top of the loading frame as shown in
Fig. 2. For both beam specimens, lateral bracings were
provided to the top flange, but they have different bottom
flange lateral bracings configuration. In TL-NBL, there
was no bottom flange was provided while in TL-2BL, two
bottom flange lateral bracings were added each at near
each beam end with a distance of Lhd from beam end,
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where Lhd is the maximum unbraced length limitation for
a beam designed as a highly ductile member.

better than that of TL-NBL which is stable, and no
strength degradation is observed before  reach 5% rad.
However, the twist deformation observed at the same
level of  is much smaller in specimen TL-NBL and is
relatively small when significantly large plastic beam end
rotation has been developed. In term of strength
development and twist deformation, specimen TL-NBL
can be considered as a beam that satisfy the requirement
as a highly ductile member although only two bottom
flange lateral bracings were provided (originally, this
beam section need at least four bottom flange lateral
bracings according to current design code). In addition,
the force induced to the attached bottom flange lateral
bracing was also recorded and the maximum force
observed during each level of  (Fbr) are listed in Table 2.
It can be clearly seen that the Fbr increase with the
increase of . This result shows that the required bracing
force formula specifies in current design code which is
independent of member ductility is not appropriate. The
Fbr observed in the bottom flange bracing when p as large
as 4% rad is reached is larger than the required bracing
strength given by the current design code.

Figure 2. Test setup
Fig. 3 shows the M- hysteresis loops of both specimens
(solid line), where M and  are average value of the
moment and rotation, respectively, at both beam ends. The
first important thing to be noted is that although no lateral
bracing was provided to the bottom flange of beam
TL-NBL, the hysteretic loops is stable, and no strength
degradation is observed before  reach 4% rad which is
considered quite large. Beam LTB started to emerge when
the frame is further loaded and observable pinching
behavior in the hysteretic loops become more obvious as
the  is increased. Twist deformation, which is defined as
the difference between lateral deformation of top and
bottom flange divided by the beam depth, is relatively
small before peak load is reached but increase
dramatically after LTB is observed, as can be seen in
Table 1, where max is the maximum twist observed up to a
certain value of .

Table 2. Maximum bracing force Fbr in TL-2BL
F br (kN)

Left brace
Right brace
(% rad)
Test
FEA
Test
FEA
4
5.64
7.56
9.91
7.92
5
10.8
11.0
15.8
11.9
6
12.8
14.5
19.7
14.9
7
14.2
16.5
21.4
16.4
To further investigate the behavior of the beam with top
flange lateral bracing subjected to seismic type loading,
FEA method was chosen so that large number of beams
with different kinds of parameters value can be included
in the study.
3. Finite Element Analysis Model
A commercial finite element analysis software known as
ABAQUS was used to build a reliable analysis model to
simulate the beam behavior under seismic loading. The
beam is modelled using shell elements. The material
nonlinearity and imperfection were also included in the
analysis model which make the reliability of the analysis
model to be highly improved. The comparison of the
hysteretic loops and the value of maximum twist between
experimental test and analysis can be observed from Fig.
3 and Table 1, respectively. The difference between the
results obtain from test and analysis is limited. Comparing
the maximum bracing force obtained from both test and
analysis which are listed in Table 2, it shows that some
discrepancy exists, however, since the magnitude of the
bracing force is highly affected by the initial imperfection
of the beam, this kind of discrepancy is still considered to
be acceptable.
Overall, the results show that the established FEA beam
model can well simulate the LTB behavior of the tested

Figure 3. Hysteretic loops of tested beam specimens
Table 1. Maximum twist deformation  max

(% rad)
3
4
5
6
7
8

 max (rad)
TL-NBL
TL-2BL
Test
FEA
Test
FEA
0.028
0.268
0.042
0.044
0.253
0.414
0.072
0.080
0.448
0.509
0.127
0.134
0.530
0.587
0.194
0.200
0.592
0.650
0.252
0.256
0.645
0.706
-

The hysteretic loops of specimen TL-2BL is slightly
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beam.

ratio. These two parameters shown an obvious effect on
the LTB behavior of H-shaped steel beam while the effect
of width-to- thickness ratio of flange and web seems to be
more unclear. The twist deformation is not affected by the
beam depth if all other section dimensions are also
changed proportionally. Among all the analyzed beam,
beams with Type A, Type B, and Type C bottom flange
lateral bracing configuration may have maximum twist
value ranged from 0.078 to 0.539 rad, 0.016 to 0.426 rad,
and 0.010 to 0.123 rad, respectively. In fact, the degree of
twist deformation which is acceptable for the design has
never been clearly stated in the past. In this study an
allowable twist equal to 0.2 rad is chosen as the
acceptance criteria in term of twist deformation. Using
this value of allowable twist, the length limit for the beam
for using either Type A, Type B, or Type C bottom flange
lateral bracing configuration can be determined and is
summarized in Table 3.

4. Assessment of Lateral Bracing Requirements for
H-shaped Steel Beam with Top Flange Lateral Bracing
The finite element analysis method was used for assessing
the lateral bracing requirements for H-shaped steel beam
with top flange lateral bracing. A total of at least 890
effective analyses had been conducted to investigate the
effect of various parameters to the LTB behavior of the
H-shaped steel beam with top flange lateral bracing. The
considered parameters include the bottom flange bracing
configuration, beam length (L), beam depth (d), beam
depth-to-width ratio (d/bf), and width-to-thickness ratio of
web and flange (h/tw and b/2tf, respectively). The steel
material considered in the analysis is limited to the grade
50 steel with the minimum specified yield strength (Fy)
equal to 345 MPa. However, since the analysis was used
to assess the maximum twist and bracing force, the
expected yield strength of the steel material which is equal
to 380 MPa was used in the analysis instead of the Fy.
Fig. 4 illustrates the bottom flange lateral bracing
configurations observed in this study. In Type A
configuration, no bottom flange lateral bracing is added.
In Type B configuration, one lateral bracing is added at
around mid-span of the beam. In Type C configuration,
two lateral bracings are added to the beam with each
located at distance of Le from beam end. The analyzed
beams have beam length ranged from 3 to 6 times of Lhd,
beam depth range from 600 to 900 mm, beam
depth-to-width ratio ranged from 2.0 to 3.0, flange
width-to-thickness ratio ranged from 0.4 to 1.0 times hd,fl
(where hd,fl is the maximum flange width-to-thickness
ratio for highly ductile member) and web thickness
ranged from 0.45 to 0.65 times flange thickness.

Table 3. Limitation for proposed bottom flange
Type
A
B
C

The other concern needs to be considered is the magnitude
of the maximum bracing force which is needed to
determine how large is the required bracing strength. By
observing the Fbr of beams which satisfying the allowable
twist, it shows that the required bracing strength specified
in current design code is conservative enough for the
beams with d/bf equal to 2.0 but not for the beams with
d/bf equal to 3.0. Since d/bf affect the LTB behavior of
I-shape steel beam significantly, the required bracing
strength equation should include this parameter.
Considering this, a modified equation as expressed in
Eq.(1) is suggested to be used together with the use of the
bottom flange lateral bracing configuration for beam with
top flange lateral bracing proposed in this study.

Floor slab

(a) Type A
Floor slab

Le1

Le2

Pbr  0.02

L

(b) TypeB

Lm

M r Cd
h0

 d bf 


 2 

(1)

Using the lateral bracing configuration proposed in this
study, significantly high saving can be achieved in term of
the number of bottom flange lateral bracings required. As
for the beam section used in the experimental test, the
number of bottom flange lateral bracings can be reduced
from four to only two.

Floor slab

Le

lateral bracing configuration
Beam length
Other limitation
limitation
L ≤ 3L hd
None
3L hd < L ≤ 4L hd
L e1 < L e2 ; L e1 ≤ 0.4L
4L hd < L ≤ 6L hd
0.9L < L e ≤ 1.5L

Le

L

(c)Type C

5. Conclusions
In order to have a deeper understanding regarding the
LTB behavior of H-shaped steel beam with top flange
lateral bracing subjected to seismic type loading, a series
of experimental test and analytical study have been
conducted and the results of the studies are summarized as
follows:

Figure 4. Proposed bottom flange lateral bracing
configuration
The twist deformation and bracing force increase with
increase of either beam length or beam depth-to-width
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6. For the relatively short beam, no bottom flange lateral
bracing is needed; for beam with intermediate length,
only one lateral bracing is needed to be placed at near
beam mid span; and for relatively long beam, only two
lateral bracing is needed to be placed each at near each
beam end.

1. For the beam section tested in this study, even without
adding any lateral bracing to the beam bottom flange,
the LTB behavior of the beam with top flange lateral
bracing is quite satisfactory up to a relatively large
beam end rotation. No strength degradation up to  =
3% rad and shows a good hysteretic behavior.
2. By adding only two bottom flange lateral bracings at
near the plastic hinge region of the beam that originally
need at least four lateral bracing based on the design
code requirement, the performance of the beam up to a
relatively high beam end rotation (i.e.  = 6% rad) is
quite satisfactory. Only limited strength degradation
and pinching behavior are observed from the hysteretic
loops. The twist deformation is also much smaller
compared to the beam without any bottom flange lateral
bracing.
3. The bracing force increase with increase of beam
deformation which means that the required brace
strength should also be larger for member with higher
ductility demand.
4. The analytical study reveals that beam depth-to-width
ratio is section properties that affect the beam buckling
behavior the most. Beam with higher depth-to-width
ratio tend to have larger twist deformation and bracing
force and therefore it is suggested that this parameter
should be included when determining the required
brace strength.
5. When considering the presence of floor slab that can
provide lateral support effect to top flange, number of
the bottom flange lateral bracing needed can be reduced
significantly.
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Abstract
Resilience-based design calls for an explicit and reliable understanding of the risk of life, occupancy, and economic loss
that may occur as a result of future earthquakes. Widely accepted probabilistic assessment method involves extensive
nonlinear time history analyses. To provide a fast estimates of resilience without heavy computational burden, this study
proposed a data-driven approach to Fast Seismic Resilience Assessment. The resilience herein is measured by risk that
represents the earthquake-induced losses during building’s intended life. In the preliminary stage, this study focuses on
the steel moment frame (SMF), whose seismic behavior is clear and modeling quality is controllable. The seismic hazard
and site conditions inquired from the Zonation Map and geotechnical reports, together with the decisive design variables
(stiffness, strength, etc.) are used as inputs. The risk assessed through an IDA-based assessment is used as output. ML
algorithms are used to map inputs to outputs, instead of computationally intensive simulations. Results showed acceptable
accuracy and improved efficiency of the proposed data-driven approach. Gaussian process regression (GPR) achieved the
highest R2 of 0.94 and smallest root square mean error (RMSE) of 0.03. The insights gained from this study are expected
to assist the structural engineers in developing appropriate candidate designs that achieve the desired resilience with
minimal iterations.
Keywords: Fast seismic resilience assessment, Risk, Earthquake-induced losses, Steel moment frame, Machine learning
vector machine (SVM), decision tree (DT), and linear
regression (LR) to predict the damage state of masonry
and RC buildings. They adopted only the ground motions
parameters (e.g., peak ground acceleration (PGA)) as
inputs. The adaptability of their models would be limited
(Xu et al., 2020). Morfidis and Kostinakis (2018) utilized
artificial neural network (ANN) to predict the MIDR of
RC frames and dual systems, taking both ground motion
parameters and structural parameters into consideration.
The model showed robustness to unseen structures and
earthquakes.
Presented in this paper is a novel approach to fast
seismic resilience assessment. Considering the
importance of life-span seismic risk, time-based
assessment is conduct that incorporated the seismic
hazard of a site instead of the characteristics of a ground
motion. Central to approach is a machine learning
framework for mapping the features of sites and buildings
to a resilience measure, i.e., risk. Owing to the clear
seismic behavior and controllable modeling quality, this
preliminary study focuses on the steel moment frames
(SMFs). For the creation of data set, incremental dynamic
analysis (IDA) (Vamvatsikos, 2002) was conducted for
500 SMFs designed to different seismic design intensity
and with various combinations of strength and stiffness.
The prediction ability of regression algorithms including
LR, SVR, CART, RF, and GPR were investigated. The
application of the proposed framework is envisioned as a

1. Introduction
Modern building codes aim to avoid structural collapse
and casualties under rare earthquakes. However,
structural and non-structural damage is inevitable since
the design philosophy mobilize ductility to dissipate
earthquake input energy. The direct monetary loss and
associated disruption of building functionality can have
dire implications on the society and economy.
Consequently, decision makers are interested in
minimizing potential earthquake-induced loss as a metric
of seismic resilience. The FEMA P-58 guidelines (FEMA,
2018) are regarded as the state-of-art paradigm for
building-specific seismic performance assessment.
Nevertheless, it involves extensive nonlinear time history
analyses, which might imped its application in design
practice.
Recently, machine learning has emerged as a
powerful tool to discover knowledge from data in for
building performance assessment and seismic design
(Harirchian et al., 2021; Sun et al., 2021). Zhang et al.
(2018) applied classification and regression tree (CART)
and random forest (RF) to predict the residual collapse
capacity of a four-story RC frame. They used
response/damage patterns as inputs that only worked for a
certain building. Kiani et al. (2019) investigated ten
different algorithms to predict the maximum interstory
drift ratio (MIDR) class of an eight-story special steel
moment resisting frame. Xu et al. (2020) used support
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design aid for the resilience-informed preliminary design.
The proposed approach can also adapt to other structural
systems of interest.

Table 1. Parameters for generating archetypes.
Symbol
Meaning
Values
a
PGA of design basis Function of design
ground motion
seismic intensity
Tg
Design characteristic Function of design
period of ground
earthquake group
motion
and site class
A
Floor area
400, 625, 900, 1225,
or 1600 m2
L
Luxury level of
U(1, 3)
contents
h
Story height
3.0, 3.3, 3.6, or 3.9 m
N
Number of stories
U(2, Nmax)
Damping ratio
0.05
ξ
T
Fundamental period
N(0.03Nh, 0.12)
m
Story seismic mass
1
ki
Initial stiffness of
Eq. (4)
story i
η
Hardening ratio
U(0.2, 0.3)
Vi
Seismic design shear
Eq. (5)
of story i
Cy
Ratio between yield
Cy = Cy1Cy2
strength and seismic
Cy1 ~ U(0.7, 1.0)
design shear
Cy2 ~ N(3, 0.52)
Vy,i
Yield strength of
Vy,i = CyVi
story i

2. Methodology
Fig. 1 shows a schematic framework of the machine
learning-based fast seismic resilience assessment. The
features of archetypal SMFs and sites are collected as
inputs while the resilience indices, herein risk values,
obtained from IDA-based approach are outputs. Different
machine learning algorithms are train to establish the
predictive model.
IDA-based approach

Archetype

Resilience

Physical
model
Data set

Response
analysis
Knowledge

ML-based approach

Data
model

Machine
learning

Figure 1. Framework of fast seismic resilience assessment

2.1.1 Preparation of input data
The generation of archetypes considered six seismic
design intensities, three design earthquake groups and
five site classes. Each of them was randomly generated
and assigned to each archetype, based on which a and Tg
were determined. Together with the damping ratio, the
design response spectrum could be determined.
The code stipulates the structural height limits Hlimit
for different seismic design intensities. The maximum
number of stories was computed as Nmax = Hlimit/h. The
number of stories N are then randomly generated from
U(2, Nmax).
A normal distribution was used for generating
fundamental period T. The expected value was taken as
0.03Nh (Nakashima, 2000) and a standard deviation of 0.1
was used to account for the diversity of stiffness. The
initial stiffness of each story is determined by Eq. (4)
(Nakamura, 1979):
2mπ 2
ki 
 N  N  1  i  i  1
(4)
T12 
where m was the seismic mass of each story. The
hardening ratio, defined as the ratio between post-yield
stiffness and initial stiffness, was assumed to follow a
continuous uniform distribution U(0.2, 0.3) (Sun et al.,
2019).
The seismic design shear in story i was calculated per
Eq. (5):

2.1 Creation of data set
For the creation of data set, 500 archetypal SMF office
buildings were generated following GB 50011-2010 Code
for seismic design of buildings (MOHURD and AQSIQ,
2016), referred to as the code hereafter. The SMFs are
assumed to be regular in both plan and elevation and the
seismic mass of each floor is same. Parameters used to
generate the archetypes are shown in Table 1.
Among the parameters listed in Table 1, independent
random variables that were anticipated to have a high
impact on the seismic risk were taken as input parameters.
They included seismic hazard attributes a and Tg;
architectural attributes A, L, h, and N; and structural
attributes T, η, and Cy. Each archetype could be described
by a vector x as Eq. (1).
x = (xhazard, xarchit, xstruct)
(1a)
xhazard = (a, Tg)
(1b)
xarchit = (A, L, h, N)
(1c)
xstruct = (T, η, Cy)
(1d)
The risk values, R, defined as the annual losses per
100 m2 considering the 50-year probability of exceedance
of earthquakes of different intensities, was taken as output
parameter. The outputs of each archetype could be
described as a scaler y as Eq. (2).
y=R
(2)
The machine learning predictive models worked as a
function f that maps x to y as Eq. (3).
y = f(x)
(3)

N

Vi  1 Ai  G j
j i
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(5)

where α1 was the 1st mode seismic response
coefficient obtained from the design response spectrum;
Ai was the height distribution factor accounting for the
higher mode effects, which was a function of T1 as Eq. (6)
(Marino et al., 2005);

 1
 2T1
Ai  1  
 i 
 
 1  3T1
 i


i





N
j i
N
j 1

Gj
Gj

with seismic hazard of site (Fig. 2(a)) and luxury level of
contents (Fig. 2(b)). The strong correlation between
luxury level and risk indicates the significance of PFA and
contribution of losses of contents. From Fig. 2(c), it can
be seen that the risk increased with the fundamental
period at first and then decreased. This is attributed to the
stricter structure height limit for higher seismic design
intensity. The uneven distribution of structure height and
fundamental period is not favorable as it can bring about
man-made bias. In the next stage of study, uniform
distribution will be preferred. And it also follows the
practice since the structure beyond code limit is allowable
if it is certified by a panel of experts. Fig. 2(d) shows
increased risk along with increasing strength, which
indicates stronger structures may transmit increased
accelerations and increase the potential for damage to
acceleration-sensitive components.

(6a)

(6b)

and Gj (= 0.85mg) was the equivalent seismic weight
at level j, where 0.85 was a reduction factor taking into
account the fact that in multi-story buildings the effective
modal mass of the 1st mode of vibration was smaller than
the total mass and g (= 9.8 m/s2) was the acceleration due
to gravity.
The ratio between yield strength and seismic design
shear relied on Cy1 and Cy2, where Cy1 was a reduction
factor accounting for unknown risks like aging,
liquefaction, etc.; and Cy2 was an amplification factor
accounting for the safety margins and overstrength of
material (Sun et al., 2019).
Since the stiffness and strength were both
proportional to seismic mass m, the actual value of m did
not influence the response analysis. Here, a normalized
floor mass m=1 was adopted to facilitate the comparison
of risk. Due to page restrictions, the derivation of other
parameters was deferred to the full paper, and was briefly
introduced in Table 1.

1
0.8
0.6
0.4
0.2
0

1
0.8
0.6
0.4
0.2
0

2.1.2 Preparation of output data
An IDA-based risk assessment was conducted. The
bilinear MDOF shear beam model was used for its
ultra-high efficiency. A set of 100 strong ground motions
selected by Liu et al. (2019) was adopted here for IDA,
which were site- and structure-independent. A relatively
large set of 100 records was considered to be statistically
sufficient to describe the median value and record-torecord variability of seismic responses.
The losses were evaluated based on the story loss
function. It was proposed originally by Ramirez and
Miranda (2009) for RC buildings, which established the
relationship between engineering demand parameters
(EDP) and earthquake-induced losses of both structural
and nonstructural components for each story. Here adopts
the story loss functions developed by Papadopolous et al.
(2019) for steel office buildings. The losses at each
intensity is assessed according to the median story drift
ratio and peak floor acceleration. By incorporating the
probability of exceedance of each intensity, the risk value
R could then be obtained.
Both the inputs and outputs were normalized to a
closed interval [0, 1] by Eq. (7), where x stands for a
certain variable.
x = (x-xmin)/(xmax-xmin)
(7)
Fig. 2 displays the scatter distribution of some
parameters of archetypes. The risk increased obviously

0
0.5
1
(a) R versus a

0

0.5

(c) R versus T

1

1
0.8
0.6
0.4
0.2
0

1
0.8
0.6
0.4
0.2
0

0
0.5
1
(b) R versus L

0

0.5

1

(d) R versus Cy

Figure 2. Scatter distribution of parameters of archetypes.
2.2 Training of machine learning predictive models
The Statistics and Machine Learning Toolbox of
MATLAB 2019b (MathWorks Inc., 2019) was adopted to
train the predictive model. A broad range of regression
learners including LR, SVR, CART, RF, and GPR were
used to train the candidate predictive model. A resampling
procedure of 5-fold cross-validation was conducted. It
means that the data set was split into five equal-sized
groups and the machine learning model was trained in
turn on four groups keeping aside one group for
validation.
3. Results
Among the algorithms mentioned above, the squared
exponential kernel-based GPR performed best on the
present data set (Table 2). GPR achieved the highest R2 of
0.94, which indicated good fitness between the predicted
and simulated R. GPR also achieved the smallest RMSE
of 0.031 and maximum absolute error (MAE) of 0.018.
Fig. 3 shows the predicted R by GPR versus simulated R
by IDA. Each circle stands for one sample. And the
predicted R of samples on the diagonal line is exactly
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equal to the simulated R. The relatively high accuracy
proved that the proposed machine learning approach was
able to predict the resilience without extensive response
analysis.
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Table 2. Performance of candidate predictive models.
LR
SVR
CART
RF
GPR
R2
0.64
0.93
0.67
0.76
0.94
RMSE 0.075
0.033
0.072
0.062
0.031
MAE
0.050
0.017
0.034
0.031
0.018

Predicted R by GPR

1
0.8
0.6
0.4
0.2
0
0

0.5
1
Simulated R by IDA

Figure 3. Predicted versus simulated risk R
4. Conclusions
In this study, an alternative to seismic resilience
assessment was proposed. The proposed method used
machine learning algorithms to establish a mapping
relationship between the features of sites and buildings
and resilience metric in terms of risk. Here the risk
incorporated the seismic hazard during building’s life
span and record-to-record variability of ground motions.
The trained predictive models was found to be
capable of successfully predicting both the risk values and
risk levels. The machine learning-based fast seismic
resilience assessment was proved feasible to provide rapid
estimates of the seismic risk.
The errors between the predicted risk by machine
learning predictive models and simulated risk by
IDA-based assessment were acceptable. Among the five
algorithms, GPR performed best on the data set of this
study. It achieved the highest R2 of 0.94 and lowest RMSE
of 0.031.
The proposed approach would be beneficial for the
selection of design combinations in resilience-informed
design, as it enables quick estimates of risks. To expand
the method’s applicability, further studies may include
more design considerations as inputs and investigate more
realistic and complex structures. To provide more
accurate response, the numerical model will be modified
to account for higher mode and deterioration.
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Abstract
Flexural/shear yield type steel hysteresis dampers resist unanticipated additional tensile load for various reasons, such as
installation type, boundary conditions, and differences in size from the frame. In this study, we experimentally analyzed
the effects on the unexpected tensile load acting on such steel hysteresis dampers. To this end, the test boundary
conditions were classified as the conditions under which the damper is subjected to shear load only and shear/tensile
combined load and, were established as the main experimental variable. The influence analysis on additional tensile load
of dampers was mainly dealt with by the cyclic loading test results. The maximum strength, failure mode, and
deformation capacity of steel slit dampers subjected to additional tensile load according to the test results were compared
to the structural performance of the dampers under pure shear load.
Keywords: Slit damper, Tensile load, Strength, Deformation capacity, Boundary condition
1. Introduction
Hysteretic steel dampers of the flexural/shear yield type
resist unanticipated tensile loads apart from flexural/shear
stress in a structure. Various reasons such as installation
pattern, boundary conditions, and scale difference with
the frame provide additional tensile load to the damper
and change its hysteretic behavior. In this study, the effect
of unanticipated tensile loads acting on a flexural/shear
yield-type hysteretic steel damper was experimentally
analyzed. To this end, two experimental boundary
conditions were applied as the experimental variables: 1)
shear loading only 2) combined shear and tensile loading.
Through the cyclic loading test results, main structural
performances of slit dampers under shear loading only
and combined shear and tensile loading were compared
based on the experimentally measured maximum strength,
failure mode, and deformation capacity.
2. Test program
The experimental variables considered in this study are 1)
the boundary conditions of the specimen, 2) aspect ratio
of the strut, and 3) loading pattern. Two experimental
settings were constructed to simulate the two loading
conditions of shear loading only (S series) and combined
shear and tensile loading (C series). Figure 1 illustrates
the experimental installation plan based on the boundary
conditions. Five different aspect ratios (damper length to
width ratio) of the specimen were set as 4.07, 5.25, 4.69,
2.13, and 1.36, respectively. All selected aspect ratios are
for flexural yield types, and the type with he/b of 1.36 is
the model closest to the shear yield type. As a loading
pattern, incremental cyclic loading of 7 types loading
patterns widely selected in previous studies was used.
Cyclic loading tests were performed until the specimen
failed.

Figure 1. Boundary condition and loading concept
3. Test results
Figure 2 presents the load–displacement hysteresis of the
representative specimens with he/b set to 4.07. the S series
showed the hysteretic behavior of a parallelogram, and
some of the C series specimens exhibited butterfly shaped
hysteresis curves. In contrast, the specimens with he/b set
to 2.13 show generally similar hysteretic behaviors. The
results reveal that the shape of the hysteretic behavior is
affected not only by the maximum displacement
amplitude, but also by the aspect ratio (he/b) of the strut.
Figure 3 shows the photographs of the final condition of
the strut after the termination of the experiments. As

284

shown in the figure, specimen C was accompanied by
larger out-of-plane deformation than specimen S until the
test termination.

C specimen, but the cumulative deformation of the
Bauschinger curve is larger along with pinching. As a
result, the cumulative plastic deformation caused by
cyclic loading was similar regardless of the boundary
conditions.

(a) he/b = 4.07
(b) he/b = 2.13
Figure 2. Load-displacement curves

Figure 4. Strength increase ratio
4. Conclusions
In this study, cyclic loading tests were performed to
analyze the hysteretic behavior of a slit damper along with
additional variables, such as loading pattern and aspect
ratio, in two experimental settings, that is, shear loading
only and combined shear and tensile loading, depending
on the boundary condition. Analysis of the load–
displacement hysteresis based on the test results
investigated strength increase ratio and plastic
deformation capacity of the damper with unanticipated
tensile load.

Figure 3. Destruction of strut
Figure 4 shows the ratio of the experimentally measured
maximum strength to the predicted strength (Qr) of the
strut. Qm,e/Qr, which denotes the ratio depicting the
increase in the measured maximum strength to Qr of the C
series specimens, is positively correlated with the
maximum deformation angle (γm) and aspect ratio (he/b);
its value becomes more than twice that of Qr during a
large deformation in the specimens with he/b set at 4.07 or
higher. This result of a flexural yielding mechanism may
cause damage to the fixed part of the support element and
adjacent structural members, which suggests that the
effect of increasing the strength of the strut must be
carefully considered depending on the application.
Figure 5 (a) provides the information on the input load
and cumulative loading displacement. Fig. 23 (b) and (c)
show the skeleton curve and Bauschinger curve derived
from cyclic hysteresis. Compared to the S specimen, the
maximum deformation of the skeletal curve is small in the
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(a) load-cumulative displacement
(b) skeleton curves
Figure 5. Comparison of deformation hysteresis

285

(c) bauschinger curves

[Session 13]

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

Detection for Fatigue Cracks on Weathering Steel Welded Joints Weathered for 41 years
Yuya Sasaki1*, Koji Kinoshita2, and Yuki Ono3
1*

Department of Civil Engineering, Gifu University, Gifu, Japan. a4523012@edu.gifu-u.ac.jp
2
Department of Civil Engineering, Gifu University, Gifu, Japan. kinosita@gifu-u.ac.jp
3
Department of Civil Engineering, Gifu University, Gifu, Japan. yono@gifu-u.ac.jp

Abstract
Since a dense protective rust layer is formed on the weathering steel, early and visual detection of fatigue cracks from
above this layer may be difficult, and therefore non-destructive detection of fatigue cracks still needs to be investigated.
Thus, this study was conducted to investigate the accuracy of non-destructive detection methods, namely visual
inspection and magnetic particle testing (MT), for fatigue cracks that are existing under the dense rust layer of weathering
steel welded joints by using weathering steel welded joint specimens weathered for 41 years. As a result, the crack could
be sufficiently detected using visual inspection and MT when the crack grew up to certain lengths. On the other hand,
according to the fracture surface observation with a microscope, it is thought that the fatigue crack was covered with the
rust layer until the rust layers were fractured, thus the early stage after the crack initiation could not be detected by MT.
Keywords: Weathering Steel, Rust, Fatigue Strength, Fatigue Cracks, Magnetic Particle Testing
1. Introduction
Weathering steel exhibits a high anti-corrosion effect by
forming rust layers on the steel surface and hindering
themselves from growing. Since the 1970s, steel bridges
made of weathering steels that do not require painting
have been constructed and most of them have been in
service for about 40 to 50 years. The fatigue strength of
weathering steel welded joints weathered for 2, 4, 10, and
25 years has been examined (Yamada et al. 1983, Kondo
et al. 1994, and Kondo et al. 2007). However, there are
few experimental data of weathering steels welded joints
weathered for more than 25 years. Especially, since a
dense protective rust layer is formed on the weathering
steel, early and visual detection of fatigue cracks from
above this layer may be difficult (Hosomi et al. 2018), and
therefore non-destructive detection of fatigue cracks still
needs to be investigated. In this context, this study
investigated a non-destructive detection method for
fatigue cracks that are existing under the dense rust layer
of weathering steel welded joints by using weathering
steel welded joint specimens weathered for 41 years.

Specimen

No.1

Nominal stress
range(MPa)
Strain
Load /
gauge
area

Detection of
Magnetic
fatigue
Observation
particle
cracks
by SEM
testing (MT)
(cycles)

180

Not failure

215.6

245

1150,000

231

602,535

562,000

233

424,950

400,000

No.2

◯

No.3

◯

215.6

100

Fatigue
strength
(cycles)

157.1

214.0

Front View
50

◯

◯

Side View

Excision

t=10

100

600
400

50

50

t=10

Excision

(mm)

Figure 2. Fatigue test
set-up

Figure 1. Specimen
dimension
Nominal stress range (MPa)

2. Fatigue test specimen and test condition
This study uses weathering steel welded joint specimens
weathered for 41 years from September 1977 to
September 2018. Table 1 shows the list of specimens. The
weathering steel used for the specimens is SMA50
(currently called SMA490). The welded detail is a
non-load-carrying transverse attachment ,and its
dimension is shown in Figure 1. Specimens No.1 and
No.2 in Table 1 correspond to the results shown in a
previous study (Japanese Society of Steel Construction.
2020) and specimen No.3 is the main object of this study’s
investigation. The weathering of specimens was
conducted in a factory premise located about 1 km away
from the coast of Mikawa Bay in Japan. The specimens
were fixed using insulators on stands with 30 degrees in

Table 1. The list of specimens
Beach mark
test

: 2 years
: 4 years
: 10 years
: 25 years
: No failure

400
300

: 41 years No.1 (strain gauges)
: 41 years No.2 (strain gauges)
: 41 years No.3 (strain gauges)
: 41 years No.1 (load / area)
: 41 years No.2 (load / area)
: 41 years No.3 (load / area)
JSSC-A

200

B
C
100
100
100000
105

10

1000000
6

10000000
7

Number of cycles

Figure 3. Fatigue test results
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10

100000000
8

south direction. Fatigue tests were carried out using a
servo-hydraulic test machine with 200 kN capacity.
Figure 2 shows the fatigue test set-up. A constant
amplitude loading of 5 Hz was applied. The stress ratio
was almost 0. The nominal stresses are defined with two
ways: either dividing the load by the area of the cross
section before corrosion (i.e., 500 mm2) or calculating
based on the strain gauges attached 100 mm away from
the weld toe. For specimen No.3, the nominal stress range
based on the former way was set to 215 MPa, which is the
value leading to the fatigue failure for the specimens No.1
and No.2 (Japanese Society of Steel Construction. 2020).
During the fatigue test, the beach mark tests were
periodically carried out under one half stress ranges. To
investigate the accuracy of non-destructive detection for
fatigue cracks from the dense rust, visual inspection and
magnetic particle testing (MT) were made in parallel with
the fatigue tests to detect the cracks.

Number of cycles

Visual Inspection

MT

350000
0mm

0mm

400000
6mm

6mm

410000

22mm
22mm

22mm

Figure 4. Detected fatigue cracks
35

Beach Mark Test

30

Visually

Surface Crack Length(mm)

25

Magnetic Particle Test

20
15

3. Fatigue tests results
Figure 3 shows fatigue test results. In this figure, the
previous test results for the specimens weathered for 2, 4,
10, 25 years (Yamada et al. 1983, Kondo et al. 1994, and
Kondo et al. 2007) are also plotted. These plots are
arranged with the nominal stresses based on the load and
cross section before corrosion. The broken lines indicate
fatigue design curves in JSSC (Japanese Society of Steel
Construction. 2012). The fatigue strength of specimen
No.3 tested in this study is classified into JSSC-C class. It
was the same class, or one class lower compared to the
other two specimens No.1 and No.2. As a result, the
fatigue strength of the specimens weathered for 41 years
was the same as that of the specimens weathered for 2, 4,
10, and 25 years (Yamada et al. 1983, Kondo et al. 1994,
and Kondo et al. 2007) despite the decrease in cross
section.

10
5
0

0

100000

200000

300000

400000

500000

Number of Cycles

Figure 5. Result of detection of fatigue cracks
22mm(MT)
410,000 cycles

A

B

6mm(MT)
400,000 cycles

C

Beach mark
300,000 cycles

D

Beach mark
350,000 cycles

Observation
range by SEM

Beach mark
400,000 cycles

Beach mark
420,000 cycles

Beach mark
410,000 cycles

4. Detection for fatigue cracks
Figure 4 shows the results of detection for fatigue cracks,
and Figure 5 summarizes the relationship between the
detected surface crack length and the number of cycles.
The picture of fatigue fractured surface is given in Figure
6. According to Figure 6, a clear innermost beach mark
left on the fatigue fracture surface was at 300,000 cycles,
and the surface crack of 8.4 mm was confirmed. However,
as Figure 5 shows, the ratio of the detected crack length by
visual inspection and MT for crack length of the beach
mark was 0% up to 350,000 cycles, about 20 % after
400,000 cycles, and 68% after 410,000 cycles. On the
other hand, the crack can be sufficiently detected using
visual inspection and MT when the crack grows up to
certain lengths.

Beach mark
400,000 cycles

Figure 6. Fatigue fractured surface
rust

237μm

125μm

metal

metal

Origin of the crack
Trace of the crack
growth direction

500μm

Boundary between
metal and rust

(a) From the front
Crack position
rust

rust

5. Fracture surface observation with SEM
After the fatigue test, to investigate why the crack could
not be detected before 400,000 cycles, a scanning electron
microscope (SEM) was used to observe the fracture
surface. The focus of this observation was the crack
initiation site, the relationship between the positions of

100μm
200μm

metal

(b) From 45 degrees above

Crack position

100μm

(c) From the upper

Figure 7. Result of observation with SEM
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fatigue cracks generated in weathering steel welded
joints” The 73rd Annual Academic Lecture Meeting
of the Japan Society of Civil Engineers (August
2018) I-168 (In Japanese)

crack initiation site and rust around its site, and the
fracture situation. Figure 7 shows the result of observation
with SEM. The observation of SEM was done near point
C in Figure 6, which is considered from the beach mark to
be the first point where the fatigue crack initiated. Figure
7 (a) shows the picture taken from the front of the fatigue
fractured surface. In this picture, the green line indicates

Japanese Society of Steel Construction (2020). Technical
report No.120 Fatigue countermeasure technical data
for toughening and extending the life of steel bridges
(In Japanese)
Japanese Society of Steel Construction. (2012). “Fatigue
design recommendation for steel structures” Gihoodo
Shuppan Co., Ltd. (In Japanese)

the boundary between the metal and the rust layer, and
the orange arrow indicates the crack initiation sites.
These sites were identified as a part where the radial
trace of crack growth converges. The crack initiation

type was seen as the recess due to corrosion. The depths of
the two recesses were about 125 μm and 237 μm. Figure 7
(b) shows the magnified picture around the boundary
between the metal and the rust layer, taken from 45
degrees above the fatigue fractured surface. The same
location was taken from the upper surface of the fatigue
fractured surface, and its picture is shown in Figure 7 (c).
The green line in the Figure 7 (c) corresponds to the
position of the green line in Figure 7 (b). These pictures
showed that the part of the rust layer protruded about 60
μm like a roof with respect to the fracture surface. As a
result, it is thought that the fatigue crack was covered with
the rust layer until the rust layers were fractured, and thus
the crack could not be detected by MT.
6. Conclusions
The conclusions of this study are as follows:
1) The fatigue cracks on weathering steel welded joints
weathered for 41 years are difficult to detect at the
early stage after the crack initiation by visual
inspection and MT above the rust. However, they
can be sufficiently detected by the visual inspection
and MT when the crack grows up to certain lengths.
2) The accuracy of detecting the crack length by MT
might be lowered if the dense rust layer was formed
on the weathering steel surface and the fatigue crack
was covered with this layer.
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Abstract
For steel bridges, fatigue cracks due to repeated loads for welded joints are a serious problem. Shot peening could enhance
the fatigue strength of welded joints on existing steel bridges. In this study, the analytical investigation on shot peening for
steel materials was performed with the finite element method using explicit dynamic method. First, a single shot peening
analysis, multiple shot peening analysis, and parameter analysis were conducted on stainless steels or aluminum alloys
before examining the steels. Next, the reproducibility of this analysis model of shot peening for steels was examined by
comparing the results of residual stress measurements with the analytical results. As a result, the residual stress distributions through the plate thickness after shot peening from the analysis model in this study showed a good agreement with
the measurement results in regard to the amount of the compressive residual stress and the depth of compression layer.
Keywords: Shot Peening, FEM, Compressive Residual Stress, Steel Materials
stress measurements with the analytical results.

1. Introduction
For steel bridges, fatigue cracks due to repeated loads for
welded joints are a serious problem. To prevent it, fatigue
strength improvement of welded joints is necessary. Shot
peening is the method to introduce beneficial compressive
residual stress on the steel surface and welded joints
widely due to hitting numberless shots. It was clarified
that shot peening could enhance the fatigue strength of
welded joints on existing steel bridges (Kinoshita et al,
2019). On the other hand, the different condition of shot
peening processing varies the kinetic energy for the shot
impact and residual stress distribution and thus degree of
fatigue strength improvement. Therefore, it is important
to find an optimal shot peening condition based on a
relationship between the processing conditions (shot
diameter and speed etc…) and residual stress distribution.
To examine such the relationship, it is efficient to perform
a numerical simulation using a model with enough
accuracy validated, rather than an experimental work on
multiple parameters. However, the numerical simulations
of shot peening have to deal with the dynamic
elastoplastic problem. There are few research cases,
especially in the bridge field, on the investigation of
efficient analysis methods including model validity and
on comparison of the analysis results with the
measurement results of residual stress for steel materials.
Therefore, the analytical investigation on shot peening for
steel materials was performed with the finite element
method using explicit dynamic method. First, a single
shot peening analysis, multiple shot peening analysis, and
parameter analysis were carried out on stainless steels or
aluminum alloys before examining the steels. The aims of
these analysis are to verify the validity of the present
analysis model in comparison with previous studies
(Kitamura, 2015; Takahashi et al, 2009) and to investigate
the changes in residual stress distribution. Next, the
reproducibility of this analysis model of shot peening for
steels was examined by comparing the results of residual

2. A single shot peening analysis
2.1. Single shot peening analysis model
Numerical simulations were carried out on RADIOSS
finite element commercial code that solves the non-linear
dynamic problem. Figure 1 shows an analysis model of a
single shot peening. The symbols of h, L, and W in this
figure represent the thickness, length, and width of the
model, respectively. The dimensions and material properties of the analysis model were the same as those of the
model in a previous study (Kitamura, 2015). The target
specimen was modelled as stainless steel plate with h =
3.2 mm, L = 8 mm, and W = 8 mm and the shot diameter
was 0.8 mm. A refined element with a minimum of 0.04
mm was used in the center top impacted by the shot, and
the element size gradually increased towards the plate
edge. The number of nodes and elements in the model was
176157 and 170280, respectively. Only the nodes at the
bottom of the target were constrained to the displacement
in the z-direction as the boundary condition. The material
properties of the modelled plate and shots were given in
Table 1. The shots were considered two types of properties: either stainless steel (SUS304) or rigid. However, as
the previous study (Kitamura, 2015) did not clearly state
the yield strength of stainless steel, it was determined with
reference to another study (Yamada et al, 2017) which
presents the results of subsequent study by the research
group that conducted the previous study (Kitamura, 2015).
The initial velocity of the shot was set to 60 m/s.
2.2. Single shot peening analysis results
Figure 2 shows the residual stress distributions through
the thickness for the analysis results from this study’s and
Kitamura’s model. It can be confirmed from Figure 2 that
the obtained distributions after the single shot peening in
this study show a typical trend where the tensile residual
stress is introduced near the surface and compressive
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residual stress as the depth increases. Comparing the
analysis results of Kitamura’s elastic model with those of
this study’s model using the rigid shot, the depth at which
residual stress becomes zero (i.e., the depth of compression layer) is slightly different, but the peak values of
compressive residual stress are in good agreement.
Comparing the analysis results of the different shot
properties in this study, the peak values of compressive
residual stress are almost the same, but the depth of
compression layer for the shot of SUS304 is shallower
than that for the rigid shot. This slight difference in the
depth of compression layer is attributed to the different
shot materials. In addition, the computational cost for the
shot of SUS304 is about 2.5 times higher than that for the
rigid shot. These results indicated the validity of analysis
model in this study and the possibility of running efficient
analysis with certain accuracy by using the rigid shot.

Table1. Material properties
(SUS316, SUS304, Rigid)

Figure 1. Analysis model
0

Depth (mm)

0.2

3. Parameter analysis
3.1. Parameter analysis model
In order to investigate the effects of various shot peening
processing conditions on the residual stress distribution, a
parameter analysis was carried out on the model using the
rigid shot, which is validated in Chapter 2. The parameters used the following: length L (mm), material yield
strength Y (MPa), Young’s modulus E (MPa), Poisson’s
ratio ν, thickness h (mm), velocity V (m/s), shot volume M
(mm3), and shot radius R (mm).

0.4

0.6
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Figure 2. Results of analysis

Depth (mm)

3.2. Parameter analysis results
As an example of the results for the parameter analysis,
Figure 3 shows the difference in the residual stress distributions through the thickness according to the different
velocities ranging V = 20 to 100 m/s. As the velocity
increases, the peak value of compressive residual stress
becomes slightly smaller, but the depth of the compression layer becomes deeper. Therefore, it can be said that to
ensure the prescribed depth of compression layer, the
velocity of shots has to be controlled certainly in the
actual shot peening processing.

0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1
-600

V20
V30
V60
V80
V100
-400
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0

Residual stress (MPa)

200

400

Figure 3. Results of parameter analysis (Velocity)
Table2. Material properties (7075-T6 and shot)

4. Multiple shot peening analysis
4.1. Multiple shot peening analysis model
This chapter deals with numerous shots impact as more
representative of the actual shot peening process. Specifically, multiple shot peening analysis was conducted to
investigate the effects of the relative position of the shots
on the residual stress distribution. The dimensions and
material properties of the analysis model were referred to
the model in a previous study (Takahashi et al., 2009). The
same type of plate model as for Figure 1 was used and
represented as an aluminum alloy with h = 5.1 mm, L = 15
mm, and W = 15 mm. The shot diameter was 2.36 mm. A
minimum element size considers 0.125 mm around the
center top on which the multiple shots are impacted. The
number of nodes and elements in the model was 157985
and 152568, respectively. The material properties of the
modelled plate and shot are shown in Table 2. The initial
velocity was set to V = 32 m/s. The first shot was impacted

Material constants
Density (g/cm³)
Young’s module
(MPa)
Poisson’s ratio

7075-T6
2.8

Shot
7.9

74430

198500

0.33

0.294

Yield stress(MPa)

578

650

at the center top, defined as x = 0, then the second shot
was followed toward the x-axis. The distance D between
two shots was accounted for eight different ways, such as
D = 0, 0.1R, 0.2R, 0.3R, 0.4R, 0.5R, 0.75R, and R (where
R is the shot radius of 1.18 mm).
4.2. Multiple shot peening analysis results
Figure 4 shows the residual stress distributions at x = 0 as
a function of the impact position D of the second shot.
From the results in Figure 4, for D = 0, the peak value of
compressive residual stress is the lowest of all ways. For
D = 0.1R, the amount of compressive residual stress
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introduced increases by about 100 MPa compared to D =
0, which indicates the advantage of multiple shot peening.

0

5. Analysis and experiment of shot peening for steel
5.1. Analysis and experimental methods for steel
Based on the above analysis results for stainless steel and
aluminum alloy, the analysis models of shot peening for
steel plates were made and compared with residual stress
measurement results. Through this comparison between
the numerical and experimental results, the validity of the
analysis models was examined. Figure 5 shows the dimensions of the shot peened steel specimens and the area
to which shot peening was applied. The residual stresses
were measured by means of X-ray diffraction method. To
obtain the in-depth residual stress distribution, a location
was first electro-polished up to the desired depth, and the
residual stress was then measured at every depth step. The
material used to the specimen was SM490YA with the
yield strength of 434 MPa. The analysis model was based
on the same one in Figure 1. The shot diameter was set to
0.9 mm, referring to the actual shot shape. As the velocity
of the shots was unknown, it was back calculated from the
experimental equation proposed by Watanabe et al, 1995.
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Figure 4. Results of multi shot peening analysis
Shot peening processing range

75

12
315

Unit: mm
6

300

:
pe
Slo ree
le eg

zz 0 d
Angle
No to 8 90°

Angle 60~80°

5.2. Analysis and experimental results for steel
Figure 6 shows the comparisons of numerical and experimental results for residual stress distributions. For the
analysis, the yield strength was fixed at Y = 434 MPa and
the velocity varied from V = 87 to 93 m/s. As a result, no
difference between the distributions was found regardless
of the variation of velocities. The depth of the peak
compressive residual stress is deeper than that for the
experimental results, but the depth of the compression
layer is comparable with the experimental one. The peak
value of the compressive residual stress is much larger
than that for the experimental results. To improve the
model accuracy, the velocity was fixed at V = 60 m/s and
the yield strength was reduced to Y = 245 MPa. Consequently, the residual stress distributions generally agree
with the experimental results. However, the less reproducibility of the distributions was found close to the
surface layer. Thus, in particular, the setting of the yield
strength in the thickness direction close to the surface
layer of the steels needs to be investigated further.
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6. Conclusion
1)For a single shot peening analysis, the comparison of
analysis results with one previous study on stainless steel
indicated the validity of model in this study. Moreover, an
efficient analysis model with less computation time and
enough accuracy could be made by defining the shot
material as a rigid body.
2)The results of the parameter analysis showed that the
residual stress distribution changed according to the shot
peening processing conditions. In particular, the velocity
of shots has to be controlled certainly to ensure the
prescribed depth of compression layer.
3)The multiple shot peening analysis showed that the
multiple shot impact contributed to increasing the

introduced compressive residual stress.
4)The comparison between the residual stress measurements and the results from the analysis model for the steel
specimens showed an agreement with respect to the
amount of the compressive residual stress and the depth of
compression layer. On the other hand, it was necessary to
investigate further the reproducibility of residual stress
distribution near the surface layer.
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Abstract
Reinforcement method using CFRP (Carbon Fiber Reinforced Plastics) plates has been applied to floor beams in a truss
bridge in 2002 for the first time. Many studies about reinforcement method using CFRP plates were reported. However, in
most of them, steel plate specimens whose length was from 0.5m to 0.8m were used. CFRP plates were bonded on a steel
plate. In few studies, steel girder specimens whose length were from 2m to were used. CFRP plates were bonded on the
lower flange in steel girders. In this study, debonded CFRP plates were joined to a steel girder by TRS, and the reinforcing
effect was investigated through static loading tests and fatigue tests. Principal results obtained through this study are as
follows. In static loading test, reinforcement effect of TRS which join CFRP plates to a steel girder was confirmed until
allowable stress was applied to the upper flange in the specimen. In fatigue test, reinforcement effect of TRS was
confirmed before fatigue cracking at a TRS hole in the lower flange.
Keywords: CFRP plates, TRS, Retrofitting, Fatigue test
joined to steel girders (Hirai, Sakano and Fujii, 2020,
Ochi, Matsumura and Hisabe, 2009 and Watanabe, Itagaki
and Suzuki, 2000).
In the previous study (Hirai, Sakano and Fujii, 2020), the
static loading test was conducted by using a steel girder
specimen. CFRP plates were bonded on the lower flanges
in the steel girder. However, CFRP plates were debonded
when strain of the lower flange was about 250×10-6. In
this study, debonded CFRP plates were joined to a steel
girder by TRS (Thread Rolling Screw), and the
reinforcing effect of CFRP plates was investigated
through static loading tests and fatigue tests.

1. Introduction
Reinforcement method using CFRP (Carbon Fiber
Reinforced Plastics) plates has been applied to floor
beams in a truss bridge in 2002 for the first time (Itagaki,
Watanabe and Suzuki, 2002). Many studies about
reinforcement method using CFRP plates were reported.
However, in most of them, steel plate specimens whose
length was from 0.5m to 0.8m were used. CFRP plates
were bonded on a steel plate (Nozaka, Kaneko, Furukawa,
Suzukawa and Nishide, 2003, Jing, Nakamura, Suzuki,
Maeda and Irube, 2006, and Ishikawa, Sasaki and Yamada,
2008). In few studies, steel girder specimens whose length
were from 2.2m to 3.2m were used. CFRP plates were

Figure 1. Configurations and dimensions of the specimen and loading condition.
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of upper flange was measured 700×10-6 (140MPa). At this
time, strain of CFRP plates was increased as with the
increasing load. This result indicates that reinforcement
effect of CFRP plates was sustained when the load was
increased until allowable stress is applied to the upper
flange in the specimen.

2. Experimental procedure
2.1. Specimen
Figure 1 shows configurations and dimensions of the
specimen and loading condition. The specimen had been
used in the previous study (Hirai, Sakano and Fujii, 2020).
In the previous study, CFRP plates were debonded from
the lower flange when the static loading test was
conducted (figure 2). In this study, CFRP plates were
joined to a steel girder by TRS.

Figure 3. Rerationship between load and strain of
specimen joined by TRS
3.2 Fatigue test
Figure 4 shows relationship between loading cycles and
differences between maximum and minimum strain.
Strain measured on CFRP plates and the steel girder stay
flat until fatigue test was ended. This result indicates that
reinforcement effect of TRS, which join CFRP plates to
the lower flange in the specimen was sustained until
fatigue test was ended. After 0.4Mcycles loading, the
chink was detected on an end part of CFRP plates at
southeast. Then, Strain was changed than before.
However, strain was recovered after end parts of CFRP
plates was compressed in the direction of the width by
vices. After 1.6Mcycles loading, fatigue cracking at a
TRS hole where was at the end side of CFRP plates were
detected (figure 5). Then fatigue test was ended.

Figure 2. Rerationship between load and strain of
specimen bonded with epoxy(Hirai, Sakano and Fujii,
2020)
2.2. Retrofitting procedure
At first, steel plates with 100mm in length, 50mm in width
and 5mm in thickness were bonded on end parts of CFRP
plates with epoxy. Secondly, these steel plates and CFRP
plates were joined to a steel girder by four TRS.
2.3. Loading and measuring procedure
Static loading test and fatigue test were conducted under
two points loading condition. Two loading points were set
so that the uniform moment was applied to CFRP plates.
Single axis strain gauges with 3mm in length were used.
In static loading test, the load was increased by 10kN from
20kN. Load was increased until allowable stress is applied
to the upper flange in the specimen.
In fatigue test, the load range was set to be 100kN
(maximum load was 150kN and minimum load was
50kN) so that stress range of the lower flange become
about 80MPa which was fatigue limit of category D, and
repeated loading speed was 1Hz.
3. Test results
3.1 Static loading test
Figure 3 shows relationship between load and strain of
specimen joined by TRS. Strain of CFRP plates didn’t
increase when the specimen was loaded from 40kN to
60kN. It is assumed that it was caused by slipping
between the lower flange of the steel girder and CFRP
plates. After slipping between them, it is assumed that
stress was transmitted to CFRP plates by bearing pressure
between TRS and CFRP plates. Static loading test was
ended when the specimen was loaded 150kN so that strain

Figure 4. Relationship between loading cycles and
difference between maximum and minimum strain
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TRS

Cracks

The lower flange of
a steel girder

Figure 5. Cracks initiated from a TRS hole in the lower
flange (N=1.6Mcycles)
4. Summery
Principal results obtained through this study are follows.
1) In static loading tests, reinforcing effect of TRS
which join CFRP plates to a steel girder was
confirmed until allowable stress was applied to the
upper flange in the specimen.
2) In fatigue test, reinforcement effect of TRS was
confirmed before fatigue cracking at a TRS hole in
the lower flange.
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Abstract
In this study, the authors focus on the fatigue crack detection method by using Extremely Low-frequency Eddy Current
Testing, ELECT, with spectrum analysis of the magnetic field. To confirm the fatigue crack detection by ELECT, the plate
bending fatigue tests of out-of-plane gusset welding were conducted. During the fatigue test, the surface near the welding
was measured by ELECT every 20,000 cycles. As the results, it was clarified that the intensities of differential vectors
obtained from the magnetic spectrum were gradually reduced as fatigue crack growth. Additionally, the authors proposed
an index that can determine the fatigue crack initiation when the value is less than one.
Keywords: Fatigue crack, Out-of-plane gusset, Eddy-current, Magnetic spectrum
ELECT, plate bending fatigue tests of out-of-plane gusset
welding were conducted.

1. Introduction
In Japan, many fatigue cracks have been found in steel
bridges on heavy traffic routes. In the inspection of cracks
on the paint surface, non-destructive testing using
Magnetic Particle Testing, MT, or Liquid Penetrant
Testing, PT, are commonly used to detect the fatigue
cracks. However, in order to perform this non-destructive
testing, these are necessary to remove the paint coating.
Additionally, after the testing, it should restore the
painting. Thereby, non-destructive testing using MT or PT
is time-consuming and costly.
In this study, the author proposed the non-destructive
testing method for detection of fatigue crack without
removing the paint by using Extremely Low-frequency
Eddy Current Testing, ELECT. ELECT is a highly
sensitive magnetic non-destructive testing developed for
the detection of thickness reduction by corrosion damage
without contact. However, this method might be possible
to detect fatigue crack in steel structures. Therefore, in
this study, to confirm the fatigue crack detection by

2. System of ELECT
ELECT was developed for detection of inner corrosion of
steel structures (Tsukada et al. 2016). In the system of
ELECT, the eddy-currents are generated using an applied
magnetic field of extremely low frequency, and the
magnetic spectrum obtained at several input frequencies
via highly sensitive AMR Sensors (Anisotropic Magneto
Resistive Sensor) is analyzed. The phase or intensity of
the differential magnetic vector between the two
frequencies of the magnetic spectrum is applied to
evaluate the thickness of the steel plate. The system and
probe of ELECT are shown in Fig.1. The probe in Fig.1
was developed for the measurement of the corrosion in
light poles and signposts embedded in asphalt or concrete.
The ground probe has two sensors with a tilt of 40°, 23
mm apart. The ground probe uses the intensity of the
differential vector to evaluate the remaining thickness of

Figure 1. Device and Probe

Figure 2. Magnetic Spectra
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the embedded part of light poles and signposts (Tsukada et
al. 2018).
An example of magnetic spectra obtained from
measurements on a butt plate and a sound plate is shown
in Fig. 2. This figure has been shifted the lowest input
frequency (3 Hz) to the origin, and the intensities of the
differential magnetic vectors measured by a butt plate and
a sound plate are different. Therefore, it can be seen that
there is a possibility of detection of fatigue crack by
ELECT with the ground probe.

2

3. Fatigue test procedures
3.1. Specimen
In this study, an out-of-plane gusset specimen as shown in
Fig.3 was used for the fatigue test. In Fig.3, the location of
strain gauges is also shown.

1

3

5

Unit:mm

4

Strain gage

Figure 3. Geometry of specimen

3.2. Fatigue test
By using the plate bending type of fatigue test machine
developed by Yamada (Yamada et al. 2007), a constant
amplitude bending fatigue test was carried out. In the
fatigue test, the stress range was set to 120MPa under the
stress ratio R = -1.
In order to stop the fatigue test in case of fatigue crack
initiation or propagation copper wires with 0.05 diameter
were glued near the welded joint. The definitions of
fatigue crack size are shown in Fig.4. Ntoe, Nb, N5, and N10
are corresponding to the crack sizes when a crack initiated
at the weld toe, when the crack propagated off the fillet
weld toe, when the crack propagated to 5 and 10 mm long,
respectively. In this study, fatigue test was finished when
the crack propagated to N10.

Figure 4. Definition of fatigue crack size

3.3. Fatigue crack detection by ELECT
For the ELECT measurements, the fatigue testing
machine was stopped every 20,000 cycles. The
measurement lines by ELECT were shown in Fig.5, which
are at the front of the weld toe, Line-I, and the parallel line
from Line-I to the width of the specimens, Line-II. In the
measurement Line-I, the eddy current testing by ELECT
was carried out from x = 0 to 50 with 10 mm intervals. In
the measurement Line-II, the eddy current testing by
ELECT was carried out from x’ = -50 to 50 with 10 mm
intervals where the parallel position of weld toe is set as x’
= 0.
In the actual bridge, the measurements by ELECT will be
carried out on the painting, therefore, in this study,
eddy-current testing by ELECT was carried out with the
1mm lift-off condition by using a Teflon plate.
In addition to the input frequencies of 3-40 Hz (3, 6, 10,
20, 40 Hz measurements) which is the default setting of
ELECT, the eddy-current testing under the frequencies of
20-100 Hz (20, 30, 40, 70, 100 Hz measurements) was
also carried out.

Figure 5. Measurements method by ELECT
as-welded (AW), Ntoe, Nb, N5, and N10 conditions are
designated as ZAW, ZNtoe, ZNb, ZN5, and ZN10 respectively.
The vertical axis of the figure shows the intensities of
differential vectors obtained from each point normalized
by the intensity of the differential vector of the intact main
plate. The horizontal axis shows the distance from the
weld toe. As shown in Fig.6, the values of the intensity of
the differential vector at 0 mm are higher regardless of the
input frequency. This might be due to the effect of the
volume of weld metal. From Fig.6, it can be seen that the
value of the intensity of differential vector at 10 mm from
the weld toe (x = 10) decreases as fatigue crack becomes
long. Therefore, it is considered that the eddy current
affects the value of the differential vector as the crack
initiates and propagates.
The relation between the value of the intensities of
differential vector at x = 10 (Z(x=10)/Z0) and the number of
cycles N is shown in Fig.7. In this figure, the relation
between the stress range obtained from the strain gauge at
5 mm from the weld toe and N was also shown in the solid
line. It can be seen that the values of the intensities of
differential vectors at x = 10 decreases with the increase in

4. Test Results
4.1. Measurement Line-I
The measurement results at Line-I which is in front of the
weld toe are shown in Fig 6. The difference vectors of
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(a)

3-40Hz

(b) 20-100Hz

Figure 6. Results of Measurement Line-Ⅰ

Figure 7. Z(x=10)/Z0 and number of cycles N

Figure 8. Z(x=10)/Z(x=20) and the number of cycles N

the number of cycles.
In the test results, the intensity value changing was
observed as the crack growth. However, in the
measurement in the actual bridge, the index of test results
is necessary to evaluate the crack exists or not. Therefore,
in this study, the authors propose the index based on the
ratio of the intensities of the difference vectors at x = 10
by the one at x = 20 (Z(x=10)/Z(x=20)) (Ohnishi et al. 2021). In
the AW condition, the value of Z(x=20) is equivalent to that
of Z(x=10), and the value of Z(x=20) remains nearly constant
even as the crack grows. The relation between the index of
Z(x=10)/Z(x=20) and the number of cycles is shown in Fig 8.
Therefore, it can be assumed that the fatigue crack exists
when the value of Z(x=10)/Z(x=20) less than one. As shown in
this figure, the initial value of Z(x=10)/Z(x=20) is less than one
at the input frequency of 3-40Hz. Therefore, it is difficult
to catch the fatigue crack by using ELECT with an input
frequency of 3-40Hz. However, the measured value of
Z(x=10)/Z(x=20) at 20-100Hz gradually reduced from one as
crack growth and the value becomes less than one from
Ntoe crack. Therefore, it is clarified that the possibility of
detecting fatigue cracks from the eddy-current testing by
ELECT with the input frequency of 20-100Hz at the

location of 10 and 20mm distance from the weld toe.
4.2. Measurement Line-II
The relation between the intensity of the differential
vector and the distance obtained by the measurement on
Line-II which is the parallel line from Line-I to the width
of the specimens is shown in Fig.9. As shown in this
figure, the value of the intensity of differential vector in
the negative region of x’ becomes higher, because of the
effect of the volume of deposited metal of out-of-plane
gusset welding. It can be seen that the value of the
difference vector decreases with crack growth. Therefore,
it can be detected a crack by the eddy-current testing by
ELECT in Line-II.
The relation between the value of the differential vector
intensity and the number of cycles at x' = 0 is shown in Fig.
10. The tendency of reduction of differential vector
intensity with crack growth can be clearly seen from this
figure. By the measurement in Line-II, the value of the
differential vector intensity changes from Ntoe regardless
of the input frequency, while the decrease in the stress
range also seen. Therefore, the measurement Line-II has
the potential to detect fatigue cracks earlier than the
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(a)

3-40Hz

(b) 20-100Hz

Figure 9. Results of Measurements Line-Ⅱ

Figure 10. Z(x' = 0) / Z0 and number of cycles N

Figure 11. Z(x' = 0) / Z(x' = 23) and the number of cycles N

that can determine the fatigue crack initiation when the
value is less than one.

measurement Line-I.
Next, the authors propose the index to find out the fatigue
crack by eddy-current testing by ELECT, the value of Z(x' =
0) / Z(x' = 23) is applied. From Fig.9, the changing of the
intensity of the difference vector at x' = 23 mm (sensor 2)
is small. The index of Z(x' = 0) / Z(x' = 23) is given in one
measurement because of this index is the ratio of intensity
of the difference vectors at sensor 1 and 2. The relation
between the index of Z(x' = 0) / Z(x' = 23) and number of cycles
is shown in Fig11. As can be seen from this figure, the
index of Z(x' = 0) / Z(x' = 23) is over one in the as-welded
condition regardless of input frequency, and when the
crack propagated to Nb, the index of Z(x' = 0) / Z(x' = 23)
becomes smaller than one. Therefore, the index of Z(x' = 0) /
Z(x' = 23) on Line-II can be also applied the crack detection
index by ELECT.
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5. Conclusions
In this study, to confirm the fatigue crack detection by
using ELECT, the plate bending fatigue tests of
out-of-plane gusset welding were carried out. By the
non-destructive testing using ELECT, it was clarified that
the intensities of the differential vectors obtained from the
magnetic spectrum were gradually reduced as fatigue
crack growth. Additionally, the authors proposed an index
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Abstract
Recently, a ship explosion accident happened near a suspension bridge in Korea, and fire damage occurred in heavy-duty
coating of steel bridge girder and main cable. When steel bridges are exposed to fire, it is necessary to estimate the
temperature of each member. However, a method for estimating the temperature range by evaluating the steel surface
condition after fire is not clearly reported. In this study, heat tests were performed to investigate the surface condition of
the heavy-duty coating by using an electric furnace. The steel plate specimens were manufactured in the same manner as
the coating types of the steel girder and main cable of the suspension bridge where the accident occurred. The change in
painted steel surface such as color, glossiness, adhesion, blister, and cracking was investigated depending on the
temperature (100℃~400℃) and duration. As a result, a method for estimating the temperature range by evaluating the
steel surface condition after fire are suggested.
Keywords: Steel bridge, Fire, Temperature, Heavy-duty coating, Steel surface condition
Table 2 shows the heating temperature and duration of the
electric furnace and the number of specimens. The heating
temperature and duration of the test were determined by
the exposure time of each member in the actual explosion
and thermal FEM analysis results.
Meanwhile, to evaluate the durability performance of the
coating system due to fire, the change in painted steel
surface such as color, glossiness, adhesion, blister, and
cracking was investigated by Korean Industrial Standards.

1. Introduction
In September 2019, a ship explosion accident happened
near a suspension bridge in Korea, and fire damage
occurred in the heavy-duty coating of steel bridge girder
and main cable. Figure 1 shows the ship explosion near a
suspension bridge.
When steel bridges are exposed to fire, it is necessary to
estimate the temperature of each member. In Japan, a lot
of research have been conducted on the estimating
damaged temperature of steel bridges exposed by a fire.
However, a few research on the method for estimating the
temperature range by evaluating the steel surface
condition after a fire has been conducted in Korea.
In this study, heat tests were performed to investigate the
surface condition of the heavy-duty coating by using an
electric furnace. And the change in painted steel surface
such as color, glossiness, adhesion, blister, and cracking
was investigated.

Table 1. Heavy-duty coating system of specimen
Thickness
Process
Paint Type
Main Cable Steel Girder
1st layer Epoxy primer
40 ㎛
75 ㎛
2rd layer High solid epoxy
130 ㎛
100 ㎛
3th layer Fluorocarbon
30 ㎛
50 ㎛
Total
200 ㎛
225 ㎛
Table 2. Test method of test specimens
Duration time (minute)
Temperature
Main Cable
Steel Girder
(℃)
1
2
5
1
2
5
600
3
500
3
400
3
3
350
6
6
300
3
3
250
3
3
200
3
3
150
3
3
3
3
100
3
3
3
3
3
3

Figure 1. A ship explosion near a suspension bridge
2. Experiment outlines
The steel plate specimens were manufactured in the same
manner as the coating types of the steel girder and main
cable of the suspension bridge where the accident
occurred, as shown in Table 1.
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3. Experiment results
Table 3 shows the specimens surface condition according
to temperature and duration time. There was no
significant difference in discoloration or peeling of the
coating according to 1~2 minutes of the heating
temperature from 100℃ to 400℃. However, the
discoloration and blister of the coating specimen were
observed at a 300℃ heating temperature and 5 minutes of
duration time. When the heating temperature was over
500℃ and 1 minute of a duration time, the cracks and
peeling occurred in specimens.

The change of glossiness, color difference and adhesion
results of heat test are shown in Figure 2 ~ Figure 4.

Table 3. Surface condition according to temperature and

(a) Main Cable
(b) Steel Girder
Figure 2. The change of glossiness results

Temp.
(℃)

duration time
Duration time(min)
Main Cable
Steel Girder
1
2
5
1
5
30

Initial

100
(a) Main Cable
(b) Steel Girder
Figure 3. The change of color difference results
150

-

-

200

-

-

-

-

250

-

-

-

-

300

-

(a) Main Cable
(b) Steel Girder
Figure 4. The change of adhesion results

-

350

-

-

-

-

400

-

-

-

-

500

-

-

-

-

-

600

-

-

-

-

-

4. Conclusions
In this study, heat tests were performed to investigate the
surface condition of the heavy-duty coating by using an
electric furnace. And the change in painted steel surface
such as glossiness, color difference, adhesion, blister, and
cracking was investigated.
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Abstract
In this study, the authors focus on the strain under unloading conditions for the detection of fatigue cracks. The fatigue
tests of out-of-plane gusset joint under stress ratio R = -1 were carried out by measuring the strain. In this condition, the
mean strain becomes the strain unloading condition. The changes in mean strain were compared to the changes in strain
range during fatigue tests. As the fatigue crack initiates and propagates, the strain range measured near the weld toe
becomes smaller and the mean strain also changes. Furthermore, the mean strain measured at the compressive residual
stress zone, where is the equilibrium of tensile residual stress, also changed to tensile strain. Additionally, it was found
that the range of stress range drop is dependent on the loading condition, on the other hand, the changing of means stress
is independent of the loading condition. Therefore, it was verified that the change of strain under unloading conditions can
be used for the detection of a fatigue crack.
Keywords: Fatigue crack, Out-of-plane gusset, Eddy-current, Magnetic spectrum

1. Introduction
In fatigue tests, the initiation of a fatigue crack is detected
by a decrease in the strain range (or stress range)
measured by strain gauges near the location of the fatigue
crack initiation. This is because the crack growth
prevents stress transfer at the welded joint. As an example,
the change in the stress range measured at 20 mm distance
from the weld toe and the crack length of an out-of-plane
gusset welded joint under cyclic plate bending loads is
shown in Fig. 1 (Ishikawa et al. 2017). As can be seen
from this figure, the stress range at 20 mm from the weld
toe gradually decreases as the fatigue crack grows, and the
change in the stress range clearly indicates that the fatigue
crack initiates and propagates. However, this method can
be easily used in fatigue tests, but if it is applied to actual
bridges, it is necessary to subject the same load at the
same location.
On the other hand, it is also known that the strain
measured unloading condition or the average strain in the
fatigue tests also changes due to the initiation and
propagation of fatigue cracks. This is because the residual
stress generated near the welded joint was released by the
crack initiation and propagation. So far, by focusing on
the change in residual stress near weld toe, a method to
evaluate fatigue crack initiation by measuring the residual
stress by X-ray was proposed (Ishikawa et al. 2017). The
change in strain due to the release of residual stress
changes with crack initiation and propagation within the
range where the tensile and compressive residual stresses
are balanced, so it is possible to detect crack initiation not
only in the vicinity of the crack but also in a wide range.
In this study, to clarify the relationship between the
fatigue crack growth and the strain measured under
unloading condition, fatigue tests of out-of-plane gusset

welded joints were carried out using a plate bending
fatigue test.
2. Specimens
The out-of-plane gusset weld joint used in the test is
shown in Fig. 2. The location of the strain gauges is also
shown in Fig. 2. For the plate bending fatigue tests of
out-of-plane gusset welded joints, the nominal stress
range is defined as the average strain range measured by
strain gauges B and C multiplied by Young's modulus. In
the present study, the strain gauge is also glued behind the
main plate at the weld toe to measure the strain due to the
release of residual stress by fatigue crack growth. Fatigue
tests were carried out at a stress ratio of R = -1, and the
nominal stress range was set at 65 and 120 N/mm2 by
using plate bending fatigue test machine (Yamada et al.
20mm

100

A

200

Crack length
50

100

Strain range measured
at gauge A
0

0

100000

200000

0
300000

Number of cycles

Figure 1 Relationship between stress range, fatigue crack
length and number of cycles
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Fatigue crack length [mm]

Stress range [N/mm2]

300

Δσ = 120 N/mm2
R = -1

Figure 2 Out-of-plane gusset welded joint specimen and definition of crack length
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(a) Strain measured at A and D
(b) Strain measured at B and C
Figure 3 Relationships between strain range, mean strain and number of cycles (Δσ = 120 N/mm2)
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0
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Nb

1
2
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N10

800
600
400
200
0
−200

3

Ntoe

0

Nb

1
2
Number of cycles ( 106)

N10

3

(a) Strain measured at A and D
(b) Strain measured at B and C
Figure 4 Relationships between strain range, mean strain and number of cycles (Δσ = 65 N/mm2)

2007). To trace fatigue crack initiation and propagation
behavior, shielded copper wires of 0.05 mm diameter
were glued on the weld bead and the surface of the main
plate, and the fatigue lives corresponding to those crack
sizes were obtained, as shown in Fig. 2. They are Ntoe, Nb,
N10, which correspond to crack sizes, such as when a
crack initiated at weld toe, when the crack propagated off
the fillet weld toe, and when the crack propagated to 10

mm long was observed.
3. Test results
The relationship between the strain range at each
measurement position and the number of cycles is shown
in Figs. 3 and 4. In these figures, the mean strain at each
measurement position is also plotted. Since the fatigue
test was conducted at a stress ratio of R = -1, the mean

303

A

C

D

A

Strain range
Mean strain

D

1.0
Ratio to strain change η

Ratio to strain change η

1.0
0.8
0.6
0.4

0.8
0.6
0.4
0.2

0.2
0.0

C

Strain range
Mean strain

Ntoe

0

Nb

250000

N10

0.0

500000

Number of cycles

Ntoe

0

Nb

1

N10

2

Number of cycles (

3
106)
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Figure 5 Relationship between ratio to strain change and number of cycles

gauge D, the tendency of the reduction of η of mean strain
is different from that of strain range. However, the change
of mean strains measured by all gauges can be applied for
the detection of fatigue cracks.

strain becomes the strain under the unloading condition.
The figures also show the fatigue lives of Ntoe, Nb, and N10.
As can be seen in these figures, the strain range at A near
the weld toe decreases due to the fatigue crack growth and
the strain ranges at B and C increase. The reason for strain
ranges at B and C increasing is that the stress
concentration at the crack tip approaches the strains at B
and C. The strain range at D also change by the fatigue
crack growth. However, the tendency of strain range at D
is different in each specimen. This may be due to the
difference in the position of the strain gauges and the
difference of residual stress conditions. The mean strain
at D in each specimen changed largely in both specimens
compared with the strain range.
From Figs. 3 and 4, the change in the mean strain at B and
C until the fatigue crack reaches N10 shows little
difference among specimens. This is because the
distribution of residual stresses is similar in both
specimens. On the other hand, it is clearly seen that the
change in strain range at A, B, and C until the fatigue
crack reaches N10 is dependent on the stress range.
Therefore, the crack initiation and propagation can be
confirmed by the change in the average strain.
Figure 5 shows the ratio, η (absolute value), of the
changes in strain range and average strain for each cycle
to the total changes in strain range and mean strain. At

5. Conclusions
In this study, the changes of strain range and the mean
strain with crack growth were investigated for
out-of-plane gusset welded joints subjected to cyclic plate
bending. As the result, the change of mean strain which is
corresponding with the strain under the unloading
condition is independent of the nominal stress range and
can be used to evaluate the crack detection.
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Abstract
Shot peening technique for existing steel bridges by utilizing circulating blasted techniques that can reuse shots several
times at the bridge sites has been developed in Japan. In this study, to establish the quality control based on the number of
shot peening and clarify the fatigue strength of shot peened welded joints, the field and laboratory residual stress
measurement and laboratory fatigue test of shot peened welded joints were undertaken. As a result, the trend of introduced
compressive residual stresses to the existing bridge agrees with that of the specimens. The fatigue test results for two-time
and three-time shot peened specimens can be evaluated with fatigue design curves currently proposed for other peening
methods such as HFMI treatment.
Keywords: Field residual stress measurement, compressive residual stress, fatigue test, shot peening, fatigue design curve
1. Introduction
Shot peening has already been known as a preventive
maintenance technique for fatigue cracks and has been
used in many industries such as automobiles and airplanes
(Murakami et al., 1994). However, apart from a study in
the United States (Metal Improvement company Inc.,
1990), there is still little application of the shot peening
technique for existing steel bridges because it takes
challenging to collect shot media on bridge sites. In this
context, the authors’ previous study developed shot
peening techniques by utilizing the circulating blasted
techniques that are capable of collecting and reusing the
shot media several times at the bridge sites (Kinoshita et
al., 2020). It was shown this shot peening technique might
be applied to enhance the fatigue strength of welded joints
of actual steel bridges. This study’s aim is to establish
quality control based on the number of shot peening and
clarify the fatigue strength of shot peened welded joints.
At first, field residual stress measurement was conducted
on welded joints of an actual bridge. Then, laboratory
fatigue testing was carried out on the plate specimens
treated by the different numbers of shot peening, after the
residual stresses for these specimens were measured.
2. Field residual stress measurement
Field residual stress measurement was carried out on an
existing highway bridge completed in 1969 in Japan. The
targets are out-of-plane welded joints of the existing steel
bridge as shown in Figure 1. Two-time shot peening and
one-time grit blasting was executed for the welded joints.
Surface coverage of more than 90 % was controlled for
each number of shot peening. Concretely, fluorescent
paint was applied to the surface and the degree of removal
paint due to shot peening was measured, which process
was repeated twice. Almen strip test was carried out and
its result confirmed the ark height of over 0.312 mmA.

Web plate

Target welded joint

Figure 1. Target welded joints of the existing steel
bridge
: Measurement direction
Web plate
: Measurement point of bridge
: Measurement point of bridge and specimen

Strain gauges

200

Ⅰ : Front of
the fillet weld

Gusset

Loading
direction

1mm
2mm
2mm

Jig

Ⅲ : Side of
the fillet weld

Ⅱ : Corner of
the fillet weld

Plate bending
fatigue testing machine

Unit: mm

20mm

Figure 2. Residual stress Figure 3. Configuration of
measurement locations the specimen and test setup
and points
Figure 2 shows residual stress measurement locations,
which are Ⅰ: front, Ⅱ: corner, and Ⅲ: side of the fillet
round weld. Residual stress perpendicular to the weld toe
lines was measured at 2 mm away from the weld toe of
each location by means of X-ray diffraction method. The
measurement was done before and after two-time shot
peening and one-time grit blasting. To confirm the
introduced residual stress through the plate thickness,
electro-polishing was performed at 100 µm step up to a
depth of 500 µm, and the measurement was repeated at
every depth.
Figure 4 shows the results of residual stress measurement
of the existing bridge. They correspond to the black plots.
Please note that this paper only presents the measurement
results for location I. The high peak compression state
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was seen as less than -330 MPa at a depth of 100 µm after
shot peening, and the compressive stress was kept roughly
up to the depth of 500 µm. As a result, the application of
shot peening to the welded joint of the existing bridge
successfully shifted the residual stress state to beneficial
compression near the weld toe surface.
3. Clarification of fatigue strength for shot peened
welded joints
Figure 3 shows the configuration of plate specimen. The
specimens were made of 12 mm thick SM490YA, whose
yield strength was 434 MPa. This study prepared a total of
12 specimens: which are 3 for each one-time, two-time,
and three-time shot peened state and 3 for as-welded state.
3.1 Laboratory residual stress measurement
Prior to fatigue testing, the residual stress measurement of
specimens was performed on the same locations as the
existing bridge, and its result is shown in Figure 4. In
comparison with the existing bridge, the results of
two-time shot peening specimen show similar peak values
and in-depth distribution apart from a slight difference in
compression layer depth. Therefore, the application of
shot peening performs stable introducing of compressive
residual stress to welded joints of steel bridges.
Comparing the residual stress of the specimens for each
number of shot peening, the compressive residual stresses
are found less than -300 MPa except for a specimen of
one-time shot peening (with the symbol “a” in Figure 4) at
a depth of 100 µm. On the other hand, two-time and
three-time shot peening specimens have no significant
difference in the magnitude of introduced compressive
residual stress and in-depth distribution. Thus, more than
two-time shot peening treatments might be recommended
to ensure the fatigue strength improvement effect.
3.2 Laboratory fatigue testing
Fatigue tests for the specimens were carried out using the
plate bending loading system (Yamada et al., 2007) as
shown in Figure 3. The stress ratio was R = -1. Figure 5
shows the fatigue test results. The black broken lines are
the fatigue design curves of JSSC-B to G classes for
as-welded joints (Japanese Society of Steel Construction,
2012). The design curves proposed for other peening
techniques are also drawn, which are FAT90 in IIW
recommendations for HFMI treatment (Marquis, G.B.,
and Barsoum, Z, 2016) and D class in JSSC technical
report for peening treatment (Japanese Society of Steel
Construction, 2020). The test results of as-welded joints
show G-class or FAT 50. For the test results of shot
peening, no shot peened specimens fail at 80 MPa
nominal stress range until 10 million cycles. At 120 MPa
stress range, the fatigue lives tend to be longer as the
number of shot peening increases. The fatigue strength of
one-time shot peening is higher than that of as-welded
joints, but two specimens of one-time shot peening have
lower fatigue strength compared to more than two-time
shot peening specimens. The two specimens of three-time
shot peening initiated the fatigue cracks from weld toes at
gusset plate edges and consequently had higher fatigue
strength than the others. The fatigue test results for
two-time and three-time shot peening specimens fall

above both FAT 90 and D class, while for one-time shot
peening specimens, one lower class, FAT80 and E class.
Therefore, the fatigue design curves currently proposed
for other peening techniques in the IIW and the JSSC
technical report might be applied to welding joints treated
by more than two-time shot peening.
4. Conclusions
The conclusions of this study are described as follows.
1) The comparison of residual stress measurements for
two-time shot peened welded joints of the existing
steel bridge and specimens confirms consistency on
the trend of in-depth distributions near the weld toe.
2) According to the residual stress measurement for
specimens treated by one- to three-time shot peening,
more than two-time shot peening might be
recommended to introduce enough compressive
residual stress to the weld toe certainly.
3) The fatigue test results for the specimens treated by
two-time and three-time shot peening are satisfied
with the fatigue design curves proposed for HFMI
treatment in IIW recommendations and for peening
treatment in JSSC technical report.
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5. References
Murakami, Y., Kobayashi, M., Makino, T., Toriyama, T.,
Kurahara, Y., Takahashi, S., Ebara, R. (1994). “A
comprehensive evaluation of factors influencing the
fatigue strength of spring steels (Nonmetallic
inclusions, shot peening, decarburized layer and small
surface pits).” Transactions of Japan Society for Spring
Research. Vol.39, pp.7-16 (in Japanese).
Metal Improvement company Inc., Carlstadt, New Jersey.
(1990) A Concept for Preventing Repeated Weld
Repairs of Bridge Structures, pp.208-226.
Kinoshita, K., Ono, Y., Banno, Y., Yamada, S., and Handa,

306

M. (2020). “Application of shot peening for welded
joints of existing steel bridges.” Welding in the world.
Vol.64, pp.647-660.
Yamada, K., Ya, S., Baik, B., Torii, A., Ojio, T., and
Yamada, S. (2007) “Development of a new fatigue
testing machine and some fatigue tests for plate
bending.” International Institute of welding. IIW
document, XIII-2167-07.
Japanese Society of Steel Construction. (2012) Fatigue
Design Recommendation for Steel Structures, Gihodo
(in Japanese).
Marquis, G. B., and Barsoum, Z. (2016). “IIW
Recommendations for the HFMI treatment for
Improving the Fatigue Strength of Welded Joints”,
International journal of Welding. pp.1-34.
Japanese society of Steel Construction. (2020) Technical
report No.120, Japanese society of Steel Construction
(in Japanese).

307

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Session 13]

A Method of Reducing Stress Concentration at Weld Root of Hand Hole Welding
in Sign Structures by Drilling Hole
Motohiko Tsuruta1*, Koji Kinoshita2, Takahiro Iwata3, Yuki Ono4, Ryosuke Fukami5, and Masahiro Kozuka6
1*

Department of Civil Engineering, Gifu University, Gifu, Japan. x3030043@edu.gifu-u.ac.jp (corresponding author)
2
Department of Civil Engineering, Gifu University, Gifu, Japan. kinosita@gifu-u.ac.jp
3Department of Civil Engineering, Gifu University, Gifu, Japan. y3921004@edu.gifu-u.ac.jp
4
Department of Civil Engineering, Gifu University, Gifu, Japan. yono@gifu-u.ac.jp
5
Department of Civil Engineering, Gifu University, Gifu, Japan. z4523020@edu.gifu-u.ac.jp
6
Central Nippon Highway Engineering Nagoya Company Limited, Nagoya, Japan. m.kozuka.a@c-nexco-hen.jp

Abstract
Sign structures on the highway are subjected to cyclic loads due to wind and traffic loads, and fatigue cracks have been
observed at the welded joints of ribs and hand holes where the stress concentration occurs. However, there are no efficient
and simple fatigue countermeasures for the root cracks of fillet welding for hand holes. This study investigated the
reduction of stress concentration at the weld root of hand hole welding in sign structures by drilling holes in front of the
welding where the stress concentration occurs. In the first phase, finite element analyses were carried out to determine
the location of a hole that can achieve to reduce the stress concentration at the weld root of the fillet welding of the hand
hole. In the second phase, a static loading test of the actual sign structure was carried out in order to verify the stress
reduction experimentally. Finally, fatigue tests were carried out on the sign structure.
Keywords: FE, actual sign structures, stress concentration reduction, hand hole welding, weld root
location of a hole that can achieve to reduce the stress
concentration at the weld root of the fillet welding of the
hand hole. In the second phase, a static loading test of an
actual sign structure was carried out in order to verify the
stress reduction experimentally. Finally, fatigue tests were
carried out on the sign structure.

1. Introduction
Sign structures on the highway are subjected to cyclic
loads due to wind and traffic loads, and fatigue cracks
have been observed at the welded joints of ribs and hand
holes where the stress concentration occurs (Yamada et al.
2009 and Ojio et al. 2004). Generally, to prevent collapse
due to fatigue crack propagation, the sign structures with
detected fatigue cracks have been replaced. However, it is
difficult to replace all existing sign structures due to
replacement costs and labor shortages. Nevertheless,
efficient fatigue countermeasures for the existing sign
structures have not been established yet. The authors’s
recent previous studies (Kinoshita et al. 2019) conducted
fatigue tests of actual sign structures and clarified that the
fatigue cracks occur at the roots of fillet welding for the
hand hole due to poor welding in terms of fatigue. As for
the root cracks, the study (Kozuka et al. 2020) have shown
effects of fatigue strength improvement by installing
reinforcement members. However, there are no efficient
and simple fatigue countermeasures for the root cracks of
the fillet welding for the hand hole.
In this study, a reduction of stress concentration at the
weld root of the hand hole welding in sign structures by
drilling holes in front of the welding where stress
concentration occurs was investigated. In the first phase,
finite element analyses were carried out to determine the

2. Investigation on the Location of the Drilling Holes
2.1 FE Analysis
Fig. 1 shows the specimen of an actual sign structure and
test set-up. The height of the specimen is 7700 mm, and
the diameter is 355.6 mm. A hand hole is provided by fillet
welding near the base of specimen. Fig. 2 shows the
numerical model. This study performed finite element
method (FE) analysis using the commercial software,
Optistruct. The model considered the condition of the
symmetry. The hand hole section was modeled using solid
elements in detail, while the other section using beam
elements. Solid and beam elements were connected using
rigid elements. A gap of weld root was set to 0.1 mm, and
a refined element size with a minimum of 0.1 mm was
used around the gap. The weld leg length was assumed to

(a) XY plane

(b) XZ plane

Fig. 2 Numerical model

Fig. 1 Actual sign structure and test set-up
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(b) with drilling hole 15 mm away
(a) without drilling hole
Fig. 3 Stress distribution around the corner of hand hole welding

Fig. 4 Reduction rate of stress according

Fig. 5 Location of strain gauge

to different hole distance

(a) I-axis

(b) II-axis

Fig. 6 Comparison results between experiment and numerical results

be 5 mm, and the weld angle was taken as 45 degrees. The
radius of weld toe was not modeled. The edge of base side
was fixed in all the directions as the boundary condition,
and the vertical load of 22.5 kN in z-axis was applied to
the position of 5960 mm away from the base.

distance.
𝛼=

𝜎with hole
𝜎w/o hole

(c) III-axis

(Eq.1)

Where 𝜎with hole is the maximum principal stress with the
drilling hole, and 𝜎w/o hole is the one without the drilling
hole. The results of the numerical from Fig. 4 showed that
when the distance between the weld toe and edge of the
drilling hole was 15 mm, the stress at the weld root
became lower and could be reduced by about 18%.

2.2 Results of the Numerical
Fig. 3 shows the maximum principal stress distribution
around the corner of hand hole welding. As shown in Fig.
3(a), the principal stress at the weld root at the corner of
the hand hole is quite high. Thus, the reduction of stress
concentration in the weld root was investigated by
applying holes in front of the welding at the corner where
the maximum value of principle stress was confirmed.
This study varied the location of the hole to determine
what position can reduce a stress concentration the most.
Specifically, a total of seven locations were examined in
which the distance between the weld toe and edge of the
drilling hole varied 5 to 35 mm at 5 mm intervals. The
diameter of the hole was set to 25 mm. As an example,
Fig. 3(b) shows the numerical results in the case that a hole
was applied 15 mm away from the weld toe at the corner.
One can see the large reduction of stress concentration at
the weld root. Fig. 4 shows the reduction rate of stress,
which is obtained by Eq.1, according to different hole

2.3 Static Loading Test
To verify the stress reduction experimentally, the static
loading test was carried out on the specimen with and
without drilling holes. The sign structure was fixed to the
reaction wall in the laboratory with steel bars for
prestressed concrete as shown in Fig. 1. A vertical load of
11.25 kN in z-axis was applied. Fig. 5 shows the location
of strain gauges. Three or four strain gauges were attached
on axis I, axis II, and axis III, which are the upper side, the
middle side, and the lower side for the drilling hole. This
was repeated for four corner of hand hole welding: A to D.
Fig. 6 shows the comparison results of the static loading
test and FE analysis. The result of the static loading test
agreed well with the analytical results regardless of
whether there were the drilling holes. Based on the above,
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the result of this numerical is validate.
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3. Fatigue Test
3.1 Fatigue Testing System
To confirm the effect of stress reduction on fatigue life and
failure mode for the hand hole welding, a fatigue test was
carried out on the specimen with the drilling holes. Fig. 1
shows the fatigue test system developed in this study. An
eccentric motor attached at the top of the sign structure
(free end side) with a U-bolt can exert repeated bending
moment to the sign structure with certain frequency. The
sign structure can vibrate only in the vertical direction; the
jigs prevented vibration for the horizontal direction as
shown in Fig. 1. To enable the fatigue test with the
eccentric motor with a relatively small maximum output
load, this test system uses the resonance vibration by
applying an excitation frequency close to the natural
frequency of the actual sign structure. Fig. 7 shows the
strain measurement position. The nominal stress range
was 90 MPa. The stress ratio of all fatigue tests was R = 1.
3.2 Results of Fatigue Test
Fig. 8 shows the fatigue test results at 460,000 cycles. The
black lines are the fatigue design curves in JSSC (Japanese
Society of Steel Construction. 2012). For comparison, this
figure plots the test result in the previous study (Kinoshita
et al. 2019) for the specimen without drilling holes. In this
previous study, the fatigue crack length reaches about 120
mm as given in Fig. 9, and the test result showed JSSC-G
class.
On the other hand, for the specimen of this study with the
drilling holes, cracks did not occur even though the
number of cycles nearly reached the JSSC-G class as
given in Fig. 10. Therefore, by comparisons of whether
there were drilling holes or not, it could be said that the
fatigue strength is improved by a drilling hole.

Fig. 7 Location of strain gauge in the fatigue test

4. Conclusions
The conclusions of this study are described as follows.
(1) When the distance between the weld toe and edge of
the drilling hole was 15 mm, the weld root stress
decreased by about 18 %.
(2) The static loading test agreed well with the analytical
results regardless of whether there was the drilling hole
or not, and the validity of the results of FE analysis was
verified.
(3) Fatigue strength of the weld root was improved by a
drilling hole.

Fig. 8 Results of fatigue test for root crack

Fig. 9 Fatigue cracks of As-weld (Kinoshita et al. 2019)
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Fig. 10 No cracks with drilling hole
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Abstract
Recently, a huge amount of construction waste has been generated in the construction industry due to social factors and
the degradation of buildings. In the case of waste concrete, which accounts for the largest amount, the problem of
environmental pollution is raised due to simple landfill treatment. In addition, the supply and demand of natural
aggregates in Korea are having difficulties in smooth supply and demand of aggregates. Domestic circular aggregate in
insufficient in application and utilization of current structure due to unstable initial strength and high absorption rate.
Existing research confirmed the structural Capacity of circular aggregate concrete by charging it to steel tubes that express
stable performance as structural members. In order to utilize recycled aggregate concrete as a structural member, shear
experiments were conducted according to major variables(steel fiber, shear span ratio, end plate) by mixing steel fibers
that are effective in enhancing strength and ductility.
Keywords: Recycled Aggregate Concrete, Steel fiber, Shear strength, CFT, Shear span ratio
2.2. Proposed method
Kim Sun Hee(2013) reported through prior research that
clumps occur at a rate of more than 1% of steel fibers.
Accordingly, the characteristics of steel fiber reinforced
concrete with the variables of steel fiber mixing rate and
age date were analyzed and the compression strength
evaluation formula of steel fiber reinforced concrete was
proposed as follows.

1. Introduction
Construction waste generated during the demolition of
structures is becoming important to reuse construction
waste as aggregate due to concerns over depletion of
natural aggregate. However, there is a lack of specific
guidance for stable use of recycled aggregates, and it is
underutilized due to unstable structural performance.
Recycled aggregate degrades the density, initial strength,
and long-term behavioral properties of aggregates due to
undiscovered paste on the surface. In order to prevent
such property degradation, improvement plans using steel
fiber reinforced concrete, which acts as softening and
cracking dispersal, were proposed, and supplemented by
filling concrete filled steel tubes(CFT) verified as
structural members. In addition, the welded assembly
square steel tube is a rechargeable synthetic column that
maximizes the synthesis effect while the rib acts as an
anchor, and a plan to expand the toughness of concrete
with a small amount of steel fiber reinforcement is
prepared. In this study, the material performance is
identified by charging the steel fiber reinforced recycled
aggregate concrete to the welded assembly square steel
tube and the appropriateness of use as a structural member
through shear performance experiments.

(1)
Elasticity coefficient characteristics according to the
substitution rate of recycled aggregate concrete.
(2)
Ali Mansouri(2020) proposed a CFT shear strength
evaluation formula through experimental results from
existing researchers considering the steel fiber mixing rate,
shear span ratio, and axial strength ratio.

(3)

2. Existing Research Results
2.1. Preceding research trend
Choi Won Ho (2019) conducted a compression strength
experiment with a variable compression strength, fraction
ratio, and aggregate type to derive a 50MPa mixture ratio
of steel Tube filled recycled aggregate, and confirmed the
target strength of the 60MPa mixture of high-strength
general aggregate concrete.

Formula, we would like to assess the shear strength by
substituting the compressive strength of steel fiber
reinforced concrete and recycled aggregate concrete
proposed by Kim Sun Hee (2014) and Sim Jong Sung
(2006).
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3. Experimental of Shear Evaluation
3.1. Test setup and method
As shown in Table 1, the experiment set aggregates
(general aggregates, recycled aggregates, steel fiber
reinforced recycled aggregates), steel fiber reinforcement
(0, 0.5%), end plates (Attached, Unattached), and shear
span ratios (0.7, 1.3). As shown in Fig. 2, the steel tube is
shaped with edge steel with ribs protruding inwardly into
the welded assembly square steel tube of ACT Partner,
which maximizes cross-sectional performance due to the
effect of the ribs protruding inwardly. The cross section is
300×300mm, 1800mm length, and 6mm thick steel,
represented in Fig. 2. The end plate made a 150mm hole
for concrete charging and welded to the steel tube. Also,
the steel fiber was Bekaert's Dramix 3D product, with a
shape ratio(lf/Df) of 60mm in length(lf) 0.90mm in
diameter(Df) 65 and mixed 0.5%. Table 2 showed the
concrete mixing ratio used in the experiment, and the
concrete mixing ratio was used to express the target
compressive strength of 50MPa of recycled aggregate
concrete. The shear experiment evaluated the mechanical
properties of the experiment using 3,000kN U.T.M. at
Songdo POSCO R&D Center. The acceleration velocity
was 0.05 mm/sec, and Fig. 1 was used to induce shear
failure in the central glucose of the experiment. As shown
in Fig.1, the lower and upper 2 points were accelerated. At
this time, the shear span(a) was adjusted according to the
shear span ratio.

Fig. 2 Details of section
Table 2. Concrete mixing ratio
Binder(kg/m3)
Speci
CA FA
men
W
C
F/A S/P AE
S
NAC 210 420 60 120 7.2
815 641
RAC 210 420 60 120 7.2
815 641
SRAC 210 420 60 120 7.2 39.3 815 641
*W : Water, C; Cement, F/A : Fly Ash, S/P : Silica Powder,
AE : AE agent, S : Steel Fiber
*CA : Coarse Aggregate, FA : Fine Aggregate
3.2. Material test results
To determine the mechanical properties of the steel used
in the fabrication of the experiment, three steel specimens
used in the welded assembly square steel tubes were
removed and tested in accordance with KS B 0801 1A.
For steel thickness of 6mm, the yield strength of the
SM355 steel species was evaluated at an average of 435
MPa, higher than the design yield strength of 355MPa,
and the tensile strength was evaluated at 529MPa. In the
case of concrete, it was tested using a test piece of 28 days
of age, referring to KS F 2405 to identify the mechanical
properties of each aggregate. Tests showed that the
compressive strength of ordinary aggregate concrete
exceeded the target strength of 60MPa, but for cyclic
aggregate and steel fiber reinforced recycled aggregate
concrete, the compressive strength was 43MPa and
47MPa, respectively. This seems to be due to the
imbalance in the nature of the raw materials of recycled
aggregate and the deviation in quality. In addition, it is
judged that cement paste reduces the density and adhesion
of aggregates compared to general aggregates.

Table 1. List of specimens
Steel
Shear
Section Length
End
Specimen
Fiber
Span
(mm)
(mm)
Plate
(%)
Ratio
NNAC1-0.7
0.0
A
0.7
NRAC1-0.7
0.0
A
0.7
SRAC1-0.7
0.5
A
0.7
NNAC2-0.7 300×300
0.0
U
0.7
NRAC2-0.7
1800
0.0
U
0.7
(6t)
SRAC2-0.7
0.5
U
0.7
NNAC2-1.3
0.0
U
1.3
NRAC2-1.3
0.0
U
1.3
SRAC2-1.3
0.5
U
1.3
*S, N : Steel Fiber, Non-Steel Fiber, NA, RA : Nature
Aggregate, Recycled Aggregate, 1, 2 : End Plate Attached
and Unattached, 0.7, 1.3 : Shear Span Ratio(=a/d)

Table 3. Material test results of steel and concrete
Yield Strength(MPa)
435
Steel Tube
(SM355)
Tensile Strength(MPa)
529
NAC
61
28 Day fck
Concrete
RAC
43
(MPa)
SRAC
47
4. Experimental Results and Discussion
4.1. Shear capacity
The shear strength and initial stiffness of each subject are
the same as Table 4, and the subject's load-displacement
relation It was shown in Fig. 3. The initial stiffness was
assessed by a straight-line technician following the point
and origin of the yield bearing up to one-third, and the
shear strength was calculated as the yield point on the
load-displacement curve. In the case of steel fiber
reinforced recycled aggregate concrete filling
experiments, both shear span ratio 0.7 and 1.3 were
evaluated to increase shear strength and initial stiffness
due to strong fiber reinforcement, and the shear span ratio

Fig. 1 Setting of specimen

312

is decreasing as shear span ratio increases. The dotted
lines in the load-displacement relationship indicated the
design shear strength presented in KDS 41 31 00, and
compared to the experimental values, the shear strength of
the experiment was all above the design shear strength. In
all experiments, the load-displacement curve showed a
proportional increase in elasticity prior to the surrender,
and after the surrender, it was confirmed that the
load-displacement curve showed moderate plasticity and
stable behavior. The experiment was terminated prior to
the final displacement, exceeding the load capacity of
2,900 kN of the loading equipment.

the shear span ratio was 1.3 and the shear strength was
increased 1.07 times in the end plate attachment
experiment, and overall, the shear strength tended to
increase when reinforcing strong fibers.

Table 4. Shear performance of experimental results
Shear strength
Initial stiffness
Specimen
(kN)
(kN/mm)
NNAC1-0.7
2530.0
532.6
NRAC1-0.7
2415.2
528.2
SRAC1-0.7
2509.2
550.5
NNAC2-0.7
2562.0
558.9
NRAC2-0.7
2418.5
531.6
SRAC2-0.7
2482.4
587.2
NNAC2-1.3
2352.6
466.4
NRAC2-1.3
2182.9
444.6
SRAC2-1.3
2337.6
503.6
*S, N : Steel Fiber, Non-Steel Fiber, NA, RA : Nature
Aggregate, Recycled Aggregate, 1, 2 : End Plate Open and
Close, 0.7, 1.3 : Shear Span Ratio

Fig.4 Comparison of shear strength by steel fiber
reinforcement
4.3. Impact of end plates
When attaching end plates at both ends of the subject, the
adhesion stress can be improved by preventing slip of
steel tubes and concrete after concrete destruction, and
ductile behavior can be expected to reach maximum
strength. changes in shear strength under the same
conditions with or without end plate attachment. It was
shown in 5. For natural aggregate concrete filling
experiments, shear strength was 1.01 times higher when
attaching end plates, and 1.00 times higher in recycled
aggregate concrete filling experiments. Furthermore,
shear strength was 0.99 times that of the steel fiber
reinforced recycled aggregate concrete filling experiment.
It is believed that the impact of shear performance due to
the presence or absence of end plates is insignificant as
the experiment was stopped due to the excess capacity of
the loading equipment and the slip of steel tubes and
concrete was not generated.

(a) 0.7D

Fig. 5 Comparison of shear strength by end plate

(b) 1.3D
Fig. 3 Load-displacement curves

4.4. Impact of shear span ratio
As a factor affecting shear behavior, it was shown in Fig.6
11 by a non-dimensional comparison with an experiment
with a shear span ratio of 1.3 based on a shear span ratio of
0.7 to confirm the effect of reinforcement of strong fibers
on the shear span ratio. For general aggregate concrete
filling experiments, shear strength was reduced by 0.92,
and for recycled aggregate concrete filling experiments,
shear strength was reduced by 0.90. Meanwhile, shear
strength was reduced by 0.94 times for the steel fiber
reinforced recycled aggregate concrete filling experiment.
This showed that shear performance decreased as shear
span ratio increased, and the reduction rate of shear

4.2. Steel fiber reinforcement effect
One of the main variables affecting shear performance is
strong fiber reinforcement. When reinforcing steel fibers
to recycled aggregate concrete, shear strength was
compared to identify the impact on shear performance
according to reinforcement of steel fibers. Fig.4 showed
the shear strength of the steel fiber reinforced and the steel
fiber reinforced experiment for each variable.
Experiments show that shear span ratio is 0.7, shear
strength is 1.04 times higher in non-endplate experiments,
shear span ratio is 0.7 and shear strength is 1.03 times
higher in endplate-attaching experiments. Furthermore,

313

1) The load-displacement relationship of all the subjects
showed elastic behavior with proportional increases in
load and displacement, and also gentle plastic behavior
even after surrender. The experiment terminated the
experiment prior to destruction, exceeding load capacity
of 2,900 kN of the loading equipment. The experimental
value of the experiment and the prediction of the formula
were dimensionless, and the experimental value was 2.27
to 2.66 times higher than the design expression, and 1.37
to 1.54 times higher than the experimental value and
evaluation was 1.37 to 1.54 times higher. This is closer to
the experimental value in the evaluation ceremony that
takes into account both steel tube and concrete shear
strength, so it is possible to design reasonably by partially
reflecting the shear strength of CFT bending materials.

strength was significantly reduced compared to general
aggregate concrete filling experiments and circular
aggregate concrete filling experiments when reinforcing
steel fibers.

Fig. 6 Comparison of test results by shear span ratio
4.5. Comparison of formula of shear strength
The shear design method of KDS 41 31 00(2019), the
standard for architectural structure in Korea, requires the
use of high values among the shear strength of steel tubes
and concrete. The aforementioned CFT shear strength
evaluation formula of Ali M.(2020) was compared to the
experimental value by applying the compressive strength
evaluation formula of steel fiber reinforced concrete and
the recycled aggregate concrete compressive strength
evaluation formula.
Fig. 7 showed experimental values and results calculated
by design and evaluation expressions, respectively, and
non-dimensional comparisons with experimental values.
The comparison between the predicted and experimental
values of the design formula showed that the experimental
value was 2.27 to 2.66 times higher, and the comparison
between the evaluation and experimental value showed
that the experimental value was 1.37 to 1.54 times higher
than that calculated by the evaluation formula. Both the
design and evaluation expressions differ from the
experimental values, which are more similar to the
experimental values than the design expression
considering both steel and concrete shear strength, so it is
necessary to consider the shear strength of CFT bending
members.

2) It can be seen that the shear strength of 1.03 to 1.07
times is increased by the experimental value when
reinforcing steel fibers on the recycled aggregate concrete
filling experiment. Furthermore, when comparing the
experimental value and the evaluation formula prediction
value, the recycled aggregate concrete filling experiment
showed shear strength 1.37 to 1.47 times higher than the
design formula. This is believed to improve shear
performance because the cross-section of steel fibers in
the aggregate suppresses the shear crack and redistributes
stress.
3) The impact of attaching end plates at both ends of the
experiment was 1.01 times for general aggregate concrete
filling experiments, 1.00 times for recycled aggregate
concrete filling experiments, and 0.99 times for rigid fiber
reinforced concrete filling experiments. This is believed
to have a minor impact on shear strength of end plates in
elastic areas.
4) The recycled aggregate concrete filling experiment
shows that the shear strength decreases as the shear span
ratio increases, just like ordinary aggregate concrete
filling experiment. Comparing the experimental value and
the evaluation predicted value, it is shown that the shear
strength of ordinary aggregate concrete filling
experiments decreases 0.93 times, the recurrent aggregate
concrete filling experiments decrease 0.90 times, and the
shear performance decreases significantly. This is
believed to improve the shear strength when reinforcing
steel fibers by inducing shear destruction to bending-shear
destruction when the shear span ratio increases.
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Fig. 7 Comparison of Vexp/Vn values
5. Conclusions
In order to evaluate the shear performance of steel fiber
reinforced recycled aggregate concrete filled welding
square steel tubes, shear span ratio and end plate presence
were carried out as variables, and stability as structures
was evaluated by comparing experimental values to
current design and evaluation formula.
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Abstract
CFT columns with rectangular cross sections are more likely to cause local buckling as steel plates become thinner. In
addition, the restraining stress on concrete decreases when local buckling occurs. To solve this problem, a rib is installed
inside the column, and there is a number of studies on this. The installation of ribs inside the CFT column delays local
buckling and reduces the effective width, increasing the bonding stress. However, there is a disadvantage of increasing
weld area when machining ribs. Increased weld area can cause deformation of steel plates. This can lead to a decrease in
bonding stress and a decrease in column strength. So, we developed CFT that facilitates rib assembly and reduces weld
area. The height, length, steel plate, and concrete bonding area of the CFT beam-column are determined by variables.
Therefore, we would like to verify how the adhesion stress changes and how it relates to the stiffness and maximum
strength of the elastic range.
Keywords: Prefabricated CFT Column, Axial Load, Saw-toothed Ribs
reduce the deformation caused by welding. If the steel
pipes of the CFT are not integrated and each piece is
simply assembled, the attachment stress, lateral expansion,
and binding force are to be checked.

1. Introduction
1.1. CFT General Information
The CFT column is a structure filled with concrete inside
the steel pipe. Compared to the cross-sectional area of RC
and SRC structures, it is more rigid and can withstand
large loads. For this reason, CFT columns are often used
to increase parking spaces in high-rise buildings and
underground parking lots. In addition, the steel plate acts
as a formwork, which reduces the air due to the need for
assembly, and the steel pipe wraps around the concrete, so
when stress is applied, the concrete is combined to
increase the strength. However, the steel pipe properties
of these CFT columns differ in their strength and postbuckling behavior depending on their width thickness.
CFT columns with rectangular sections are more likely to
cause local buckling as steel plates become thinner. In
addition, restraint stress on concrete is reduced when local
buckling occurs.

2. Test Specimens
The CFT column is manufactured in sizes □-400x400x8t.
The column has a total height of 1640𝑚𝑚 and a soft span
of 1200𝑚𝑚. The subject planned five prefabricated CFT
columns with cog-toothed ribs and a regular angular CFT
column with welded edges. Each of the six experiments
consisted of S400, a general rectangular CFT column
made by welding corners, C400-40H60L, C400-40H80L,
C400-40H100L, C400-80H80L, and C2P400-40H80L
assembled by two steel plates. The details of the subject
are shown in the following table.

1.2. Range of study
To solve this problem, a number of studies have been
conducted to reduce the effective width by installing ribs
inside the column. Installing ribs inside the CFT column
delays local buckling and reduces effective width,
increasing adhesion stress. However, there is a
disadvantage that welding volume increases when
processing ribs. As the welding volume increases, the steel
plate deforms, which may reduce the strength of the steel
and reduce stress due to the lack of uniform bearing. For
this reason, we wanted to study CFTs that are assembled
and laid in order to reduce the amount of welding and

Figure 1. 3D Modeling
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3.3. Comparison of according to Ribs detail
In the three C400-40H60L, C400-40H80L, and C40040H100L, the rib is set to be 60𝑚𝑚, 80𝑚𝑚, and 100𝑚𝑚
long, respectively. At 60𝑚𝑚, 𝑃𝑚𝑎𝑥 was 7,296𝑘𝑁, and at
80𝑚𝑚 , 𝑃𝑚𝑎𝑥 was 8,007𝑘𝑁 , but at 100𝑚𝑚 , 𝑃𝑚𝑎𝑥 was
8,020𝑘𝑁 , making no significant difference from the 80
𝑚𝑚 long subjects. On the other hand, when the rib length
was 80𝑚𝑚 and the height was 40𝑚𝑚 and 80𝑚𝑚, the
values were 8,000𝑘𝑁 and 7,294𝑘𝑁 respectively, and the
𝑃𝑚𝑎𝑥 value was measured higher when the rib was low. In
addition, when comparing general CFT with 2piece
assemblies and 4piece assemblies, the values were high in
the order of 4piece, 2piece, and general CFT.

Table 1. Column Details for Ribs
ID

𝐻
(𝑚𝑚)

𝐿
(𝑚𝑚)

S400

-

-

C400-40H60L

40

60

C400-40H80L

40

80

C400-40H100L

40

100

C400-80H80L

80

80

C2P400-40H80L

40

80

Section

3. Experimental Program
3.1. Fabrication and Experimentation
The production of the experiment was entrusted to
HANWOOMUL Company, and concrete pouring was
carried out by BEST PCM Company. The experiment was
conducted at the MYONGJI University Hybrid Structure
Center in Yongin, and the maximum speed was adjusted
not to exceed 0.05𝑚𝑚/𝑠 using a UTM with a capacity of
20,000𝑘𝑁, when the maximum force of the column was
reached to 70% or axial displacement of 30-50𝑚𝑚.

Figure 2. Load-Strain curve

3.2. Axial force of CFT
When compared with a typical square CFT column, S400,
and a prefabricated CFT column, the overall maximum
strength was increased in the central compression
experiment of prefabricated CFT columns. When
compared using the 𝑃𝑛 calculation proposed by KCI
(2016), the 𝑃𝑚𝑎𝑥 /𝑃𝑛 values were C400-40H80L with the
highest values at 0.991, and the S400 and C400-80H80L
with the lowest values of 0.903. All prefabricated CFTs
have a 𝑃𝑚𝑎𝑥 /𝑃𝑛 value of 0.903 or higher.

Figure 3. Normalized Load-Displacement curve

Table 1. Calculated values and experimental values for CFT columns
ID

𝑃𝑛
(𝑘𝑁)

𝑃𝑚𝑎𝑥
(𝑘𝑁)

𝑃𝑚𝑎𝑥
𝑃𝑛

∆
(𝑚𝑚)

𝜀𝑠,𝑚𝑎𝑥

S400
C400-40H60L
C400-40H80L
C400-40H100L
C400-80H80L
C2P400-40H80L

7,080
7,828
8,077
8,327
8,078
7,579

6,396
7,296
8,007
8,020
7,294
7,389

0.903
0.932
0.991
0.963
0.903
0.975

8.18
9.10
9.18
9.52
8.87
8.71

0.0016
0.0024
0.0022
0.0021
0.0026
0.0020
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4. Conclusions
Comparing the 𝑃𝑚𝑎𝑥 values of the general square steel
pipe CFT column S400 and the prefabricated CFT column
C400-40H80 showed an 11% higher strength. Restraint
stress is also believed to have been expressed in the
prefabricated CFT.
The length of the rib was 60𝑚𝑚, 80𝑚𝑚, and 100𝑚𝑚, and
the increase in strength was not proportional. There was
an 8.88% increase in strength when it was extended from
60𝑚𝑚 to 80𝑚𝑚. However, there was a 0.16% increase in
strength when it was extended from 80𝑚𝑚 to 100𝑚𝑚. On
the other hand, the subject with a length of 100 𝑚𝑚
expressed the post-buckling reserve without a sudden
decrease in the force after the maximum axial force was
expressed compared to the subject with a length of 80𝑚𝑚.
There was an increase in strength when the height of the
rib was compared to 40𝑚𝑚 and 80𝑚𝑚. The lower the
height of the ribs, the higher the concrete and confining
stress.
Compared to 4pieces and 2pieces, 4pieces increased
strength by 7.72% compared to 2pieces. It is believed that
the number and number of ribs and the attachment of
concrete and steel plates are affected.
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Abstract
High-strength structural steel (HSS) and Ultra High Performance Concrete (UHPC) are currently all countries hope to
develop materials used in the field of civil engineering. In this paper, the static bending performance under negative
moment of HSS-UHPC composite beams with a yield strength of 690MPa are studied. Two static bending tests of
composite beams are carried out. The test parameter is the arrangement of studs, including single-stud and grouped-stud.
The grouped-stud specimen was studied for assembly construction in composite beams. It can be seen that the stud
arrangement pattern has no obvious influence on its flexural bearing capacity. However, the stud arrangement pattern
would change the cracking mode of UHPC. The UHPC cracks of the single-stud specimen are relatively uniform, while
the UHPC cracks of the grouped-stud specimen are mainly distributed around the interface of stud group. According to
the strain of UHPC surface, there is a stress-strengthened state of UHPC under tensile stress, and the ultimate strain is
higher than that of normal concrete. The strain of each component of the composite beam is basically linearly distributed
along the section height, indicating that the flat section assumption hold during the experimental process for HSS-UHPC
composite beam subjected to negative moment. Finally, the finite element analysis method was used to compare the
mechanical performance of UHPC and normal concrete C60 under negative moment in composite beams.
Keywords: High strength steel, UHPC, composite beam, hogging moment, Finite element analysis
Topics and Scope: Composite/Hybrid Structures
under negative moment was studied in this work. A total
of 2 specimens were launched in the experiment. The
study parameters was stud arrangement pattern.

1. Introduction
Steel-concrete composite beams could take advantage of
the properties of steel in tension and concrete in
compression, which were extensively applied in building
and bridge structures (Nie and Cai, 2003). For the
continuous composite beams, the negative bending
moment over the supports produces compressive stress in
the steel girder and tensile stress in the concrete slabs
(AASHTO-LRFD, 2017). The tensile stress may result in
cracking of the concrete slabs, causing the concerns of
durability and serviceability.
There are several studies conducted on steel-concrete
composite beams subjected to negative moment. Jian Qi
and Zhao Cheng (Qi and Cheng, 2020), launched two tests
under negative moment including composite beam with
normal-strength concrete slab and UHPFRC slab. The
experimental results showed that the use of UHPFRC slab
increased the stiffness and improved the crack control
capacity of the composite beam. Yang Zhang and Shukun
Cai (Zhang and Cai, 2020)[4] finished two flexural test on
steel-UHPC composite beams with stud connectors and
bolt connectors at the interface. The test results showed
that steel-UHPC composite beams exhibited excellent
cracking and flexural performance under the hogging
moment. However, these studies still limit on normal
strength steel-UHPC composite beam. Few researchers
study on the high-strength-steel (HSS)-UHPC composite
beam.
The performance 690-grade HSS–UHPC composite beam

2. Experimental works
2.1. Test specimens
A total of two overturned simply supported HSS-UHPC
composite beam were tested under concentrated load in
mid-span. Two specimens were the same in structural
dimensions except stud arrangement pattern, one
specimen’s studs arranged uniformly (Abbreviated as
BNS-S) and the other’s studs arranged in group
(Abbreviated as BNS-G). Figure 1 shows detailed
configurations of two specimens.

(a) Elevation of BNS-S and BNS-G
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(b) Structural configurations of BNS-S

Figure 2. Test Set-up for BNS-S and BNS-G
3. Experimental results and analysis
3.1. Failure modes
Figure 3 shows the failure mode of specimen BNS-S and
BNS-G. Flexural failure modes were observed in two
HSS-UHPC composite beams. Composite beam bended
with a certain curvature, UHPC slab cracked throughout
the cross section of the slab near the midspan and bottom
flange of the steel beam buckled on the loading point. The
connection between UHPC slab and steel beam was intact
as the interfacial slip was not much by the look.

(c) Structural configurations of BNS-G
Figure 1. Details of beam specimens(Unit:mm)
2.2. Material properties
According to GB/T 31387-2015, the test for material
properties of UHPC were conducted. Cubic compressive
strength (fcu) tests were performed on three cubic
specimens. Axial compressive strength (fu) and elastic
modulus (Ec) of UHPC were obtained from three prism
specimens respectively. The curing conditions of the
material specimens were the same as those of test
composite beams. Test for material properties were
performed in 7/28 days after the casting and in the test day
respectively. Mechanical properties of UHPC are listed in
Table 1.

Figure 3. Failure Mode BNS-S and BNS-G
The overall failure mode of BNS-S and BNS-G was
consistent, with the exception of the cracking on the
bottom of the UHPC slab. Figure 4 shows the UHPC slab
failure of BNS-S and BNS-G. As for specimen BNS-S,
there was one wider main crack formed in the UHPC slab
near the midspan, and the steel fibers inside the main
crack were pulled out. Other cracks with small width were
observed besides the main crack and most of these cracks
did not penetrate through the UHPC slab. However, two
main cracks were observed in specimen BNS-G. One of
the main cracks located at the interface of the stud group
and penetrate through the UHPC slab. The other main
crack formed near the midspan. But the crack was short
and connected with the first one.

Table 1. Material properties of UHPC

Day
7
28
40

Cubic
compressive
Strength (MPa)
134.3
140.1
149.8

Axial
compressive
Strength (MPa)
113.2
120.9
137.8

Modulus (GPa)
48.0
49.0
50.9

Note: 40days is the test day.

2.3. loading setup
The tests were carried out in Structure Laboratory of
Tongji University. A concentrated load was applied
upward on the bottom of the steel beam by a hydraulic
jack with loading capacity of 10000kN to simulate the
hogging moment. Roller supports were set at both ends of
the beam to get the beam simply supported. Steel frame
was placed at the midspan of the beam as lateral bracing
to prevent the composite beam buckling out-of-plane.
Loading equipment is shown in Figure 2.

(a) BNS-S
(b) BNS-G
Figure 4. Major Fracture in UHPC Slab Bottom
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4. Finite element analysis of composite beam
4.1. verification of the finite element model
The finite element analysis was finished by commercial
software ABAQUS 6.14. The contact relationship
between the components in the composite beam includes
the contact between the flange surface of the steel beam
and the surface of the UHPC slab, the contact between the
loading block and the flange surface of the steel beam, and
the contact between the support and the UHPC slab.
Among them, the first two contact pairs use
Surface-to-Surface to define the relationship between the
contact surfaces to ensure the contact between the first
two contact pairs is more consistent with the experiment.
The contact between the seat and the UHPC slab is
defined by Tie.

BNS-G
BNS-S

1400

200

300kN
400kN
500kN
600kN
700kN
800kN
900kN
1000kN

(a) Before cracking
(b) After cracking
Figure 7. Strain distribution at mid-span of BNS-G
specimen

B

B

60kN
80kN
100kN
180kN
200kN

300

0
-400

Figure 5 shows the relationship between load and
displacement at mid-span of the beam for each specimen
until the ultimate state. Comparison of specimens BNS-S
and BNS-G shows that the relationship between the load
and displacement are almost the same, with little diverge
near the maximum load. Hence, arrangement of studs
would not exert significant effect on deformation of the
beam.
2000

400

截面高度—height(mm)

Pu,code (kN)

400

(a) Before cracking
(b) After cracking
Figure 6. Strain distribution at mid-span of BNS-S
specimen

截面高度—height(mm)

Stud layout

500

0

Table 2. Load capacity comparison between code and
experimental results
Specime
n
BNS-S
BNS-G
Average

500

截面高度—height(mm)

截面高度—height(mm)

3.2. Load capacity and load-displacement relationship
In accordance with Chinese design code for the steel
structure (GB 50017-2017), load capacity for full
connected composite beam under hogging moment was
calculated by theory of full section plasticity. Assumed
that the reinforcements and steel beam yielded, and
neglected the effect of tensile concrete. The material
properties in calculation were values obtained from
material property test. Table 2 shows the load capacity
calculated from the code and experimental results of
HSS-UHPC composite beam.

Du=45.6mm
50

Deflection/mm

P

Figure 5. Midspan deflection of specimen
3.3. Verification of plane-cross-section assumption
In order to verify whether the plane-cross-section
assumption to be valid for the HSS-UHPC composite
beam under hogging moments. The distributions of strain
along the cross-section height of specimen BNS-S and
BNS-G at mid-span were analyzed. Figure 6-7 shows the
strain distribution of cross-section at mid-span of
specimen BNS-S and BNS-G, respectively. In Figure 6-7,
it was found that the strain along the cross-section height
is almost linear under the loads, which verified the
plane-cross-section assumption in HSS-UHPC composite
beam.

Surface-to-Surface

Surface-to-Surface
Tie
Support Reference point
(R1=R2=R3=0)

Tie
Support Reference point
(R1=R2=R3=0)

Figure 8. Contact and boundary conditions
Figure 9 is the failure mode comparison between result of
finite element analysis and experimental result. It can be
seen from the figure that the failure mode of composite
beam is also flexural failure in finite element model.
Besides, the flange of steel beam at loading point is
buckled partially as well.
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different loads, slope of secant line was calculated in
load-midspan displacement curve. The flexural stiffness
at midspan section was shown in Figure 12(b). It can be
seen from the figure that the bending stiffness of the
UHPC model decreased more slowly than that of the
normal concrete model. Therefore, the mechanical
properties of UHPC are better than those of ordinary
concrete in HSS-concrete composite beams.
Figure 9. Failure mode comparison between finite
element model and experiment
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5. Conclusions
The following conclusions can be drawn.
(1) the failure mode of Single-stud and grouped-stud
HSS-UHPC composite specimen are both flexural
failure.
(2) The load capacity of single-stud and grouped-stud
specimen are nearly the same, which are larger than
the calculating result from design code;
(3) The plane-cross-section assumption holds in
HSS-UHPC composite beam under negative
moment ;
(4) The bending stiffness of the steel-UHPC composite
beam decreased more slowly than that of the
steel-normal concrete composite beam.

10000 15000

(a) Load-Deflection curve (b) Strain of steel beam
Figure 10. results comparison between finite element
analysis and experiment
4.2. Property between UHPC and normal concrete
In order to compare the mechanical properties of UHPC
and normal concrete in composite beam, the concrete
material is changed to normal concrete C60, and keeps the
other parameters the same. The failure mode of composite
beam with UHPC and normal concrete are the same, both
of them are flexural failure. But, there are difference in the
damage of the concrete slab. Figure 11 is the tensile
damage comparison between UHPC and normal concrete
C60 at the same deflection. It can be seen from the figure
that the tensile damage of normal concrete is more severe
than that of UHPC.
UHPC

80

(a) Load-Deflection curve (b) Stiffness-Load curve
Figure 12. results comparison between UHPC model and
normal concrete model

S1(Exp.)
S2(Exp.)
S5(Exp.)
S6(Exp.)
S1/2(FEM)
S5/6(FEM)

S1

stifness(kN/mm)

1500

Figure 10 showed the results comparison between finite
element analysis and experiment. The finite element
analysis could simulate the composite beam experiment
well.
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NC-C60

Figure 11. Damage comparison between UHPC and
normal concrete-C60
Figure 12(a) is the mid-span deflection comparison
between two models. It can be seen from the figure that
the deflection of normal concrete model is not
significantly larger than that of UHPC model under the
same load. Besides, the load capacity of UHPC model and
normal concrete model is 1884.3kN and 1792.1kN
respectively. There are only 5.14% difference between the
load capacity.
In order to obtain the flexural stiffness at mid-span under
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Abstract
Double skin composite (DSC) walls used in numerous high rise buildings carry the compressive load besides the lateral
load from the earthquake. This paper did the test and finite element analysis to evaluate the compressive behavior of DSC
walls stiffened with steel-bars trusses. The test with 8 specimens focused on the parameters, including the welding spot
spacing-to-thickness ratio, steel faceplate with slits or not. Meanwhile, the reinforced concrete (RC) wall was also as the
comparison. The experimental phenomena were recorded and analyzed. The compressive behavior about the initial
stiffness, buckling capacity, maximum capacity and ductility was investigated. The decline in the welding spot spacingto-thickness ratio or the steel faceplate with slits can improve the buckling capacity of DSC walls. The result of finite
element model (FEM) is in good agreement with one of the test. Parameters about spacing to thickness ratio, shape factor,
initial geometric imperfection coefficient and material properties were analyzed by FEM. The buckling capacity and
maximum capacity of DSC walls are improved by decreasing the shape factor or the initial geometric imperfection
coefficient or increasing the material strength. The formulas about buckling capacity and maximum capacity are proposed
and reasonable.
Keywords: Compressive behavior, Composite wall, Steel-bars truss, Buckling, Finite element analysis
verified by the tested results. The formulas about buckling
capacity and maximum capacity are proposed and
reasonable.

1. Introduction
Double skin composite (DSC) wall consists of steel
faceplates members, infilled concrete and studs or tie bars
to strengthen the connection between faceplates and
concrete infill and to make them carry vertical load and
horizontal load together (AISC 2015). Compared with
traditional reinforced concrete (RC) wall, the benefits
from the convenient construction, good anti-permeability
and impact resistance of DSC shear wall are desired. As a
result, DSC walls have been widely applied in high-rise
buildings and nuclear engineering constructions (AISC
2016).
Traditional connectors, including head studs, binding bars
and batten plates, are effective on enhancing the local
buckling capacity (Yan et al. 2018; Yang et al. 2016; Liu
et al. 2013; Nie et al. 2013). While for multi-story
buildings, it is not necessary to use the thick steel plate in
DSC shear walls, which is not economical. If the thinwalled steel plate is applied, the out-of-plane deformation
of steel plate would be considerable after the connectors
or stiffeners are welded on the thin-walled steel plate
(Akiyama et al. 1991; Takeuchi et al.1998; Sato et al. 1992;
Zhang and Varma 1992). Therefore, steel-bars truss prewelded on double faceplates are preferable in DSC walls.
Meanwhile, prediction formulas for the local buckling of
faceplates in square stud arrangement have been carried
out by tests and FEM analysis (Akiyama et al. 1991;
Takeuchi et al.1998; Sato et al. 1992; Zhang and Varma et
al. 1992). Nevertheless, the equation for rectangular stud
arrangement was not reasonable.
In this paper, the compressive behaviour of DSC wall was
experimentally studied and analyzed in detail. A
parametric analysis is conducted according to the FEM

2. Experimental program
Eight specimens, including six DSC shear walls and two
RC shear walls for comparison, were designed and
fabricated as shown in Fig. 1. In Table 1, the experiment
focused on the parameters, including spacing-to-thickness
ratio (b/t) varying from 40 to 93, shape factor (b/a)
ranging from 0.5 to 1.2 and steel plate whether with or
without silts. b is the welding spot spacing along the
vertical (or loading) direction; a is the welding spot
spacing along the horizontal orientation presented, as
shown in Fig. 2.

(a) 3D view

(b) Steel plate stiffened with steel-bars trusses
Fig. 1. DSC shear walls
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not carry the compressive load, the corresponding
maximum capacity is decreased by 10%. Compared with
the RC shear wall, the maximum capacity of the DSC
shear wall stiffened with steel-bars trusses could be
improved by 10%.
4

3

Load (103kN)

b/t
(-)
93
93
40
40
93
93
-

2
DSCST140-120-1 DSCST-S140-120-1

1

DSCST60-120-2

0
0

RC-2

1

2

3

Displacement (mm)

Fig. 4. Load versus displacement curves of test

3. Experimental phenomena
With the increment of the displacement, at the beginning
of loading the load increased linearly. When the load came
to around the yield point, in Fig. 3 (a) and (b) the obvious
local buckling was connected together. At the maximum
capacity, local buckling appeared at the edge of the steel
tube presented in Fig. 3 (c), and the inner concrete was
crushed with slight sound. In the decrease stage, the scope
and amplitude of the buckling on the steel plate continued
increasing. After the test finished, it was found the infilled
concrete separated from the steel plate entirely at the
buckling of steel plate position after cutting the steel plate.

(a) Failure mode of FEM (b) Failure mode of the test
Fig. 5. Failure mode
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DSCRT60-120-2
FE

3

Load (103kN)

(a) Front view
(b) Profile view
Fig. 2. Welding spot arrangement
Table 1. Specimen parameters
Specimen
b
a
b/a
Group
ID
(mm) (mm) (-)
DSC-93-1
140
120
1.2
Ⅰ
DSC-93-2
140
120
1.2
DSC-40-1
60
120
0.5
Ⅰ
DSC-40-2
60
120
0.5
DSCS-93-1
140
120
1.2
Ⅰ
DSCS-93-2
140
120
1.2
RC-1
Ⅰ
RC-2
-

DSCST60-120-2
DSCST140-120-1
DSCST-S140-120-1
RC-2

2

1

0

4

0

(a) Group Ⅰ
4

Load (103kN)

Load (103kN)

0

1

2

Displacement (mm)

4

3

RC-1
RC-2
FE

3

1

0

3

(b) Group Ⅰ

2

(a) Buckling separation

2

Displacement (mm)

4

DSCRT-S140-120-1
DSCRT-S140-120-2
FE

3

1

4

2

1

0

0

1

2

Displacement (mm)

3

4

(c) Group Ⅰ
(d) Group Ⅰ
Fig. 6. Load-displacement curves of test and simulation
(b) Buckling connection
(c) Steel tube
Fig. 3. Phenomena of the group Ⅰ

5. Experimental results
According to the test, the ABAQUS is adopted for
simulation. The C3D8R solid element, S4R shell element
and T3D2 truss element are respectively used to simulate
the concrete and stud, steel plate, and steel-bars truss of
the finite element models (FEMs), respectively. The
normal and tangential interactions between infilled
concrete and steel plate are respectively presented by
*Hard contact and *Penalty with a friction factor of 0.3.
The tested mechanical properties of concrete are

4. Experimental results
Fig. 4 presents the load-displacement curves. Tested
results indicated that the maximum capacity of the DSC
shear walls depended on the welding spot spacing-tothickness ratio b/t. As the b/t varied from 93 to 40, the
initial stiffness and maximum capacity of the wall are
improved by 22% and 5%, respectively. For DSC shear
walls with slits on the faceplate, since the steel plate does
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introduced into the concrete damaged plasticity (CDP)
model. The steel property is supposed to be isotropic and
obeys the Von-Mises yield criterion. The maximum value
of imperfection is equal to 1/1000 of the vertical welding
spot spacing, based on the first buckling mode.
In Fig. 5, the load versus displacement curves from the
simulation and test agree well with each other. Meanwhile,
the failure mode of the FEM is also good agreement with
that of the test, as presented in Fig. 6. In general, the finite
element model developed by ABAQUS could predict the
compressive behaviour of DSC shear wall.
6. Conclusions
This paper investigated the compressive behaviour of the
DSC shear walls stiffened with steel-bars trusses.
According to the research, the subsequent conclusions are
obtained:
1) Compared with the RC shear wall, DSC shear wall
stiffened with steel-bars trusses possesses has good
compressive behaviour. The slits on the wall and decrease
in welding spot spacing-to-thickness ratio could
significantly delay the appearance of buckling on the steel
plate.
2) The simulated results established by the ABAQUS
corresponds well with the experimental noes. And the
compression behaviour of DSC walls, including loaddisplacement curve and damage pattern, can be predicted.
7. References
AISC. (2015). “Specification for safety-related steel
structures for nuclear facilities including supplement no.
1.” AISC N690s1, Chicago, IL.
AISC. (2016). “Seismic provisions for structural steel
buildings.” ANSI/AISC 341-16, Chicago, IL.
Akiyama, H., Sekimoto, H., Fukihara, M., and Hara, K.
(1991). “A compression and shear loading test of
concrete filled steel bearing wall.” Transactions of 11th
Int. Conf. on Structural Mechanics in Reactor
Technology (SMiRT 11), International Association for
Structural Mechanics in Reactor Technology, Raleigh,
NC, 323–328.
Liu, H., Cai, J., Yang, C., Chen, Q., Zuo, Z. (2013).
“Experimental study on seismic behavior of composite
shear wall with double steel plates and infill concrete
with binding bars”. Journal of Building Structures,
No.6.
Nie, J. G., Hu, H. S., Fan, J. S., Tao, M. X., Li, S. Y., Liu,
F. J. (2013). Experimental study on seismic behavior of
high-strength concrete filled double-steel-plate
composite walls. Journal of Constructional Steel
Research, 88, pp. 206-219.
Sato, K. (1992). “Elastic buckling of incomplete
composite plates.” Journal of engineering mechanics,
Vol. 118(1), 1-19.
Takeuchi, M., Narikawa, M., Matsuo, I., Hara, K., Usami,
S. (1998). “Study on a concrete filled structure for
nuclear power plants.” Nuclear Engineering & Design,
179(2), pp. 209-223.
Wang, Q., Ranzi, G., Wang, Y., and Geng, Y. (2016).

324

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Session 14]

Design Method on the Seismic Performance of Unit-Typed Composite Shear Wall
with Steel Plates and Infill Concrete
LIU Dong1*, SHI Yongjiu2, YU Xianglin3
1*

Department of Civil Engineering, Tsinghua University, Beijing, China. 1065129737@qq.com (corresponding author)
2,3,4,5
Department of Civil Engineering, Tsinghua University, Beijing, China.
2
shiyj@mail.tsinghua.edu.cn 3yushanley@mail.tsinghua.edu.cn

Abstract
The finite element model in ABAQUS is established of the unit-typed composite shear wall with double steel plates and
infill concrete. The influence of major parameters on the calculation results such as capacity, stiffness and ductility
coefficient are investigated respectively. The model parameters includes the axial compression ratio, the compressive
strength of concrete, the yield strength of steel, the steel plate thickness and the number of wall units. The analysis results
show that: the axial compression ratio of the unit-typed composite shear should be restricted under 0.4 for seismic design.
Increasing the compressive strength of concrete or yield strength of steel or steel plate thickness can increase the ultimate
capacity. But increasing the compressive strength of concrete will decrease the ultimate displacement. The lateral stiffness
of unit-typed composite shear wall is mainly contributed by concrete, and is partly influenced by the steel. Furthermore,
the number of wall units should not exceed 3 under the condition of meeting the construction environment. Based on the
superposition theory and regressing the parameters through statistical calculation, the practical calculation formula of the
shear bearing capacity of composite shear wall is given, which is in good agreement with the simulation test results.
Keywords: unit-typed composite shear wall, finite element analysis; seismic behavior; design method
1. Introduction
The steel-concrete composite shear wall consists of
cast-in-place concrete, stud connectors and steel plates.
According to the relative position of steel plate and
concret, it can be divided into double steel plate-concrete
composite shear wall and embedded steel plate-concrete
composite shear wall. This paper proposes the unit-typed
composite shear wall with double steel plates and infill
concrete as shown in Figure 1.

2. Finite element model
As shown in Figure 2, the finite element model has been
built using ABAQUS software.

Figure 2. Finite element model
The concrete model is based on the material property test
data and adopts the plastic damage model, and the steel
plate is also based on the material property test data.The
interface model between steel plate and concrete consists
of normal contact and tangential bond slip. The normal
contact uses "hard" contact. The tangential bond slip
adopts the Coulomb friction model and the friction
coefficient is 0.6. The bottom of the steel plate wall is
completely consolidated and the wall is beared loading in
the form of displacement loading.
In this paper, the shear test results of 200K box type
double steel plate concrete composite shear wall (steel
plate width thickness ratio B/T=200=640mm/3.2mm) in
reference[Emori K(2002)] are selected to verify the finite
element model, and the comparison results are shown in
Figure 3.

Figure 1. The unit-typed composite shear wall with
double steel plates and infill concrete
As shown in Figure 1, the unit-typed composite shear wall
with double steel plates and infill concrete is composed of
the upper and lower beams, the left and right columns, the
intermediate wall units, and connections between the
various members. The upper I-shaped beam and the wall
unit are mainly bolted by angle steel, and the lower I
shaped beam and the lower steel plate of the wall unit are
also connected by bolts. The wall unit is prefabricated at
the factory, and the entire wall is assembled only by bolts
at the construction site.

325

In the elastic-plastic stage, there is little difference
between the peak load (1938.9kN) calculated by the finite
element model and the test load curve (1937.6kN). The
test results are in good agreement with the finite element
calculation results. The comparison shows that the finite
element modeling method can effectively simulate the
lateral behavior of double steel plate composite shear
wall.
3. Parametric analyses
The calculation of the finite element model is performed
using the post-processing program of ABAQUS.
Combined with the research of related literature, it is
known that the factors influencing the bearing capacity of
the unit composite shear wall are: axial compression ratio,
concrete strength, steel strength, steel plate thickness, and
the number of wall units.
The calculation table of finite element model(The wall
size is 2000mm×1600mm) is shown in Table 1.The
Force-Displacement curve is shown in Figure 4-8.

Figure 3. Force-Displacement curve of finite element
model and experiment
In the elastic stage, the stiffness (945kN/mm) of the curve
calculated by the finite element model is slightly larger
than that of the test loading curve (823kN/mm), which is
due to the failure to fully consider the installation error of
the components in the test process and the initial defects
of the specimens.
Table 1. Finite element model
list

num

fcu

fk

n

d

W1

3

C30

Q235

0.3

4mm

W2

1

C30

Q235

0.3

4mm

W3

2

C30

Q235

0.3

4mm

W4

4

C30

Q235

0.3

4mm

W5

3

C40

Q235

0.3

4mm

W6

3

C50

Q235

0.3

4mm

W7

3

C60

Q235

0.3

4mm

W8

3

C70

Q235

0.3

4mm

W9

3

C80

Q235

0.3

4mm

W10

3

C30

Q345

0.3

4mm

W11

3

C30

Q390

0.3

4mm

W12

3

C30

Q420

0.3

4mm

W13

3

C30

Q460

0.3

4mm

W14

3

C30

Q500

0.3

4mm

W15

3

C30

Q235

0.1

4mm

W16

3

C30

Q235

0.2

4mm

W17

3

C30

Q235

0.4

4mm

W18

3

C30

Q235

0.5

4mm

W19

3

C30

Q235

0.6

4mm

W20

3

C30

Q235

0.3

2mm

W21

3

C30

Q235

0.3

3mm

W22

3

C30

Q235

0.3

5mm

W23

3

C30

Q235

0.3

6mm

Figure 4. Influence of axial compression ratio

Figure 5. Influence of the number of wall units

Figure 6. Influence of concrete compressive strength
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composite shear wall. The larger the thickness of the steel
plate, the larger the initial lateral stiffness, but the smaller
the stiffness increase.
4. Design method of shear capacity
The calculation formula of shear capacity of steel plate
concrete shear wall in inclined section specified in JGJ
138-2016 “Code for Design of Composite Structures”is
shown in the following formula (1).
The specific meaning of the parameters is shown in table
5.when λ< 1.5， λ= 1.5, while λ> 2， λ= 2.2； When the
distance between the calculated section and the wall
bottom is less than 0.5hw0, the λ should be calculated
according to the bending moment and shear force at 0.5
hw0 from the bottom of the wall.

Figure 7. Influence of steel yield strength

V

1

Aw 

A
Ash
0.3
0.6
hw0 
f A 
f A
s
 a al   0.5 p p


  0.5 
 f yh

0.5 ft bw hw0  0.13N

(1)

Table 2. The significance of parameters
parameters

Figure 8. Influence of steel plate thickness
As shown in Figure 4, when the axial compression ratio
increases from 0.1 to 0.4, the horizontal bearing capacity
increases, and when the axial compression ratio increases
from 0.4 to 0.6, the horizontal bearing capacity decreases.
When the axial compression ratio of the specimen is 0.4,
the horizontal bearing capacity reaches the maximum
value.
The numbers of units vary from 1 to 4. As the number of
wall units increases, the span ratio of the wall unit
increases, and the yield load and peak load of the wall
decrease, and the bearing capacity of the wall gradually
decreases. As the number of wall units increases, the
ultimate displacement of the wall gradually increases, the
ductility coefficient becomes larger, and the deformation
capacity is improved.
As the strength of concrete increases, the yield load and
peak load of the wall gradually increase, that is, the
bearing capacity gradually increases. With the increase of
concrete strength, the softening modulus of concrete
descending section increases linearly, the ultimate
displacement decreases, and the ductility coefficient
decreases, and the deformation capacity of the wall
gradually decreases.
It can be seen from the figure that increasing the yield
strength of the steel plate can increase the lateral resistant
performance of the unit-typed composite shear wall. As
the strength of the steel plate increases, the yield
displacement and ultimate displacement of the wall
gradually increase, and the ductility coefficient of the wall
gradually increases. As the strength of the steel plate
increases, the wall deformation ability increases.
The calculation results show that increasing the thickness
of the steel plate can increase the bearing capacity of the

significance

λ

Shear span ratio of composite shear wall

bw

Shear wall thickness

N

Design value of axial force

A

Section area of shear wall

Ash

The total cross-sectional area of horizontally
distributed steel bars in the same horizontal
section

fa

Design value of compressive strength of
section steel in shear wall end column

fp

Design value of compressive strength of steel
plate for shear wall body

ft

Design value of concrete axial tensile strength

hw0

Effective height of shear wall section

Aw

Shear wall web area

fyh

Design value of tensile strength of distributed
reinforcement in shear wall

s

Spacing of horizontal distributed reinforcement
in shear wall

Aal

Section area of section steel at one end of shear
wall

Ap

Cross sectional area of steel plate for shear wall
body

Parameters are introduced in this paper γ and φ, among φ
is the reduction factor of the number of elements to the
bearing capacity.
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is limited to check the shear bearing capacity. Therefore,
this formula is suitable for the case that the wall shear
span ratio is not greater than 2.2.

(2)
The Parameter φ is only related to the number of elements
and can be fitted by the least square method. By fitting
with the finite element calculation data, A= 1.22 and γ=
0.45 can be obtained.

  A  num - A  1

A
0.45 

V  1.22  0.22num 
0.5 ft bw hw0  0.13N w  0.6 f p Ap 
  0.5 
A


5. Conclusions
1) The unit-typed composite shear wall is innovatively
proposed in this paper. The finite element model is
established by ABAQUS, and the influence of five
parameters on the seismic performance of the wall was
analyzed.
2) It is recommended to limit the axial compression ratio
of the unit-typed composite shear wall under large
earthquakes to not more than 0.4, to ensure that the shear
wall has high bearing capacity, initial stiffness and
ductility.
3) The more the wall units of the unit-typed composite
shear wall, the smaller the initial stiffness. It is
recommended that the number of wall units should not
exceed 3 under the condition of meeting the construction
environment.
4) Based on the superposition theory and regressing the
parameters through statistical calculation, the practical
calculation formula of the shear bearing capacity of
composite shear wall is given, which is in good agreement
with the simulation test results.

(3)

The fitting results between the formula calculation results
and the finite element is shown in the Table 3.
Table 3. The fitting results(kN)
list

ABAQUS

formula

ABAQUS/formula

W1

767.3

716.3

1.07

W2

1172.7

1091.5

1.07

W3

949.4

854.9

1.11

W4

708.3

475.7

1.49

W5

819

728.3

1.12

W6

850.3

737.1

1.15

W7

883.6

763.6

1.16

W8

889.9

801.0

1.11

W9

908.6

845.5

1.07

W10

957.9

882.5

1.09

W11

1031.6

953.1

1.08

W12

1079

968.5

1.11

W13

1143.6

1050.2

1.09

W14

1212.3

1178.3

1.03

W15

728.1

708.3

1.03

W16

752.7

712.1

1.06

W17

771.2

719.7

1.07

W18

763.9

722.5

1.06

W19

746.7

726.3

1.03

W20

507.7

497.1

1.02

W21

628.7

606.2

1.04

W22

869.5

859.5

1.01

W23

1000.2

975.7

1.03
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Abstract
This paper focuses on a new configuration of U-shaped steel-concrete composite beam (USCCB) with steel-bars truss as
shear connector by welding the bottom rebars of steel-bars truss to the upper flange of U-shaped steel beam (USB). In this
way, the large number of conventional connectors (shear studs or short channels) can be replaced or reduced, thus leading
to less welding work and lower costs. Through four-point bending tests on four specimens that were intentionally varied
to adopt steel-bars truss, angle steel, studs, and their combination as shear connectors, the flexural behavior of USCCB
were investigated. The test results show that the specimens exhibit two failure modes under certain conditions: bending
failure with a tiny relative slip at the beam end with stud connector or combined connector of steel-bars truss and stud
between the concrete slab and USB; slip failure symbolized by a significant slip value resulting from the interfacial shear
fracture of neck concrete in USCCB with steel-bars truss connector or combined connector of steel-bars truss and angle
steel. Furthermore, it is found that USCCB only using steel-bars truss as the shear connector should be designed as
composite beams with partial shear interaction, some studs can be configured to enhance the resistance of shear
interaction of the interface accordingly. And the shear connection performance of USCCB with steel-bars truss and stud as
combined shear connector is superior to that with steel-bars truss and angle steel as combined shear connector. The
full-section plasticity theory has a good prediction for the ultimate flexural capacity of the USCCB.
Keywords: USCCB, shear connectors, steel-bars truss, ultimate flexural capacity, flexural behavior
advantage of the widely used steel-bars truss deck in
assembled steel structure buildings (Fig. 1). By this means,
vast reinforcement binding work at construction sites and
large quantities of traditional shear connectors including
subsequent welding or installation work could be
drastically reduced, leading to lower construction costs.
The open steel U-section is stiffened by steel plates to
improve the rigidity and integrity. To verify the feasibility
of above attempt, four composite beams were designed
based on the following shear connectors: steel-bars truss,
angle steel, stud, and their combination. Flexural behavior
was analyzed and compared mainly from failure modes,
ductility, strain, bearing capacity, and so on.

1. Introduction
U-shaped steel-concrete composite beam (USCCB)
shows superior performance to achieve high flexural
capacity and ductility based on a lot of research. In the
1990s, Oehlers et al. [1] accomplished an systematical
study on composite profiled beams with full or partial
shear interaction, which indicated that the side steel
decking could availably improve the flexural capacity and
the ductility, even the shear capacity of the beam [2]. The
external U-shaped steel beam (USB) can also function as
a formwork for the internal concrete besides withstanding
longitudinal force. In turn, the infilled concrete of USB
can alleviate the buckling of steel plates [3] and protect
them from the fire disaster by absorbing heat.
Nevertheless, searching for suitable shear connectors to
provide sufficient shear interaction for USCCB is the
most critical link in its further development.
Another study [4] showed the welding position of the
angle steel connector has a great influence on the ductility
of USCCB: the specimens with angle steel on USB flange
behaved good ductility, while the specimens with angle
steel to USB web exhibited typical brittle failure mode.
Overall, traditional shear connectors (e.g., shear stud and
short channel) tend to need vast welding or installation
work at the upper flange of USB consuming a lot of
manpower, material and financial resources.
This study presented a novel configuration of shear
connector by welding the bottom rebars of steel-bars truss
to the upper flange of USB, meanwhile taking full

Fig. 1. Details of USCCB with steel-bars truss
2. Specimen design and construction
Four composite beams, designated as Specimens CB1 to
CB4, were designed for four-point bending tests. All
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whether they work properly. Before yielding of the
specimen, it was loaded with increment of 20kN; After
observing significant yield phenomenon (i.e., the slope of
load-displacement curve starts to decrease), the specimen
was continuously loaded at a relatively slow rate until the
failure moment, which was marked by 85% of the peak
load. The measurement scheme was exhibited in Fig. 2.
DT1-DT4 were used to measure the accumulative slip
between the concrete and the USB at the beam end; DT5
and DT6 could record support settlements; DT7-DT9
were to measure deflections of USCCBs. In order to
obtain the law of stress and strain distribution for further
analysis, a certain number of strain gauges (SGs) were
settled in the mid-span surface of each specimen.

specimens were identical except for their shear connectors
(Table 1). For example, the designation CB3-(T+A)
means composite beam No. 3, with steel-bars truss (T)
and angle steel (A) as combined shear connector. In
addition, S represents stud connector like CB4-S. As
shown in Fig. 2, all specimens had the same geometries.
Based on JGJ 138 [5], the effective width of a concrete
slab assumed for a common composite beam should be
be=b+L0/3, where b represents the steel soffit width and L0
represents the effective span of the beam. Accordingly,
the concrete deck width of USCCB in this study were
selected to be 1050mm conservatively. The
double-layered longitudinal reinforcement (Φ = 8mm)
was evenly spaced at 100 mm, which satisfied the
requirement of minimum reinforcement ratio specified by
GB 50010 [6]. Note that the two bars (Φ = 16mm) at the
beam bottom were equipped to improve the stiffness and
the bending capacity.
Table 1. Design of shear connectors in tested specimens
The forms of connectors (@intervala, number)
Specimen
Steel-bars Truss
Stud
Angle steel
CB1-T
@188, 15
CB2-(T+S)
@188, 15
@376, 16
CB3-(T+A)
@188, 15
@564, 6
CB4-S
@188, 32
aThe unit of interval is mm.
P

DT5

DT6

DT1

DT3

DT2

DT4

150

DT7 DT8 DT9
900
900
3000

900 150

LVDTs
SGs

100
200

300

Fig. 3. Test setup

45 45
455 140 455
1050

5. Test results
5.1. The test phenomena and failure mode

Fig. 2. Geometries and measuring scheme (unit: mm)
3. Material properties
For steel materials, tensile tests were carried out on
coupons made after specimen processing to determine the
yield strength, the ultimate strength and the elastic
modulus. Meanwhile using the same batch of concrete as
the specimens to make concrete cubes (150mm×150mm
×150mm) and curing for 28 days, the compressive tests
were then conducted. Note that the axial compressive
strength for concrete fc equals to 24Mpa according to the
ultimate strength, which should be used to calculate the
ultimate flexural capacity of the beam. The measured
material properties are listed in Table 2.
Table 2. Measured material properties (unit: MPa)
Material Yield strength Ultimate strength Elastic modulus
Steel
433.4
566.0
2.28×105
Bar-Φ8
413.2
589.7
2.11×105
Bar-Φ16
434.3
609.4
2.19×105
Concrete
36.0
3.16×104

(a) Release of formwork (b) Longitudinal splitting cracks

(c) Lateral concrete cracks (d) Crushed failure of concrete

4. Loading and measuring scheme
The loading device is shown in Fig. 3. Firstly, each
specimen was preloaded to check all relevant instruments

(e) Slip failure
(f) Significant bending pattern
Fig. 4. Failure mode and accompanying phenomena
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At the initial loading stage, Specimens CB1 and CB3 are
similar and there is no obvious phenomenon. When the
load reached about 0.5Pu (peak load), the metal formwork
was not in coordination with the deformation of the
concrete deck, so it first released near the loading point
(Fig. 5a). Meanwhile, due to the splitting effect of the
studs, angle steel and other connectors, a small
longitudinal crack appeared on the concrete top surface in
the shear span region (Fig. 5b). When the load reached
about 0.7Pu, the mid-span deflection increased
significantly, meanwhile the lateral cracks appeared on
the concrete deck side and then gradually developed (Fig.
5c). Finally, Specimens CB1 and CB3 exhibited slip
failure symbolized by a significant slip value (8mm)
associated with Pu, resulting from the interfacial shear
fracture of neck concrete (Fig. 5e). In contrast, Specimens
CB2 and CB4 exhibited typical bending failure mode (Fig.
5f), which marked by the compressive collapse of
concrete (Fig. 5d) on the deck top surface and a small
relative slip within 0.5mm.

Table 3. Plasticity and ductility analysis
Mu/
δu/
My/
δy/
Specimen
Mu/My δu/δy
kN·m mm kN·m mm
CB1-T
233.1 106.5 171.6 20.2 1.36 5.27
CB2-(T+S) 252.9 156.4 178.3 16.3 1.42 9.60
CB3-(T+A) 238.9 148.1 173.7 19.6 1.38 7.56
CB4-S
260.1 135.6 179.4 16.6 1.45 8.17
Note: Mu: the tested ultimate flexural capcity; My: the
yield moment when the steel soffit yield; δu: the mid-span
deflection associated with peak load; δy:the mid-span
deflection when the steel soffit yield.
5.4. Load-slip curves
Fig. 6 shows the load-slip (P-s) curves of all specimens
from the beginning to the peak load Pu, where s represents
the accumulative relative slip between the concrete deck
and USB. The horizontal relative slip associated with the
peak load (su) of CB4 is only 0.6mm, while that of CB1 is
8.5mm, indicating that the shear performance of the
steel-bars truss is poorer than stud. Compared with CB1,
the su of CB2 is 0.5mm, convincingly indicating that the
shear performance of the interfacial surface (concrete
neck) can be greatly enhanced by adding an appropriate
number of studs on the basis of steel-bars truss.
Conversely, the addition of angle connector based on
steel-bars truss has little effect on limiting slip because the
su of CB3 is the same as CB1 (8.5mm).

5.2. Load-deflection curves
The Load-deflection (P-δ) curves of all specimens are
shown in Fig. 5. It can be seen that the elastic stiffness and
ultimate flexural capacity of Specimens CB2 and CB4 are
significantly higher than that of Specimens CB1 and CB3,
which manifests that the mechanical properties of the
specimens with steel-bars truss connector (CB1) and the
combined connector of steel-bars truss and angle steel
(CB3) are worse than those using studs (CB4) and the
combined connector of steel-bars truss and studs (CB2).

600
500

P/kN

400
300
200
100
0

0

2

4

s/mm

6

CB1-T
CB2-(T+S)
CB3-(T+A)
CB4-S
8
10

Fig. 6. Load-slip curves.
5.5. Strain analysis
The load-strain curves related to the concrete deck top
surface of all specimens are similar, taking CB4 as an
example (Fig. 7). It can be seen that the compressive
strain of the concrete within the effective slab width is
approximately the same displaying inconspicuous shear
lag effect, which may be attributed to the spatial structure
of the steel-bars truss. Moreover, the strain all reached the
peak compressive strain (εc,r) of 1770με [6]. As shown in
Fig. 8, the strain of steel soffits also exceeded the yield
strain (εys) of 1900με obtained from the material test.
Taking Specimen CB1 as an example, the typical
longitudinal strain distribution diagram along the beam
depth is shown in Fig. 9. With the load increases, the
neutralization axis of the specimen gradually moves
upward and is always located in the concrete deck. The

Fig. 5. Load-deflection curves
5.3. Plasticity and ductility analysis
As shown in Table 3, the mid-span deflection (δu), the
plasticity coefficient (Mu/My), and the ductility coefficient
(δu/δy) of each specimen reached 100 mm (L0/27, where
L0 represents the net span of USCCB), 1.35, and 5.00,
respectively. It indicates that all specimens with different
shear connection have good ductility. Compared with
other specimens, the mid-span deflection and ductility of
CB1 are the smallest, indicating that the shear
performance of only steel-bars truss connector is sort of
insufficient.
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concrete is mostly under compression and the steel is in
tension, which indicated that the material utilization is
relatively full. Note that the strain at different heights was
approximately on the same straight line on the whole,
which basically met the assumption of plane section.

CB1 and CB3 belong to partial shear interaction. Note
that the theoretical calculated value is in good agreement
with the tested value, and the safety reserve is about 8%.
Table 4. Tested and calculated value of flexural capacity
Mu/ Mu0/
su/ The type of shear
Specimen
M /M
kN·m kN·m u u0 mm
connection
CB1-T 233.1 235.6 0.99 8.5
partial
CB2-(T+S) 252.9 235.6 1.07 0.5
full
CB3-(T+A) 238.9 235.6 1.01 8.0
partial
CB4-S 260.1 235.6 1.10 0.6
full
6. Conclusions
Through four-point bending tests on four USCCBs with
the connector of steel-bars truss, angle steel, stud, and
their combination, the major findings are as follows:
(1) The failure modes of USCCB depends on the shear
connection arrangement: bending failure with a tiny
relative slip at the beam end when the shear connectors
are properly configured; slip failure symbolized by a
significant slip value resulting from the interfacial shear
fracture of neck concrete when the configuration of the
shear connector is unreasonable.
(2) The mid-span deflection, the plasticity coefficient, and
the ductility coefficient of each specimen reached 100mm
(L0/27), 1.35, and 5.00, respectively. It indicates that all
specimens with different shear connection have good
ductility.
(3) USCCB with only steel-bars truss connector should be
designed as composite beam with partial shear interaction,
some studs can be configured to enhance the resistance of
shear interaction of the interface accordingly.
(4) The shear connection performance of USCCB with
steel-bars truss and stud as combined shear connector is
superior to that with steel-bars truss and angle steel as
combined shear connector.
(5) The full-section plasticity theory has a good prediction
for the ultimate flexural capacity of USCCB.

Fig. 7. The concrete deck

Fig. 8. The steel soffits
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Fig. 9. Longitudinal strains along the beam depth.
5.7. Ultimate flexural capacity
According to full-section plasticity theory, the ultimate
flexural capacity of USCCB with full shear connection is
calculated in Table 4, where Mu represents the tested value
and Mu0 represents the calculated value. Through the
comprehensive analysis of the bearing capacity, slip value
and calculation results, Specimens CB2 and CB4 meet the
requirements of full shear interaction, while Specimens
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Abstract
A series of basic experiments and simulations were performed to investigate the possibility of reducing residual stress in
the sole plate welds by local heating with an induction heating (IH) device. The local heating experiments were
conducted on the specimens modeling the welded parts between a lower flange and a sole plate with the target heating
temperature of 350 ℃ by 35 seconds. The welding tensile residual stress could not be reduced by the local heating
because of resulting uneven heating in the width direction. However, the results of the analysis showed the possibility of
residual stress reduction. In other words, if uniform heating in the width direction as shown in the analysis could be
possible in the experiment, the residual stress might be reduced.
Keywords: Welding, Residual stress, Bridge, Local heating, Fatigue
2. Shape and dimensions of specimen
The specimens were fabricated to simulate the welded
part of sole plate in a steel bridge, where fatigue cracks are
prone to occur. The shape and dimensions of the
experimental specimen are shown in Figure 1. A base
metal of SM400A, 9 mm thick, 180 mm wide, and 540
mm long (yield stress: 301 MPa, tensile strength: 440
MPa) was welded to a sole plate of SM400A, 22 mm thick,
180 mm wide, and 120 mm long (yield stress: 306 MPa,
tensile strength: 445 MPa). The welding material was an
arc welding flux cored wire (yield stress: 510 MPa, tensile
strength: 570 MPa) for mild steel, high tensile strength
steel and low temperature steel as specified in JIS Z 3313.
The sizes of the weld bead (leg length) were 10 mm in
width and 7 mm in height.

1. Introduction
In recent years, many fatigue cracks have been reported in
steel structures such as steel bridges due to the increase in
traffic and the aging of structures. One of the susceptible
parts to fatigue damage in steel bridges is fillet welds
between the sole plate and the lower flange (Tateishi et al.,
1994). In this structure, there are relatively many reports
of fatigue crack initiation from the weld root as well as the
weld toe. In particular, the cracks from the weld root are
difficult to be detected because they grow from the inside
of welded part. When the crack appears on the surface, it
often becomes considerably long. Since mechanical
treatments such as finishing and peening cannot be
applied to cracks from the weld root, it is necessary to
establish a fatigue crack prevention technology that can
be applied to the weld root.
The authors have examined a technique to reduce residual
stress in welds by local heating with a high-frequency
induction heating (so called, IH) system (Hirohata et al.,
2020). In this technique, the vicinity of the weld is heated
up to a relatively low temperature (about 350 °C) for a
short time (about 40 seconds). The expansion and
contraction of the heated area produce compressive stress
around the welded part. That is helpful to improve the
state of welding residual stress. If the tensile residual
stress exists as the mean stress, it will promote cracking
from the welded part, therefore, reducing the tensile
residual stress in the welded part of the sole plate is
effective in preventing fatigue cracking. In addition, this
kind of heating technique can be applied to untouchable
areas such as the weld root. In this paper, the results of
basic experiments and simulations for investigating the
possibility of residual stress reduction in the sole plate
weld by local heating with IH are reported.

120

22
9

Sole plate

Unit: mm

180

Lower flange

540

300

Figure 1. Shape and dimensions of specimen
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the end of the weld. In the previous experiment (Hirohata
et al., 2020), the reduction of residual stress was
confirmed by multiple heating. On the other hand, under
the conditions of the present experiment where the
heating area was long in the width direction, it might be
that compressive stress was not introduced into the heated
area because the effect of restraining thermal expansion
was small when the area near the weld was heated.

3. Local heating experiment
3.1. Heating method and temperature history
The local heating experiment was carried out by using the
IH. In a previous study (Hirohata et al., 2020), a method
was proposed to induce thermal expansion in the
specimen by localized rapid heating with a
high-frequency induction heating system, and to
introduce compressive stress by constraining this thermal
expansion to the low-temperature region around the
heated area. According to the "Guidelines for Diagnosis
and Repair of Steel Bridge Exposed to Fire" published by
the Japan Society of Civil Engineers (JSCE) in 2015,
structural steels such as SS400, SM490, and SM570 do
not show any change in mechanical properties after
heating and cooling if they are heated up to 600 °C. In
addition, the standard heating temperature at which it is
judged possible to resume service without the need for
detailed investigation is set at 400 °C. In the previous
study (Hirohata et al., 2020), the authors attempted to
control the residual stress of the specimen below 400°C,
which was the criterion of this guideline. Under these
limitations, the most effective condition for introducing
compressive residual stress was 350 °C. Based on this
method, the target heating temperature was set to 350 °C
and the heating time to 35 seconds in this study.
Thermocouples were attached on the heating area as
shown in Figure 2, and the front edge of the weld was
uniformly heated in the width direction along the weld
line. It was expected that heating along the weld line
would make the heated area to be expanded, and that the
expansion would be constrained by the unheated area,
especially the sole plate with a large rigidity (thickness).
Eventually the compressive residual stress would be
introduced at the welded part including the weld toe and
weld root. While monitoring the temperature of the
thermocouple (TC3) at the center of the specimen in the
width direction, the specimen was heated until the
measured temperature at this position reached the target
temperature (350 °C), and then the specimen was cooled
down naturally to room temperature. Figure 3 shows the
appearance of the local heating experiment.
The temperature histories are shown in Figure 4.
However, the maximum temperature was much higher
than 350 °C at the edge points as TC1 and TC5. This
might be because of the mechanism of the high-frequency
induction heating system. The induction current density
near the edge might be higher than that around the center,
resulting in a larger temperature increase at the edge
compared to the center.

20

180

TC1

42

TC2

45

TC3(Control Point)

45

42

TC4

TC5

40

Figure 2. Thermocouple and heating position

IH coil
Figure 3. Local heating experiment
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Figure 4. Temperature histories
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3.2. Residual stress measurement
In order to confirm the change in residual stress due to
local heating, the stress in the direction perpendicular to
the weld line was measured for both the as welded and
locally heated specimens by X-ray diffraction. The
measured results are shown in Figure 5. The local heating
increased the stresses by around 40 MPa at a distance of 5
mm and by around 50 MPa at a distance of 15 mm from

No local heating

0

5

Local heating

10
x(mm)

15

Figure 5. Results of residual stress measurement
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20

histories of local heating, the analytical and experimental
values of residual stress also do not agree.
Although the experimental temperature history could not
be reproduced, the change in residual stress in the weld
root is examined assuming that the temperature history
obtained by the analysis was applied to the specimen. The
results of residual stress analysis are shown in Figure 11.
It is suggested that the residual stress in the weld root,
which was not measured in the experiment, may decrease
because the residual stress after heating possibly becomes
lower than that before heating.

4. Thermal elastic-plastic analysis
4.1. Analysis model
In order to simulate the welding and local heating
experiments, a series of thermal elastic-plastic analysis
were conducted. A commercial FE code ABAQUS
Ver.6.14 was used for the welding and local heating
simulations to reproduce the temperature histories of
welding and local heating. The change in residual stress
through the heating process was examined by the
simulation. Figure 6 shows the created analytical model.
The dimensions are as shown in the figure and are the
same as those of the experimental specimen. Eight-node
solid reduced-integral elements were used for the coupled
temperature-displacement analysis. The mechanical
boundary condition was the fix of rigid body movement
and the thermal boundary condition was the heat transfer
into the air. The physical and material constants were
temperature -dependent types. In the case of welding and
local heating by IH, creep strain was not considered
because the time to reach a high temperature above
400 °C was very short.

Unit: mm

22
540

Figure 6. Analytical model

120

TC2

TC1

180

4.2. Welding simulation
The welding direction and the output points of
temperature history in the analysis are shown in Figure 7.
A comparison of temperature histories between the
experimental and analytical results is shown in Figure 8.
The comparison shows that the tendency of the
experiment was roughly reproduced.

540

4.3. Local heating simulation
After the welding simulation, the local heating
experiment was simulated. The output points of
temperature history for local heating are shown in Figure
2.
Figure 9 shows a comparison between the temperature
history results of the local heating simulation and the
experimental results obtained in Section 3.1. As in the
experiment, TC3 at the center was set as the temperature
control point, and the thermal efficiency of
high-frequency induction heating was defined as 46% so
that the peak of the temperature history output by this
point reached 350 °C in 35 seconds. The temperature
history of TC3, which is the temperature control point,
was roughly reproduced. However, the experimental
results for TC1 and TC5 were much higher than the
analytical results. In the analysis, the uniform heat flux
was applied to the heating region, but in the experiment,
the heat generation at the edge was expected to be high.
This phenomenon was not reproduced, so the
experimental results could not be reproduced.

Unit: mm

20 10

300

Figure 7. Welding direction and output points of
temperature history
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Figure 8. Comparison of welding temperature
history

4.4. Residual stress reproduction simulation
After the welding and local heating simulations, the
residual stress results were output. Figure 10 shows a
comparison between the analysis results of local heating
and the experimental results obtained in Section 3.2. Due
to the low accuracy of reproducing the temperature
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Figure 9. Comparison of local heating temperature histories
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5. Conclusions
(1) The application of local heating was investigated as a
fatigue crack prevention technique for sole plate
welds. A high-frequency induction heating system
(IH) was used to uniformly heat the area in the width
direction of the front edge of the weld. When the
temperature at the center in the width direction
reached the target of 350 °C, the temperature near the
edge greatly exceeded the target temperature. This
might be because the induced current density near the
edge was larger than that at the center.
(2) The residual stress near the weld toe of the locally
heated specimen tended to increase compared to the
as-welded condition. The compressive stress was not
introduced near the heated area because the conditions
of this experiment, in which the specimen was
uniformly heated in the width direction, had little
effect in restraining the thermal expansion during
heating. According to the results of thermal
elastic-plastic analysis simulations, if the condition of
uniform heating in the width direction could be
realized, the residual stresses near the toe and root
positions could be reduced compared to the as-welded
condition.

Local heating(Experiment results)
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Abstract
Application of lase-arc hybrid welding (so called, “hybrid welding”) in the fabrication of bridge structures have been
investigated recently. Considerable hardening occurred in the narrow WM and HAZ due to the large heat input by the
hybrid welding. When conducting Charpy impact test on the hybrid welded joint specimens, fracture path deviation
(FPD) was observed in these parts. As the result, the Charpy absorbed energy of WM and HAZ could not be measured
correctly.
For solving this problem, a series of thermal cycle tests were conducted on the base metals of SBHS400 and SBHS500
to simulate the metal structures of HAZ by arranging the heating and cooling conditions. The V-notch specimens were
extracted from the uniformly reproduced metal structures. Although the reproduction accuracy was not sufficient, the
tendencies of metal structures in HAZ could be simulated by the thermal cycle tests. Charpy impact test was conducted
on the specimens with simulated HAZ metal structures. Based on the results, the Charpy absorbed energy of HAZ was
possibly higher than 47J under the specified test temperatures.
Keywords: Laser-arc hybrid welding, Charpy impact test, Simulated HAZ, Butt welded joints
were conducted on the steel specimens used for the
replicated thermal cycling tests in order to estimate the
toughness of the heat-affected zone of laser-arc hybrid
welding.

1. Introduction
Laser-arc hybrid welding (so called, "hybrid welding")
has the advantages of laser welding, such as high speed
and deep penetration, while supplying the molten metal by
arc welding, thereby achieving a larger gap margin than
laser-only welding. In addition, the total heat input is
smaller than that of arc-only welding, which suppresses
welding deformation. A series of studies have been
conducted on the application of hybrid welding, which has
these advantages, in the fabrication of bridge structures.
Since the material properties of the heat-affected zone
(HAZ) of the hybrid welding largely vary in a narrow
range, it is difficult to determine the local toughness by
Charpy impact testing. In this paper, Charpy impact tests

2. Manufacture of laser-arc hybrid welded joints
Steels for Bridge High Performance Structure (SBHS400
and SBHS500), which are expected to be widely used in
bridge construction, were used as specimens. The plate
thickness is 16 mm. The mechanical properties and
Charpy absorbed energy (mill sheet value) of the steels
used are shown in Table 1. The chemical compositions of
the specimens are shown in Table 2. To fabricate the
hybrid welded joint, the specimen was machined to the
50
Unit: mm

Tab le 1. Mechanical properties of SBHS.
Yield
Tensile
Charpy
Elongation
Material
point strength
absorbed
(%)
(MPa)
(MPa)
energy (J)
SBHS400
503
567
22
280 (0℃)
SBHS500
563
649
35
274 (-5℃)
Table 2. Chemical compositions of SBHS. (mass %)
Material
C
Si Mn
P
S
N
Ni
SBHS400 0.11 0.29 1.36 0.009 0.001 0.006 0.01
SBHS500 0.10 0.24 1.57 0.008 0.003 0.004 0.02

380

Groove shape

340

Weld line
(Slit width: 0.3)

15 16

300

0.3

500
Thickness: 16
Thickness: 15
Figure 1. Shape and dimension of weld specimen.
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Materials

SBHS400
SBHS500

Table 3. Welding conditions.
Laser
Welding
Arc
power
speed
current
(kW)
(m/min)
(A)
13.01
1.6
255
13.01
1.6
264

Arc
voltage
(V)
28.1
28.1

Table 4. Mechanical properties of welding wire
(G49AP3M16: JIS Z 3312).
Tensile
Charpy
Yield point
Elongation
strength
absorbed
(MPa)
(%)
(MPa)
energy (J)
490
590
31
120

Figure 2. Macroscopic photograph.
and SBHS500 are shown in Figure 3. From the results, it
was confirmed that the hardness of the weld metal was
about 1.6 times higher in SBHS400 and about 1.3 times
higher in SBHS500 than these of the base metals. It was
confirmed that the width of the heat-affected zone was
about 1 mm.

shape and dimensions shown in Figure 1. In order to
obtain the joint without misalignment due to tack welding,
the joint was assembled by only one plate with a slit in the
center, instead of two plates, referring to previous studies
(Kim et al., 2007). Tabs were provided both the start and
end of weld line. The length of the weld line was 340 mm.
The width of the slit for welding was set to 0.3 mm. The
area around the slit with 50 mm wide was 15 mm thick
because the mill scale on the steel surface was removed
by milling. Table 3 shows the welding conditions
indicated in the previous study (Morioka et al., 2019).
G49AP3M16 was used as the welding wire, and the
mechanical properties and Charpy absorbed energy
(catalog value) of the welding wire are shown in Table 4.
One-pass full-penetration joints were fabricated by these
welding conditions. Cross-sectional macrographs of the
welded joints are shown in Figure 2. No significant
defects such as cracking or underfilling were observed.

4. Charpy impact test of hybrid welded joints
The Charpy impact test was conducted to evaluate the
toughness of the joint from the Charpy absorbed energy in
the weld metal, heat-affected zone and base metal. The
test specimens were specified in JIS Z 2202, and the Vnotches were located at three points on the weld metal,
heat-affected zone and base metal, respectively. The test
temperature was set at 0 °C for SBHS400 and -5 °C for
SBHS500. Figure 4 shows the results of Charpy impact
tests conducted on three specimens of both SBHS400 and
SBHS500 with V-notches introduced in each region. The
Charpy absorbed energy of the base metal was 294 J for
SBHS400 and 269 J for SBHS500, which exceeded the
JIS standard value (100 J) for both grades. The absorbed
energy of 5H2 (HAZ of SBHS500) was 82 J. The
absorbed energy of the weld metal and the heat-affected
zone was similar to that of the base metal for all specimens
except for the heat-affected zone specimen (5H2) of
SBHS500. However, it meant that FPD (Fracture Path
Deviation) (Inose et al., 2006) occurred in these
specimens. In other words, only specimen 5H2, which
showed the fracture mode of straight crack propagation,

3. Vickers hardness test
The Vickers hardness test was conducted to clarify the
degree of hardening in the weld metal and heat-affected
zone of the joint. The test force was set at 0.98 N. The
loading points were set on the lines shown in Figure 3. ①
is through the arc heat input zone (z=14), and ② is
through the laser heat input zone (z=7.5). The number of
loading points was 50 at intervals of 0.2 mm from the weld
metal through the heat-affected zone on both sides to the
base metal. The Vickers hardness test results of SBHS400

①

350

②

300

z

x

250
200

z=14

150

-5.0

-3.0

z=7.5

-1.0
1.0
x (mm)

(a) SBHS400

3.0

Vickers hardness (HV)

400

15

Vickers hardness (HV)

400

100

(b) SBHS500

(a) SBHS400

350

300
250
200

100

5.0

z=14

150
-5.0
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z=7.5

-1.0
1.0
x (mm)

(b) SBHS500
Figure 3. Results of vickers hardness tests.
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Figure 4. Results of Charpy impact tests of hybrid welded joints.
specimens to estimate the toughness of the heat-affected
zone.
5. Simulated HAZ test
Simulated HAZ tests were conducted on base metals of
SBHS400 and SBHS500 to reproduce the heat-affected
zone of hybrid welded joints. The specimens were held at
the maximum temperatures of 1350 °C, 1200 °C, and

provided the proper absorbed energy of the heat-affected
zone. The results of the other specimens did not
correspond to the absorbed energy of the weld metal or the
heat-affected zone. Therefore, after reproducing the metal
structure of the heat-affected zone of the hybrid welded
joint by a series of simulated HAZ tests, the Charpy
impact test was conducted using the simulated HAZ

③②①

HAZ

WM

HAZ

400μm
(a) Heat-affected zone of the hybrid welded joint.
Simulated HAZ

Hardness: 303HV

① Near bond

Hardness: 300HV

20μm
20μm

20μm
Hardness: 254HV

Hardness: 213HV

20μm

Hardness: 195HV

20μm

(b) SBHS400

Hardness: 298HV

20μm
Hardness: 255HV

20μm
20μm

Simulated HAZ

Hardness: 274HV

② Midspan

② Midspan

Hardness: 243HV

③ Near BM

Actual HAZ

Hardness: 262HV

Hardness: 231HV

20μm
20μm

Figure 5. Results of simulated HAZ tests.
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100

0
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Maximum heating temperature (℃)

47J

50

850
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Maximum heating temperature (℃)

(b) SBHS500
(a) SBHS400
Figure 6. Results of Charpy impact tests with simulated HAZ specimens.

850 °C for 5 s, and then cooled at 80 °C/s. Figure 5 shows
the results of metal structure observations of the heataffected zone of the joint and the simulated HAZ.
Compared to the region ①, which was relatively close to
the weld zone, the metal structure of the simulated HAZ
at 1350 °C (1350 ℃ specimen) was harder and coarser.
The metal structure of the simulated HAZ at 1200 ℃
(1200 ℃ specimen) might be similar to that of region ①
(coarse-grained HAZ), while the metal structure of the
simulated HAZ at 850 °C (850 ℃ specimen) might be
similar to that of the midspan of the heat-affected zone ②
and the region close to the base metal ③, especially region
③ (fine-grained HAZ).

energy could not be determined because the crack
deviated from the notch tip and FPD occurred.
(2) The simulated HAZ tests were conducted on the base
metal of SBHS400 and SBHS500 for reproducing
the metal structures of the heat-affected zone (HAZ)
of hybrid welded joints. The metal structures of
coarse-grained HAZ and fine-grained HAZ were
reproduced by the conditions of simulated HAZ tests
with 850 ℃ and 1200 ℃ of maximum temperature
and 80 ℃/s of cooling rate
(3) Charpy impact tests were conducted on the
specimens with simulated HAZ. No FPD was
observed in any of the specimens. From the absorbed
energy of the specimens with simulated HAZ, it was
suggested that the absorbed energy of the heataffected zone of the hybrid welded joint may satisfy
the required level for the joint performance in
general.

6. Charpy impact test on simulated HAZ
Charpy impact tests were conducted on the specimens
with simulated HAZ (six specimens for each condition).
The results of the Charpy impact tests are shown in Figure
6. Both specimens showed a fracture mode in which the
crack propagated straightly from the notch tip without
FPD. The absorbed energy of the 850 °C specimen similar
to the fine grain HAZ in the heat-affected zone of the joint
was 261 J for SBHS400 and 204 J for SBHS500. The
absorbed energy of 1200 °C specimen similar to coarsegrained HAZ was 106 J for SBHS400 and 121 J for
SBHS500. The absorbed energy was 92 J (SBHS400) and
70 J (SBHS500) even for the 1350 °C specimen, which
has a more coarse-grained metal structure than the coarsegrained HAZ, suggesting that the absorbed energy in the
heat-affected zone may satisfy the 47 J (-5 °C), which is
generally required for joint performance, in this
experiment.
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7. Conclusion
A series of experimental investigations were carried out to
estimate the absorbed energy in the heat-affected zone of
laser-arc hybrid welded joints by SBHS400 and SBHS500.
The main results obtained are as follows.
(1) The specimens extracted from the weld metal and the
heat-affected zone of the laser-arc hybrid welded
butt joints of SBHS400 and SBHS500 were
subjected to Charpy impact tests. The absorbed
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Abstract
For repairing steel girder end with corrosion, high-strength bolts are generally selected as the joining method, and patch
plate repair by welding is rarely used. In this research, to investigate the applicability of patch plate repair by welding on
thickness reduction of steel members due to corrosion, a series of fundamental experiments and simulations were carried
out. Thickness of patch plate, length of patch plate, and thickness of weld throat were three main dimensional factors that
affect the repair effect on the compressive strength of member with thickness reduction. Therefore, these three factors
were set as variables in the compressive experiment. A compressive experiment was performed on steel plates with
thickness reduction. By loading the specimens, the changes in compressive behavior of thickness-reduced steel plates by
different dimensions of patch plates were examined. The simulation by elastic-plastic analysis on this experiment was
also conducted for investigating the behavior of specimens in detail. The simulation by elastic-plastic analysis was carried
out as a parametric study on the efficient conditions of the patch plate. While the effect of the patch plate repair by welding
was confirmed, possibilities of more effective conditions of dimension and placement on the patch plate than the
conditions used in the experiment were shown.
Keywords: Welding patch repair, Thickness reduction, Load-carrying capacity, FEM
patch welding repair on thickness-reduced steel structural
member subjected to compressive loads.

1. Introduction
A series of repair and reinforcement methods have been
applied for thickness reduced steel members due to
corrosion in practical engineering. Generally, repair and
reinforcement are achieved by joining new members in
the damaged area. Steel plate is the most commonly used
material. According to different conditions, there are three
main methods of joining steel patch plates: bolts,
adhesives, and welding. At present, welding is not a
frequently used joining method compared to other
methods. Since it leads to stress concentrations, local
deformations, and residual stresses, there is a risk that it
may become the initiation origin of fatigue cracks after
repair (Pfeil et al., 2005). However, welding method has
its unique advantages and it remedies the deficiencies of
other methods, making it an alternative choice for patch
plate repair. Welding does not have the problem of
increased self-weight, as there is no need for drilling. It
also has the merit of being able to construct in narrow
spaces, which is worth expecting in the case of patch plate
repair at girder ends.
In this paper, a series of studies of welding method has
been carried out. There have been few empirical
investigations into the influence of factors such as the
dimension of patch plate and weld bead size on the effect
of load capacity recovery in patch welding repair. Since
much uncertainty still exists about the influence of
weld-patch size on repair, the design methodology by
which the size of patch plate under different thickness
reduction conditions could be determined has not been
established. The purpose of this study is to research the

2. Static monotonic compression experiments of
thickness reduced steel member repaired by patch
welding
2.1. Experimental specimens
Static monotonic compression experiments were
performed on the thickness-reduced steel plate repaired
by patch welding. The shape and dimensions of the
specimens are shown in Figure 1.
Where tb is the thickness of base plate, dc is the thickness
reduction, r is the range of thickness reduction, L is the
length of patch plate, tp is the thickness of patch plate, s is
weld bead size, and tw is the throat thickness. There were 6
types of specimens (type A ~ F), consisting of the same

Figure 1. Shape and dimensions of specimen.
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thickness reduction in base plate and different dimensions
of patch plates and weld beads. Each type had 3
experimental subjects, for a total of 18 specimens. The
material of base plate was SM400A, specified by JIS. The
length, thickness, and depth of the base plate were 600
mm, 18 mm, and 40 mm. It was assumed that there was a
thickness reduction resulting from corrosion. So, to form
the thinned part as 9 mm, 4.5 mm was removed from both
sides of the central section of the base plate by milling.
SM400A with thicknesses of 4.5 mm and 7.5 mm was
used for patch plates. After the thickness of the central
section of the base plate had been reduced, blasting was
performed to treat the surfaces of the base plate and
remove the mill scale from the surfaces of the patch plate.
The edges of the patch plates were fillet welded by gas
metal arc welding, with the current of 140 A for 4.5mm
bead size, and 180 A for 7.5 mm bead size, the voltage of
25 V, and welding speed of 1.2 mm/s. The specification of
the welding wire was JIS Z 3316, W49 A 3U16.
The basic setting of the base plate was a 50% thickness
reduction in a 60 mm area at the center of the base plate,
which meant a thickness reduction of 9 mm from an 18
mm base plate. Some previous researches have indicated
that the cross-sectional area of the flange was reduced by
an average of 30%, to a maximum of 50% when I-shaped
steel flange used as a stringer beam of a bridge (Natori et
al., 2001), in the present experiment, the most severe
corrosion case was considered. Since considering the
static stress transfer, the throat thickness of the weld bead
was supposed to be greater than the thickness reduction of
the base plate, in the case of 4.5 mm thickness reduction
dc on both sides of the base plate, to reach the
load-carrying capacity of the base plate without thickness
reduction, weld bead size s should be no less than 6.36
mm, for s / √2 = tw ≥ dc = 4.5 mm. In this experiment,
two weld bead sizes, 4.5 mm and 7.5 mm, were used to
confirm the effect of the parameters set above on the patch
welding repair effect in different cases. The length and
thickness of the patch plate also influence the repair effect.
These parameters were also discussed in this experiment,
where the length of the patch plate was set to 90 mm and
150 mm, and the thickness was set to 4.5 mm and 7.5 mm.
The specific parameter settings are shown in Table 1.

2.2. Experimental methods
Compression tests were conducted by applying
compressive pressure to test specimens using platens and
specialized fixtures on a universal testing machine. The
experimental setup is shown in Figure 2.
Two displacement transducers were set around the
specimen to record the vertical displacement. In this
experiment, the maximum load was measured and the
load-displacement curve was used to investigate the effect
of patch welding repair under different conditions.
2.3. Experimental results
The representative load-displacement curves of each type
are shown in Figure 3.

Figure 2. Setup of compression test.

(a) Load-displacement of A, B, and C

Table 1. Parameters of specimens (mm).
Patch
Patch
Bead size, s
Type
plate
plate
(Throat thickness,
(number) length, thickness,
tw)
L
tp
A (3)
90
4.5
4.5 (3.2)
B (3)

90

7.5

7.5 (5.3)

C (3)

90

7.5

4.5 (3.2)

D (3)

150

4.5

4.5 (3.2)

E (3)

150

7.5

7.5 (5.3)

F (3)

150

7.5

4.5 (3.2)

(b) Load-displacement of D, E, and F.
Figure 3. Load-displacement diagram of specimens.

342

The experimental results of type E will be removed from
the discussion because of the welding defects found on
specimen E which can decrease the load-carrying capacity.
The analysis of specimen E will be discussed in the
simulation part.
From the experimental results, it is clear that the average
maximum load of specimen B with 7.5 mm weld bead
size is 196.45kN, which is much larger than the other
specimens with 4.5mm weld bead size. When the weld
bead size is 4.5 mm, the length of the patch plate is the
same while the thickness is different (A and C, D and F),
the type with 7.5 mm thickness patch plate has a greater
maximum load. When the weld bead size is 4.5 mm, the
length of the patch plate and the thickness are both
different (A and F, C and D), the type with 7.5 mm
thickness patch plate still has a greater maximum load,
even though the patch plates are not of the same length.
When the weld bead size is the same and the thickness of
the patch plate is the same, the maximum load of the 90
mm length type is greater than that of the 150 mm length
type.

consistent with the experiment were used in this
two-dimensional elastic-plastic analysis. The stress-strain
curve of the steel materials is shown in Figure 4.

Figure 4. Stress-strain curve of steel materials.
Table 2. Maximum loads of experiments and

3. Simulation by two-dimensional elastic-plastic
analysis
3.1. Analytical model and analytical conditions
The finite element analytical software ABAQUS 2018
was used for simulation. In order to stay consistent with
the experimental conditions, a simple model was used in
this analysis, with a uniform and constant thickness
reduction of the surface in the middle of the model. And
due to the long dimensions and symmetry of the steel
members, the deformation under the compressive load
was mainly bending deformation, the slight deformation
on the depth direction could be ignored. Thus, a
two-dimensional elastic-plastic model was selected in this
simulation. Elasto-plastic finite deformation analysis was
carried out under plane strain conditions using a 4-node
element model. Non-linear large deformation theory and
solid section type were used in this model. According to
previous reports (Tanino et al., 2016), a minimum mesh
size of 0.1mm and a maximum mesh size 3.0 mm were
generated in mesh. One end of the model was fixed in the
longitudinal direction, and a monotonic compressive load
was applied from the other end in the longitudinal
direction (x direction) by forced displacement. An initial
deflection in the orthogonal direction was applied to the
entire model. The initial deflection was calculated by
Eq.(1).

Type
Maximum
applied load
Maximum
load
(simulation)

simulations (kN).
A
B
C
D

E

F

154

197

181

148

176

178

174

190

186

167

193

183

3.2. Analysis results and discussion
The results of the simulation using the same conditions as
the experiment are shown in Table 2. And the
load-displacement curves of the simulation are shown in
Figure 3.
The experimental load-displacement curves of specimen
A and D had some discrepancies with the simulation
because of the smaller weld bead size than expected and
experimental errors. As for specimen E, as mentioned in
the previous section, incomplete root fusion was found in
specimen E, which reduced the weld bead size, resulting
in an equivalent throat thickness less than the originally
expected 7.5mm. making the maximum load on specimen
E not as expected. The results of simulation also proved
that specimen E should have had the maximum
load-carrying capacity if there were no welding defects.
Comparing the results between experiments and
simulations, the influence of the three variable parameters,
weld bead size, the thickness of patch plate, and the length
of patch plate, on the effect of patch welding repair was
roughly verified in this simulation. However, their
specific influence on the repair effect requires more
in-depth investigation. Thus, a series of compression test
simulations with more parameters were performed. The
setting of the parameters was: weld bead size from 4.5
mm to 9 mm, which means tw / dc are 0.71, 0.94, 1.02, 1.18,
1.41 for weld bead size 4.5 mm, 6 mm, 6.5 mm, 7.5 mm,
and 9 mm; patch plate thickness from 4.5 mm to 9 mm
respectively; And patch plate length from 60 mm to 180
mm. The results are shown in Figure 5.

(1)
Where a is the length of the specimen and x is the distance
in the longitudinal direction. Residual stress was not
considered in this analysis. The material constants
Young’s modulus and Poisson’s ratio for the steel parts of
the base plate, the patch plate and the weld metal were
206000 N/mm2 and 0.3. As the mechanical properties of
the base plate, the patch plate and the weld bead in the
experiment were different, the material properties
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case of s = 4.5 mm and s = 6.0 mm (Figure 5(a) and (b)),
the maximum stress did not reach the target stress
regardless of the thickness and length of the patch plate.
For s = 6.5 mm (Figure 5(c)), the maximum stress reached
the target stress in some cases. This is because the throat
thickness tw (= 4.6 mm) is almost equal to the thickness
reduction of the patch plate dc (= 4.5 mm), and the stress
of the base plate is properly transferred to the patch plate.
Under the condition of s = 6.5 mm, the maximum stress
was slightly lower for longer plates, except for the case of
patch plate length L = 60 mm. For s = 7.5 mm and 9.0 mm
(Figure 5(d)), the maximum stress was higher than the
target stress, except for the case of L = 60 mm. When the
thickness reduction area r and the length of the patch plate
were equal (L = 60 mm), the maximum stress did not
reach the target stress due to the fix of patch plate end was
not enough.

(a) Bead size: s = 4.5 mm

4. Conclusion
From the results of the experiment and simulation, the
findings were as follows.
(1) For repairing the thickness-reduced steel member
subjected to axial compressive load by welding patch
plates, weld bead size had a dominant influence on
the repair effect. The thicknesses of weld throat and
patch plates should be larger than the thickness
reduction. And based on the simulation results, the
ratio of tw to dc was preferably greater than 1.1 in
practical construction.
(2) The thickness of patch plate had a minor influence on
the repair effect. With the same weld bead size,
increasing the thickness of the patch plate did not
significantly improve the load-carrying capacity.
Considering the cost of materials, it is economical to
use the same patch plate thickness as weld bead size.
(3) The length of patch plate should be larger than the
range of thickness-reduced part for restraining the
rotation of patch plate ends.
(4) The slenderness of patch plate influenced the
load-carrying capacity of patch-repaired member.
The short patch plate was preferable with ensuring
the restraint of plate-end rotation. In this research, the
length of the patch plate should be about 30 mm
longer than the thickness reduction area, and the
distance between the fillet weld and the thickness
reduction area should be about 15 mm.

(b) Bead size: s = 6.0 mm

(c) Bead size: s = 6.5 mm
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(d) Bead size: s = 7.5 & 9.0 mm
Figure 5. Patch-repair effects under different conditions
The target stress shown by the dotted line in Figure 5 is
the maximum stress of the model with no thickness
reduction and no patch plate, and if the maximum stress of
the model with patch-repair exceeds this level, the
load-carrying capacity is restored to a sound state. In the
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Abstract
Heating correction is one of the technique to correct welding deformation. This deformation occurs when fabricating steel
bridge members by welding. The technique depends on the experience of skilled technicians. However, in recent years,
there has been a problem in inheriting the technique. With aim of simplifying and automating the techniques, the authors
has been examined the heat input model using a gas burner. This model was established from three measurement data:
temperature history, out-of-plane deformation, and residual stress. By using the proposed heat input model, heating
correction was reproduced. This paper describes the results of experiments and analysis.
Keywords: FEM, Welding, Deformation, Heating correction, Thermal elastic-plastic analysis
1. Introduction
Welded joints are often used for fabricating steel bridge
members. This method have advantages such as easier
work in narrow spaces and lighter weight compared to
other joining methods. However, this method also have
disadvantage such as deformation and residual stress due
to the welding heat input. When the deformation exceeds
the permissible value, the deformation should be corrected.
Heating correction is widely used as a technique of
correcting for deformation. This technique uses the
temperature difference between the front and back
surfaces of a member by heat input with a gas burner. The
conditions such as heating position and time depend on
the skilled engineers. It becomes difficult to inherit the
technique due to the decrease in the number of engineers
and aging. To solve this problem, the authors have been
tried to simulate the heating condition by a thermal elasticplastic analysis to clarify the generation mechanism of
deformation and residual stress. First, heating experiment

was conducted on steel plates to examine a heat input
model using a gas burner. Next, heating correction
experiment was conducted on an I-section member with a
welding deformation of 4 mm in the flange. The heating
correction was simulated by the thermal elastic-plastic
analysis. By arranging the heat input conditions in the
analysis for reproducing the temperature history which
measured in experiment, deformation corrected by
heating could be simulated. In addition, residual stress
was compered before and after heating correction for
discussing the stress change and considered about the
stress change due to heating correction.
2. Heating experiment on steel plates and its simulation
2.1. Experiment
A heating experiment on steel plate was conducted to
establish a heating model. The steel plate used in the
experiment was SS400. Three types of plate thickness, 9
mm, 12 mm, and 25 mm, were prepared. The specimen

unit：mm
：Point for deformation

100

100

（interval at 25 mm）

：Point for residual stress
（interval at 15 mm）

：Point for temperature

Inner : Outer : Diffusion
= 0.7 : 1.6 : 0.25 (W/mm2)
Inner

Outer

100

Heating point

9, 12, 25

100

20

100

50

24

50

Fig.1 Steel plate specimen

Diffusion

74

Fig.2 Photo of experiment
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Unit: mm

Fig.3 Heat input model

with the dimensions and measurement points is shown in
Fig.1. The distance between the steel plate and the burner
was 200 mm. Central part of one side of the steel plate (the
position marked in Fig.1) was heated by a gas burner for
20 seconds (Fig.2). In the experiment, the temperature
history, the out-of-plane deformation, and the residual
stress were measured. For the temperature history, the
heating process at center of the non-heated surface on steel
plate was measured with an infrared camera, and position
50 mm away from center of non-heated surface on steel
plate was measured with thermocouples. The out-ofplane deformation was measured at the green position in
Fig.1 by a dial gauge. The residual stress was measured at
the position shown in Fig.1 of the non-heated surface by
X-ray diffraction method.

500
Temperature(℃)

9 mm

400

12 mm

25 mm

Experiment
Analysis

300
200
100
0

0

5

10
15
Time (s)
(a) At center

20

500
Temperature(℃)

2.2. Simulation
The heating experiment was simulated by the
temperature-displacement coupled analysis of the
software ABAQUS. The specimen was modeled with
dependent material constants 1). Only heat transfer into the
air was considered as a thermal boundary condition, and
only the fix of rigid body displacement was considered as
a mechanical boundary condition. The heat input was
divided into two areas: a region directly receiving the
flame jet and a diffusion region. This is the wall collision
of the jet. The region directly receiving the jet flame was
divided into the inner flame region and the outer flame
region. This is because the heat flux differs between the
inner and the outer flame. The inner flame generates a
circulating air flow2 - 4). That is, as shown in Fig. 3, the
heat input region was divided into three regions, the inner
flame region, the outer flame region, and the diffusion
region. The surface heat fluxes of different magnitudes
were applied to each region. The surface heat flux value
was determined so that the temperature history measured
at non-heated surface on steel plate could be reproduced.
For specimens of all thicknesses, the experimental results
of temperature history and out-of-plane deformation were
reproduced by inputting 0.7 W / mm2 to the inner flame
region, 1.6 W / mm2 to the outer flame region, and 0.25 W
/ mm2 to the diffusion region. They were reproduced as
shown in Fig.4 - 6.

9 mm

400

12 mm

25 mm

Experiment
Analysis

300
200
100
0

0

200

400
600
800
Time (s)
(b) At 50 mm away from center
Fig.4 Temperature history

0.3
Displacement (mm)

9 mm

12 mm

25 mm

Experiment

0.2

Analysis

0.1
0

0
-0.1

25

50

75

100

Distance from the center (mm)

Fig.5 Out-of-plane deformation

3. Heating correction simulation of welded I -section
member
3.1. Experiment
A heating correction experiment (Fig.7) by the point
heating method for an I-section member with a welding
deformation of 4 mm in the flange was simulated. This
experiment was conducted in the previous study 5). Heat
input radius was used as the same model which was used
in the heating experiment on steel plate. This was because
the radius of the circular pattern on the surface was similar
to the experiment. The amount of heat input was
determined so that the temperature history measured at the
position 50 mm away from the top of the web and the
middle of 5466 mm could be reproduced.

Residual stress (MPa)

600
9 mm

12 mm

400

Analysis

200
0
0
-200

10

20

30

40

Distance from the center (mm)
Fig.6 Residual stress
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25 mm

Experiment

50

4
50

Heating point

750

Length ： 5466 mm
14

400
28
Unit ： mm

(a) I-section member with
welding deformation

(b) Pointed heating
correction

Fig.7 Heating correction experiment
750
Surface

Temperature (℃)

3.2. Simulation
Considering the heat input ratio to each region, 3.11 W /
mm2 was given to the inner flame region, 7.11 W / mm2 to
the outer flame region, and 1.11 W / mm2 to the diffuser
region. As shown in Fig. 8, the temperature history of the
experiment was reproduced. The deformation was
corrected from 4 mm to 1.15 mm, and the correction effect
in the experiment (4 mm to 0 mm) was almost reproduced.
The residual stress were also considered due to heating
correction of this analysis model. The residual stress
distribution of the I-section by instant welding heat input
is shown by red line in Fig.9, and the residual stress after
heating correction is shown by blue line. As shown here,
the tensile stress was generated around the point heating
region. The compressive stress was generated away from
this region. This compressive stress was superimposed on
the tensile stress at the connection between the upper
flange and web by welding. The tensile residual stress
between the flange and web was reduced by the heating
correction. This stress reduction may be helpful from the
viewpoint of preventing fracture at the connection.
4. Conclusions
Heating experiments were conducted on steel plates with
thicknesses of 9 mm, 12 mm, and 25 mm. The
experiments were simulated by thermal elastic-plastic
analysis. A model giving different heat input to the inner
flame region, the outer flame region, and diffusion region,
was proposed and its validity was confirmed. However,
the reproducibility of residual stress was not so high. It is
necessary to try to improve the accuracy based on the
model proposed in this paper.
A simulation of a heating correction experiment for
welded I-section member was conducted. By using the
model determined in the heating experiment on steel plate,
the behavior of heating correction could be reproduced.
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Abstract
In this study, the structural behavior of high strength steel (HSS) hot-finished EHS subjected to uniaxial eccentric
compression is investigated. A three-dimensional nonlinear finite element analysis for predicting the cross-section
resistance of HSS hot-finished EHS is developed using ABAQUS software, which is then verified by previous
experiments. The validated finite element method is employed to investigate the structural behavior of HSS hot-finished
EHS under uniaxial eccentric compression. Different parameters, such as the radius of the larger and smaller outer
diameter of EHS, thickness of EHS, eccentricity, and material property, are considered in the analysis. Current design
guidance for predicting cross-section resistance of the HSS hot-finished EHS is evaluated. It is concluded that current
design provisions, such as EN 1993-1-1, BS 5950-1, and Gardner et al. are conservative for predicting the HSS
hot-finished EHS under uniaxial eccentric compression. For the design of HSS hot-finished EHS subjected to uniaxial
eccentric compression, new slenderness limits are suggested according to the results of finite element models in this study.
The equations proposed by Gardner et al. are suggested for predicting the cross-section resistance of HSS hot-finished
EHS under uniaxial eccentric compression.
Keywords: hot-finished; elliptical hollow section; uniaxial eccentric compression; finite element method; cross-section
classification; cross-section resistance
investigations on structural response of HSS hot-finished
EHS under uniaxial eccentric compression are rarely
reported. Hence, the purpose of this study is to study the
structural behavior of HSS hot-finished EHS under
uniaxial eccentric compression. As the numerical
simulation has been widely utilized for investigating the
structural behavior of EHS (Chan and Gardner 2008 a and
2008b, Theofanous et al. 2009, Gardner et al. 2011, and
Cai et al. 2019), a finite element method (FEM) is
developed for estimating the cross-section resistance of
HSS hot-finished EHS under uniaxial eccentric
compression, and design recommendations including
cross-section slenderness limits and cross-section
resistance are proposed to widen the scope of the
application for HSS hot-finished EHS.

1. Introduction
Due to the structural efficiency and aesthetic value of
elliptical hollow section (EHS), it has been concerned a
lot in civil engineering, and the application of EHS
members has also already been put into practice in
engineering, such as London Heathrow and the Society
Bridge in UK. However, the related design guidance for
EHS is not provided in BS 5950-1 (2000), ANSI/AISC
360 (2016), and EN 1991-1-1 (2005). As a result, the
development of design guidance for EHS members is
necessary for wider application.
Previously, some researchers have investigated the
structural behavior of EHS members. Chan and Gardner
(2008a and 2008b) analyzed the compressive resistance
and bending strength of hot-rolled EHS. Theofanous et al.
(2009) investigated the structural response of oval hollow
section compression members. Gardner et al. (2011) and
Law and Gardner (2013a) studied buckling behavior of
hot-finished EHS under uniaxial eccentric compression.
Law and Gardner (2013b) investigated the global
instability of hot-finished EHS under compression and
bi-axial bending. Yao et al. (2018) analyzed the
mechanical behavior of cold-formed EHS column under
axial compression. Chen and Young (2019) and Cai et al.
(2019) suggested different methods for estimating
cold-formed and hot-finished EHS under compression
based on a series of experimental and numerical analysis.
As described above, significant progress has been made in
previous studies. However, these investigations are
mainly focusing on the behavior of hot-finished or
cold-formed EHS fabricated from normal steel. The

2. Finite element analysis and verification
A three-dimensional nonlinear finite element method is
developed to estimate the cross-section resistance of stub
columns under uniaxial eccentric compression. Element
S4R is selected for hot-finished EHS columns, and mesh
size of 5 mm is utilized. A bilinear stress-strain curve
established from Guo et al. (2018) and Qiang et al.’s
experiments (2014) is utilized. A pinned-end boundary
condition and longitudinal load, identical with Gardner et
al.’s tests (2011), are applied on the EHS column to
establish the buckling behavior.
In order to verify the structural response of EHS under
uniaxial eccentric compression, three finite element
models, identical with Gardner et al.’s (2011)
experimental specimens, are simulated, as shown in Table
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1. A bilinear stress-strain curve simplified from Gardner
et al.’s (2011) tensile coupon tests is utilized. The lowest
buckling mode with t/10 imperfection amplitude is
applied to simulate initial global geometric imperfection.
Residual stresses are not considered as their values are
found to be very low in hot-finished EHS members (Law
and Gardner 2013a and 2013b). The moment-rotation
characteristics established from the finite element
analysis (FEA) and Gardner et al.’s experiment (2011) are
compared, as shown in Fig. 1. Obviously, the finite
element models can accurately capture the
moment-rotation curves and ultimate load.
After the verification of FEM, a total of 84 finite element
models are performed to assess the characteristics of HSS
hot-finished EHS under uniaxial eccentric compression.
Several parameters, such as the material property, larger
outer diameter, thickness of EHS, and eccentricity, are
considered.
Three different material properties, such as 460 MPa, 690
MPa, and 960 MPa, are considered in the analysis. All
EHS columns have an aspect ratio of 2, and the size of
EHS sections ranges from 150 × 75 mm to 500 × 250 mm.
Three different thicknesses of EHS (i.e., 4, 10, and 16 mm)
are investigated. The load applies on the major axis or
minor axis of cross section and the eccentricity of load
varies from 5 to 200 mm. The length of EHS columns is
two times of the larger outer diameter, as shown in Table 2

ANSI/AISC 360 (2016) suggested a different relation
between compression and bending. Nowzartash and
Mohareb (2009) develop a plastic relation for EHS
members subjected to combinations of compression,
uniaxial bending, and torsion. Gardner et al. (2011)
modified Nowzartash and Mohareb’s (2009) model for
predicting the cross-section resistance for Class 1 and
Class 2 sections, as shown in Eq. (1). The sectional
resistance of Class 3 and Class 4 is also recommended by
Gardner et al. (2011), as shown in Eqs. (2) and (3).
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3.3. Assessment of current design guidance
To assess the accuracy of design guidance in EN 1993-1-1
(2005), ANSI/AISC 360 (2016), and Gardner et al. (2011),
the results of FEA are utilized, as shown in Figs. 2- 4.
Obviously, EN 1993-1-1 (2005) is conservative for HSS
hot-finished EHS columns as many specimens whose
capacity are larger than that of Class 2 are classified as
Class 4, as shown in Fig. 2. Design guidance suggested in
ANSI/AISC 360 (2016) and Gardner et al. (2011) are also
conservative as most specimens are classified as Class 3
or Class 4, as shown in Figs. 3 and 4. Therefore, the
development of a more accurate model for estimating the
resistance of HSS hot-finished EHS under uniaxial
eccentric compression is necessary.

3. Current design guidance
3.1. Cross-section classification
The design of EHS column is line with CHS in related
guidance, such as EN 1993-1-1 (2005), BS 5950-1 (2000),
and ANSI/AISC 360 (2016), as listed in Table 1. Here, the
slenderness limits presented in Table 1 are transferred to
the normalized section slenderness (Ma et al., 2015 and
Yao et al., 2018). Gardner et al. (2011) suggested the
equivalent diameter for EHS under uniaxial eccentric
compression, as listed in Table 2.

Table 1 Summary of cross-section limits for CHS under
pure compression.
Normalized section slenderness


References
EN 1993-1-1
(2005)
EN 1993-1-4
(2006)
BS 5950-1
(2000)
ANSI/AISC 360
(2016)
Fig. 1 Comparison of moment-rotation curves between

D f y, f
t E

Class 1

Class 2

Class 3

0.06

0.08

0.10

0.06

0.08

0.10

—

—

0.11

—

—

0.11

Table 2 Summary of cross-section limits for EHS
Normalized section
slenderness
Load
References
condition
De f y , f

FEA and test results: (a)150×75×5.0-MI-75;
(b)150×75×6.3-MI-25; and (c)150×75×5.0-MA-100



3.2. Cross-section resistance
In EN 1993-1-1 (2005) and BS 5950-1 (2000), a linear
relation between compression and bending is suggested.
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parameters and limits in Figs. 5 and 6 are transferred to
the equivalent values of normalized section slenderness
(Ma et al., 2015 and Yao et al. 2018), as shown in Tables
1- 2.
As mentioned by Ma et al. (2015) and Chan et al. (2015),
the slenderness limits of HSS are different from that of
normal grade steel due to higher yield strength affecting
the value of normalized section slenderness. Therefore, a
new slender limit corresponding to HSS is suggested, as
shown in Fig. 5. A value larger than unity shows it meets
the requirement of fully plastic resistance. Obviously, the
slenderness limits for Class 2 of CHS in EN 1993-1-1
(2005), Gardner et al.’s model (2011), and BS 5950-1
(2000) need to be adopted for evaluating the cross-section
resistance of HSS hot-finished EHS under uniaxial
eccentric compression, as shown in Fig. 5. From the
results of analysis, existing slenderness limits are
conservative for HSS hot-finished EHS. A new
slenderness limit, 0.13, is suggested for HSS, as shown in
Fig. 5.
The section, which can reach the elastic moment
resistance and full plastic moment resistance cannot be
exhibited, is classified as Class 3. The comparison
between FEM results and elastic resistance is made in Fig.
5. Similarly, the slenderness parameters and limits in Fig.
5 are transferred to the equivalent values of normalized
section slenderness. A value larger than unity shows it
meets the requirement of fully elastic resistance.
Obviously, existing slenderness limits are conservative
for HSS hot-finished EHS. For the safe design of
hot-finished EHS under uniaxial eccentric compression, a
new slenderness limit, 0.46, is suggested for HSS, as
shown in Fig. 5.

Class 1 Class 2 Class 3
Gardner et
al. (2011)
Gardner et
al. (2011)

Combined
compression
and minor
axis bending
Combined
compression
and major
axis bending

2.82

0.06

0.08

5  23

0.06

0.08

5  23

2.82

Fig. 2 Comparison between FEA and EN1993-1-1
(2005) for HSS EHS: (a) Compression and major axis
bending; and (b) Compression and minor axis
bending

Fig. 3 Comparison between FEA and ANSI/AISC360
(2016) for HSS EHS:(a) Compression and major axis
bending, and (b) Compression and minor axis
bending

Fig. 5 Comparison between FEA and resistance of HSS
EHS: (a) plastic; and (b) elastic
Fig. 4 Comparison between FEA and Gardner et al.’s
(2011) model for HSS EHS:(a) Compression and major
axis bending: and (b) Compression and minor axis
bending

4.2. Cross-section resistance
Results of numerical analysis are utilized to assess the
reliability of formulas in EN 1993-1-1 (2005), BS 5950-1
(2000), ANSI/AISC 360 (2016) and Gardner et al. (2011).
Obviously, EN 1993-1-1 (2005), BS 5950-1 (2000), and
ANSI/AISC 360 (2016) are conservative for predicting
the resistance of Class 1 and Class 2 for HSS hot-finished
EHS under uniaxial eccentric compression, as shown in
Figs. 2 and 3. Gardner et al.’s (2011) model is more
accurate for estimating the resistance of Class 1 and Class
2, Class 3, and Class 4, and it is suggested for the design
of HSS hot-finished EHS under compression and uniaxial
bending, as shown in Fig.6.

4. Design recommendation
4.1. Cross-section classification
The section, which can develop full plastic moment
resistance, is classified as Class 1 and Class 2 (Gardner et
al., 2011). Comparison of FEM results and full plastic
resistance is made, as shown in Fig. 5. Here, the
equivalent diameter suggested by Gardner et al. (2011) is
utilized. For the ease of comparison, the slenderness
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Fig. 6 Comparison between FEA and proposed method for
HSS EHS: (a) Compression and major axis bending; and
(b) Compression and minor axis bending
5. Conclusions
The structural behavior of HSS hot-finished EHS under
uniaxial eccentric compression is studied using numerical
analysis. Current guidance for estimating the resistance of
HSS hot-finished EHS, such as EN 1993-1-1 (2005), BS
5950-1 (2000), ANSI/AISC 360 (2016), Chan and
Gardner (2008), Chan et al. (2015), and Gardner et al.
(2011) is evaluated. The main conclusions drawn are
shown as follow:
(1) The slenderness limits for normalized section
slenderness in current classification systems, such as
ANSI/AISC 360 (2016) and Gardner et al. (2011), are
conservative for HSS hot-finished EHS. Thus, new
slenderness limits, 0.13 and 0.46, for Class 2 and Class 3,
are suggested for predicting the resistance of HSS
hot-finished EHS under uniaxial eccentric compression.
(2) The resistance for Class 1 and Class 2 in EN 1993-1-1
(2005), BS 5950-1 (2000), and ANSI/AISC 360 (2016)
are conservative, and Gardner et al.’s (2011) model is
more accurate for predicting the resistance of Class 1 and
Class 2 of HSS hot-finished EHS under uniaxial eccentric
compression. Gardner et al.’s (2011) models of the
resistance of Class 3 and Class 4 in Eqs. (3) and (4) are
conservatively for estimating the cross-section resistance.
Therefore, Gardner et al.’s (2011) models for Class 1 and
Class 2, Class 3, and Class 4 are suggested for the design
of HSS hot-finished EHS under uniaxial eccentric
compression.
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Abstract
Castellated composite columns, one of many composite column systems, are manufactured by cutting, bending, and
welding steel plates with various opening shapes and sizes. Here, it is possible to exclude shear connectors by improving
the integrity of steel materials and internal and external concrete. In addition, the castellated composite columns secure
the advantage of SRC composite columns that satisfy the fire resistance performance by covering concrete. However,
when a strong lateral load such as an earthquake is applied, permanent deformation is inevitably left on the existing
column, and such permanent deformation reduces the internal resistance and energy dissipation capacity, causing serious
problems in the serviceability of the building. In order to solve this problem, we will introduce the concept of a smart
structure to secure stability for the inelastic behavior of the structure, as well as to present sufficient energy dissipation
capacity and a castellated composite column capable of self-centering and sufficient energy dissipation to prevent
permanent deformation. This paper presents the results of a systematic three-dimensional (3D) nonlinear finite element
analysis of the structural behavior of castellated composited columns that secures stability against compressive loads and
seismic performance against seismic load by applying shape memory alloys to castellated composite columns.
Keywords: Shape memory alloy, Recentering, 3D FEA, Castellated composite column, Superelsticity, Energy dissipation
capacity
the RC bridge columns to obtain more effective reduction
in the residual displacement than the method of
reinforcing the existing reinforcing bars in concrete. The
rectangular and circular RC bridge columns were also
reinforced using 5 types of SMA and FRP jackets, and the
recentering effects and energy dissipation capacity were
offered by Abbass et. al. (2020).
In this paper, the superelastic SMA reinforcing bars are
applied to the present castellated composite columns to
secure the recentering effects and sufficient energy
dissipation capacities. A systematic three-dimensional
(3D) nonlinear finite element analysis is performed to
investigate the structural behavior of a castellated
composite column system that secures stability against
compressive loads. This paper also presents the results of
seismic performance of the castellated composite
columns having the SMA bar reinforcement.

1. Introduction
In recent decades, the demand for performance
enhancement of structural materials continues due to the
increase in skyscrapers and mega buildings. Accordingly,
the requirement for composite columns using steel and
concrete is expected to increase. From this point of view,
the castellated composite columns can provide the
superior structural performance through the efficient
cross-sectional arrangement of castellated steel plate
comparing the conventional SRC or CFT composite
columns.
The design of the composite columns have focused to
ensure the sufficient compressive strength and stiffness,
and ductility of the building under seismic loads and to
prevent failure under very large earthquakes. This design
concept makes the columns suffer from extensive damage
and then large residual deformation appear in the columns
causing serious problems in the serviceability of the
building. In order to resolve these problems the concept of
a smart structure is introduced to achieve stability against
the inelastic behavior of the structure and as a result, a
castellated composite column having recentering
capability to prevent permanent deformation as well as
sufficient energy dissipation is presented.
The shape memory alloy (SMA) reinforcement that is
used for recentering and sufficient energy dissipation
capacity of the columns can resist large deformations and
exhibit superelasticity, which is characteristic being able
to return to their original shape. Recently, Hadi (2020)
applied SMA bars to the plastic hinge generation area of

2. Castellated Composite Columns
Castellated composite column is one of many composite
column systems, which is manufactured by cutting,
bending and welding steel plates with various opening
shapes and sizes. Fig. 1 shows the manufacturing process
of a castellated steel plate with various opening sizes (i.e.,
e/h ratios in Fig. 1). The castellated column can offer the
superior structural performance through the efficient
cross-sectional arrangement of castellated steel plate
comparing the existing SRC or CFT composite columns.
It is possible to exclude shear connectors by improving
the integrity of steel materials and internal and external

352

concrete.
In addition, the castellated composite columns secure the
advantage of SRC composite columns that satisfy the fire
resistance performance by covering concrete. Fig. 2
shows the manufacturing process of a castellated
composite column.

Figure 1 Manufacturing process of a castellated steel plate
based on the e/h ratio.
Figure 3 Schematic diagrams of the proposed SMA
reinforcement techniques for castellated steel column
Table 1. Types of reinforcement material according to
zone of castellated steel column
Zone
Length
State
Reinforcement
material
Zone A
0~L/4
Plastic
SMA
Zone B
L/4~3L/4
Elastic
Steel
Zone C
3L/4~L
Plastic
SMA

Figure 2 Manufacturing process of a castellated
composite.

4. Three-Dimensional FE Modeling

3. Shape Memory Alloy Reinforcements

A three-dimensional (3D) FE analysis of a castellated
composite column with SMA bars is performed using
ANSYS (ver.19.1). The typical 3D FE model of the
castellated composite column is shown in Fig. 4. The
length of the castellated composite column is 1,600 mm,
the size of cross section is 200ⅹ200 mm and the
thickness of the castellated steel tube is 6 mm. The section
sizes of SMA reinforcements of the castellated composite
column are shown in Table 2.
In the FE modeling of SMA bars and castellated steel tube,
eight-node solid element type SOLID185 of ANSYS is
used to support material nonlinearity for large
deformation and shear deformation effect. In addition,
Solid65 is used for interior concrete of the composite
column. The properties of SMA material are shown in Fig.
5 that is proposed by Abuzaid and Sehitoglu (2019). The
fixed support conditions are applied to both ends of the
column and only horizontal movement of the column,
which is load direction, is possible (i.e., x-direction in Fig.
4). Here, the monotonically increasing cyclic loading is

When a strong lateral load, such as an earthquake, is
applied to the building structures, the plastic hinges are
possible to occur in the upper and lower zones of the
column. Therefore, the castellated steel column is divided
into three zones as shown in Fig. 3. Here, the upper Zone
C and lower zone A, in which the plastic hinges are
possible to occur, are reinforced with superelastic SMA
bars and angles. The rest of the column Zone B, which
remains elastic state, is not reinforced by SMA.
The SMA bars and angles are longitudinally installed at
the corners of castellated steel column to suppress local
buckling and to increase the flexural stiffness. The
diagonal SMA bars are mounted inside and outside the
opening to increase the shear stiffness. This reinforced
castellated column secures the recentering effect by the
SMA reinforcements.
The Zone B, which remains elastic state, is reinforced in
the same way as previously depicted with traditional steel
(TS), not SMA, in order to prevent the plastic hinge from
movement. Table 1 summarizes the types of
reinforcement materials according to the zone of the
castellated steel column.

applied.
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Table 3. Details of geometric and material properties of
FE models
Width-thickness
Material
Model
Ratio(B/t)
properties
C-30/140-33.3
C-30/140-28.6
C-30/140-20
C-40/120-33.3
C-40/120-28.6
C-40/120-20
C-50/100-33.3
C-50/100-28.6
C-50/100-20

33.3
28.6
20
33.3
28.6
20
33.3
28.6
20

TS/SMA

Figure 4 Typical 3D FE model of castellated composite
column with SMA reinforcements
6. Analytical Results

Table 2. Section size of SMA reinforcement of castellated
composite column
Reinforcement material
Size (mm)
Internal longitudinal SMA bar
18ⅹ18
External longitudinal SMA angle

35ⅹ35x10

Internal and External diagonal
SMA bar

20ⅹ200

Fig. 7 shows the load-displacement hysteresis curve in the
case of using traditional steel (TS) and SMA bar.
Compared to traditional steel (TS), when using SMA bar
was effective in removing residual displacement, and
recentering effects was excellent at 73.3~81.3%. Table 4
shows the residual displacement and recentering effects of
the castellated composite column. In addition, when the
size of the opening (e/h) is constant the recentering effects
increase as the width-thickness ratio increases.

(a) C-30/140-33.3-TS/SMA
Figure 5 Stress-strain curve for the Fe-based SMA
(Ref. Abuzaid and Sehitoglu (2019))
5. Parametric studies
The 3D FE analysis is performed to investigate the effect
on the recentering effects and sufficient energy dissipation
capacity of castellated composite columns using SMA
reinforcements by setting the geometric and material
properties as a parameter. Table 3 shows the analytical
model of the castellated composite column according to
the parameters.

(b) C-50/100-20-TS/SMA
Figure 7 Load-displacement hysteresis curves of
castellated composite column.
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Figures 8~9 show the energy dissipation capacity when
TS and SMA reinforcements are used. When TS is used,
the energe dissipation capacity is increased about
19.4~31.3% compared to SMA bar. Also, when the size of
the opening (e/h) is constant, the energy dissipation
capacity increases as the width-thickness ratio decreases.

recentering effect of the castellated composite column due
to superelastic SMA reinforcements was shown with
adequate energy dissipation capability.
8. Acknowledgement
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Table 4. Comparison of recentering effects between TS
and SMA reinforcements
Residual displacement
Recentering
Model
Effects (%)
TS(mm)
SMA(mm)
C-30/140-33.3
C-30/140-28.6
C-30/140-20
C-40/120-33.3
C-40/120-28.6
C-40/120-20

45.31
45.30
45.43
45.31
45.28
45.30

8.46
8.95
9.47
9.12
9.41
9.83

81.32 %
80.24 %
79.15 %
79.87 %
79.21 %
78.30 %

C-50/100-33.3
C-50/100-28.6
C-50/100-20

45.18
45.25
45.30

9.41
10.35
12.05

79.17 %
77.12 %
73.39 %
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Figure 8 Energy dissipation capacity of castellated
composite column using TS.

Figure 9 Energy dissipation capacity of castellated
composite column using SMA reinforcements.
7. Conclusions
In this paper, the castellated columns was numerically
analyzed under cyclic loading to investigate its seismic
performance. The castellated column was reinforced
using superelastic SMA bars and angles to ensure
recentering behavior.
A detailed parametric study indicates that a noticeable
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Abstract
Design standards for hollow section joints generally limit the applicable range of their design formulae to members with
compact cross-section (e.g., Class 1 and 2 according to the Eurocode) when compressive loading is involved. With
increasing demand on high-strength steel, it has been noted that the limitations on section compactness become highly
restrictive against high-strength steel joints and hinder the use of many tubular sections in practical range when grade 700
steel or higher grade is considered. In the previous numerical study by the authors on the circular hollow section X-joints,
the joint strength reduction due to compressive chord preload (i.e., the chord stress effect) was shown to be acceptable
for many high-strength steel chord sections classified as Class 3 or 4. In this study, related study is extended to much
more slenderer cross-sections to investigate more comprehensively the influence of section compactness on the chord
stress effect. Particularly, joints with brace-to-chord diameter ratio of 1.0 are separately analyzed since the ultimate
behavior of these joints are generally different from the joints with lower diameter ratios. When the diameter ratio is 1.0,
it is found that both cross-section shape and steel grade have little influence on the chord stress effect. In the case of lower
diameter ratios, joints with thinner cross-section are more influenced by chord preload. However, steel grade is again
shown to be a minor influential factor to the chord stress effect.
Keywords: Circular hollow section (CHS), X-joint, High-strength steel, Cross-section compactness,
Chord stress effect, Finite element analysis
1. Introduction

high-strength steel with non-compact section is used. In
this study, to investigate more comprehensively the
impact of cross-sectional slenderness on the joint strength
under compressive chord preload, test-validated
numerical analysis is extended to very slender crosssections. As the ultimate joint behavior is significantly
different when the brace-to-chord diameter ratio (β) is 1.0
(Kim and Lee, forthcoming), joints with β = 1.0 and β <
1.0 are analyzed separately.

As the demand of high-strength steel rises up nowadays,
the use of high-strength steel for hollow structural section
is also increasing. However, in most current design
provisions for circular hollow section (CHS) X-joints, the
range of the design formulae is limited to compact crosssection when compressive loading is involved (e.g., Class
1 and Class 2 according to the ISO 14346). As seen in
Table 1, the compact-section limit hinders the use of many
tubular sections in practical range when grade 700 steel or
higher is considered.
A recent study by the authors (Kim et al., 2019) showed
that strength reduction in CHS X-joints caused by
compressive preloads on the chord is acceptable even if

Table 1. Eurocode cross-section class limits
Steel grade

SM490

HSA800

Fy (MPa)

338.40

715.32

ε (ε2 = 235/Fy)

0.69

0.33

Class 1 (CHS)
Class 2 (CHS)
Class 3 (CHS)

(50ε2)

2γ ≤ 37.30
2γ ≤ 52.22 (70ε2)
2γ ≤ 67.14 (90ε2)

2γ ≤ 18.08 (50ε2)
2γ ≤ 25.31 (70ε2)
2γ ≤ 32.54 (90ε2)

2. Finite element modeling
Finite element (FE) analysis was conducted to investigate
the chord stress effect, or the reduction of joint strength
caused by chord preloading, in high-strength steel CHS
X-joints. A general purposive analysis code ABAQUS
6.14 (Simulia, 2014) was used. The FE models were

Figure 1. Geometrical configuration
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constructed following the modeling scheme validated by
Kim et al (2019). The von Mises yield criterion with
isotropic hardening was assumed for the material option,
and quadratic solid elements with reduced integration
(C3D20R) were used. Considering symmetry in geometry
and loading, only 1/4 of each joint has been modelled.
Figure 2 shows the loads considered for FE models. The
joint load is denoted by N. The symbol P represents the
chord preload which is introduced before the joint loading
is applied. The ratio of axial preload to axial yield load of
the chord is called the chord stress level (n), which is given
by:
P
(1)
n
Py

investigate the chord stress effect for a fully wide range of
cross-section compactness.
The chord diameter (d0) was 300 mm for all models. Only
orthogonal joints were considered, or θ was 90°. The
thickness of the brace was maintained to a sufficiently
large value (t1 = 25 mm) to prevent premature brace failure.
Sufficiently long chord was used (10 times the chord
diameter) to exclude the chord length effect.
Table 2. Material and geometric properties used in FE analysis
Steel grade
SM490 (Fy = 338.4 MPa, Fu = 499.7 MPa)
HSA800 (Fy = 715.3 MPa, Fu = 822.3 MPa)
Geometric properties
d0
300 mm
α
10
β
0.5, 1.0
2γ
20, 30, 40, 50, 60, 70 and 80
t1
25 mm
θ
90°

Positive n (n > 0, P > 0) corresponds to tensile chord
preload and negative n (n < 0, P < 0) corresponds to
compressive chord preload. In this study, very high axial
load level n = -0.9 was selected to maximize chord stress
effect within the convergence range of FE analysis.

3. Influence of cross-section compactness on chord stress effect
The chord stress effect can be expressed as Qf in Equation
(2), or as the ratio of ultimate joint strengths when the
chord stress is applied (Nn) and not applied (Nn=0).
Therefore Qf, or chord stress function, represents joint
strength reduction caused by the chord stress.
N
Qf  n
(2)
N n 0
It should be noted that in general, the ultimate strength of
a tubular joint is determined as the preceding one between
the ultimate load and the load corresponding to the joint
indentation limit equal to 3% of the chord diameter (or 3%
d0) (Wardenier et al., 2008). However, as can be seen in
Figure 3, joints with extremely thin chord included in the
FE analysis mostly showed too flexible behavior such that
the load at the 3% indentation limit could not represent the
ultimate state of the joint. Therefore, in discussing the
analysis results, the peak load was regarded as maximum
strength with neglecting the 3% indentation limit.

Figure 2. Loads considered for FE analysis
Material and geometric properties of numerical models
are presented in Table 2. Two steel grades, HSA800 as a
high-strength steel and SM490 as a mild steel, were
considered. Measured yield stresses (Fy) of HSA800 and
SM490 were 715.3 and 338.4 MPa, respectively.
Among geometric parameters, brace-to-chord diameter
ratio (β) and chord diameter-to-thickness ratio (2γ) were
considered important (see Figure 1 for the definitions of β
and 2γ). β values of 0.5 and 1.0 were chosen. The joints
with β = 0.5 and 1.0 are expected to exhibit failure modes
completely different from each other; while joints with β
= 0.5 generally fail due to overall plastification of the
chord section (chord plastification), compressive bearing
and buckling at the chord sidewall is more involved when
β = 1.0 (combined chord plastification and chord sidewall
buckling) (Kim and Lee, forthcoming). The 2γ values used
in the analysis varied from 20 to 80. Although the
applicable range of 2γ specified in design standards is
generally 2γ ≤ 40 (e.g., ISO 14346), much slenderer
cross-sections up to 2γ = 80 were also included to

Figure 3. Determination of joint strength
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compression on chord is less than that of SM490 joints
when HSA800 joints and SM490 joints have same crosssectional slenderness.
Figure 5 shows the deformed shapes of analyzed joints
with β = 0.5 and 2γ = 40. Although the two joints have the
same geometry (2γ = 40), the cross-section classification
of the chord is different; Class 2 (compact) for SM490 and
Class 4 (non-compact) for HSA800. However, as shown
in Figure 5, local buckling is driven near the joint even in
the compact SM490 chord. Certainly, the occurrence of
local buckling impairs the load bearing capacity of the
joint. The negligible strength difference in joints having
Class 2 and Class 4 chord, as observed in Figure 4, may
be explained by this local buckling behavior.

Chord stress effect on non-compact section HSA800 and
SM490 joints are compared in Figure 4; chord stress effect
is presented with different criteria for the same analysis
database as shown in Figure 4(a) and Figure 4(b).
Figure 4(a) shows 2 variation of Qf depending on steel
grade and 2γ. For β = 0.5, Qf is almost linearly reduced for
both HSA800 and SM490 joints as 2γ increases. For β =
1.0, The chord stress effect remains almost constant
regardless of chord section compactness and chord yield
stress. HSA800 joints show higher values of Qf, or smaller
strength reductions under axial preloading for both β = 0.5
and β = 1.0. It can also be verified in Table 3, which
provides specific values of Qf and Qf difference between
HSA800 and SM490 for a particular 2γ for each section
(A), (B), and (C) in Figure 4(a).
Figure 4(b) illustrates Qf for HSA800 and SM490 joints
depending on the class-specific areas (Class 1, 2, 3, and 4)
by dividing Eurocode cross-sectional class limit equation
(ε2) into 2γ. As shown in Figure 4(b), even if crosssectional slenderness for HSA800 joints and SM490 joints
is identical, cross-sectional class (specified in Eurocode)
corresponding to HSA800 is much more disadvantageous
than that of SM490. Nevertheless, for both β = 0.5 and β
= 1.0, strength reduction of HSA800 joints due to axial

4. Conclusions
To investigate the influence of section compactness on the
chord stress effect in high-strength steel CHS X-joints, the
chord stress effect in high-strength steel joints was
compared with that of mild steel joints by varying key
cross-sectional slenderness. For thirty-two combinations
of the geometric parameters β and 2γ, numerical analyses
were conducted on X-joints under brace compression after

(A): Both HSA800 and SM490 joints comprise compact chord.
(B): Only SM490 joints comprise compact chord.
(C): Both HSA800 and SM490 joints comprise non-compact chord.

(A): Class 1

Figure 4(a). Chord stress effect depending on steel grade
and cross-section slenderness (2γ)

(B): Class 2

(C): Class 3

(D): Class 4

Figure 4(b). Chord stress effect depending on steel grade
and cross-section slenderness (2γ/ε2)

Figure 4. Chord stress effect depending on steel grade and cross-section slenderness

Table 3. Chord stress functions (Qf) obtained from FE analysis (n = -0.9)
 = 0.5

 = 1.0

2γ HSA800 SM490 Difference HSA800 SM490 Difference
20

0.613

0.501

18%

0.917

0.829

10%

40

0.502

0.433

14%

0.912

0.843

8%

80

0.346

0.348

0%

0.875

0.834

5%

Figure 5. An example of local buckling
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pre-loading the chord by a very high axial compression.
The results are summarized as follows:
• For chord face plastification limit state (β = 0.5), the
chord stress effect for both high-strength steel joints and
mild steel joints increases almost linearly as the crosssectional slenderness increases.
• For chord sidewall failure limit state (β = 1.0), The chord
stress effect in both high-strength and mild steel joints is
rarely influenced by the change of cross-sectional
slenderness.
• Overall, for both chord plastification and chord sidewall
failure limit states, the joint strength reduction due to the
axial preload was smaller in high strength steel joints,
implying that current chord stress function developed
based on mild steel joints would be conservative for highstrength steel joints.
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Abstract
In welded tubular joint studies, finite element (FE) analysis has become an essential research tool as a supplement to
costly experimental testing. FE analysis has also enabled in-depth investigations into the behavior of tubular joints with
complicated geometries and loading which are otherwise very difficult to tackle. However, numerical modeling and
discretization of tubular joints into finite elements in good shape are often quite challenging compared with other types
of joints (e.g., beam-column connections with wide flange shapes) due to the curved geometry and three-dimensional
weldment. Therefore, manually modeling every tubular joint demands a lot of time and effort and is not feasible for
extensive parametric analyses. This paper introduces an automatic FE generation code developed by the authors. The
strategy devised to model different joint configurations in a consistent manner is presented. Detailed features including
modeling of weld shape and initial geometric imperfection are explained. Possible applications using the developed FE
generation code are suggested.
Keywords: Tubular joint, Finite element, Welded connection, Numerical modeling, Automatic mesh generation
1. Introduction

generation is required for an extensive parametric analysis.

Finite element (FE) analysis has become an essential part
of tubular joint studies. Although laboratory testing should
be the primary and most reliable source of research data,
it is expensive and the amount of experimental data is
usually very limited. FE analysis is much cheaper than
physical testing, enabling feasible attainment of extensive
database. It has become a common practice to utilize FE
analysis to supplement limited test data and generate the
database covering a broad range of geometric parameters
and loading conditions (e.g., Kim and Lee, 2021a).

For a series of numerical studies, the authors have
developed an automatic FE generation code. It seems
some previous studies also employed automatic
generation features into their FE modeling, but the
detailed modeling strategy has rarely been reported (Qian
et al., 2002). In the present paper, the authors tried to
introduce the step-by-step procedure and share the key
idea of their automated tubular joint modeling.

(a) CHS joint

2. Automatic procedure of FE modeling
For the application of the automatic modeling technique,
first, the tubular joint in consideration has to be divided
into several unit joints, as shown in Fig. 2. Each unit joint
includes a half of a brace member, and a fraction of the
chord member segmented based on the cut planes of the
braces. Once the parameters of the joint geometry and the
cutting planes for the unit joints are provided as the
modeling input, all subsequent procedures are
automatically fulfilled. A K-joint is presented in Fig. 2 as
an example, but the unit joints can be similarly defined in
a consistent manner for any other joint types.

(b) RHS joint

Fig. 1: Complex geometry of tubular joints

However, constructing FE models for tubular joints is
often technically challenging due to the complex
geometry; two examples are shown in Fig. 1. Highly
nonuniform geometries are usually formed along the
curved weld path on circular hollow section (CHS) (Fig.
1(a)) or near the corners of rectangular hollow section
(RHS) (Fig. 1(b)). Manually modeling each tubular joint
on one-by-one basis is no longer feasible when vast data

Each unit joint is partitioned into subparts, automatically,
such that a sound meshing can be achieved. The
configuration of the subparts is shown in Fig. 3. Every
subpart is made to be topologically hexahedral (i.e., cubic,
see Fig. 4), enabling regular meshing such that distorted
elements can be prevented.
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(a) Joint in consideration

(b) Unit joint

Fig. 2: Partitioning of a joint into unit joints

(a) Unit joint

(b) Subparts

Fig. 3: Partitioning of a unit joint to subparts

(a) Cubic subpart

(b) Non-cubic but topologically cubic subpart

Fig. 4: Subparts of topologically hexahedral shape

By assembling the subparts into a unit joint, and the unit
joints into the whole joint, an FE geometry for the
considered joint can be built. Either 8 or 20 node solid
element can be applied. The FE modeling is completed by
assigning proper boundary and loading conditions and
material properties to the FE assembly.

3. Special features, applications, and limitations

Analysis of the finished model can be performed via any
available FE analysis solver, once the information on the
FE joint model has been converted to a compatible format
with the grammar of the solver code.

As shown in Fig. 5(a), oversized welding, which is often
used in practice, can easily be modelled with the
automatic code because the weld shape is parameterized
and represented simply by the leg size and convexity. The

The automatic FE generator can consider some special
features of tubular joints which otherwise are very
difficult to model through commercial graphical user
interfaces (GUIs). Examples are illustrated in Fig. 5.
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(a) Freedom in weld modeling

(b) Multiplanar joint modeling

Fig. 5: Special features of the automatic FE generator

(a) Imperfection due to member misalignment

(b) Deformed shape under member misalignment (half model)

Fig. 6: A possible pattern of initial geometric imperfection and its modeling

code is also capable of modeling the prequalified
complete joint penetration (CJP) weld according to AWS
D1.1 (AWS, 2020). The automatic generator can cover not
only simple uniplanar geometries as in the case of Fig. 2,
but also much complicated multiplanar joints with a
number of branches as shown in Fig. 5(b). Further, initial
geometric imperfection can be incorporated explicitly by
adjusting the spatial coordinates of associated nodes (see
Fig. 6). Taking advantage of this feature, the effect of
different patterns of initial geometric imperfection on the
behavior of tubular X-joints have been efficiently
investigated by the authors (Kim and Lee, 2021a, b).

based strength prediction model (Kim et al., 2021).

Automatic generation of FE models also enables the
efficient generation of huge amount of data when seeking
machine learning (ML) solutions as a new approach for
tubular joint research. Using the developed FE generation
code, the authors were able to efficiently generate nearly
4,000 load-deformation relationships of CHS X-joint, and
used them to establish an artificial neural network (ANN)-

The current version of the automatic code does not cover
overlap joints and joints with branch plate or I-section
brace. Updates are on-going.

Automated FE generation can be employed in
constructing an advanced global-level analysis model for
a whole tubular structure. It would be possible to build FE
geometry for every different local joint in the tubular
structure by using automatic code, while the tubular
members sufficiently away from the joints can be
modelled as a simple beam-column element. The
advanced model would be useful when the relationship
between global deflection and local joint flexibility has to
be investigated.
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4. Summary
An automatic finite element (FE) generation code for
tubular joint modeling was introduced. The automatic
modeling procedure including the concept of partitioning
of the geometry, meshing, and assembling was presented.
Advantages and possible application fields of the
developed code were discussed.
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Abstract
Bamboo is a renewable material with abundant resources and short growth cycle. Reciprocal structure is one kind of
three-dimensional structure, which is made of three or more sloping beams that support each other along their span. The
new structure system, reciprocal bamboo structure with bolt-steel pipe joints, can bring together the advantages of
bamboo material and the reciprocal frame. With the new joints that consists of short steel pipes, bolts, nuts, steel strips and
steel plates, the connection in the structure system can be assembled in a convenient and efficient way. This project is
based on the experiment of bamboo reciprocal structure designed by team of professor Rodolfo Lorenzo. The research
object is the structure consists of three bamboo poles and three bolt-steel pipe joints. Based on the test specimen, the finite
element model is built to analyze the relationship between the parameters and the displacement. Studying the finite
element simulation process of this experiment can contribute to the effective prediction of the deformation characteristics
of this new structure.
Keywords: FEM, Bamboo Structure, Connections, Reciprocal structure
efficient way.

1. Introduction
The Bamboo is a renewable material with abundant
resources and short growth cycle. With the low-carbon
and environmentally-friendly green building getting more
and more popular around the world, the bamboo structure
has received extensive attention. Great progress has been
made in the study of bamboo structures. (Yuming &
Chaomao, 2010) Bamboo construction is the structure of
the original bamboo material. Bamboo structure contains
various basic structural forms such as beams, trusses,
arches, pillars, cage structures, etc. (Paraskeva,
Grigoropoulos, & Dimitrakopoulos, 2017) (Rizzuto &
Larsen, 2010) Modern bamboo buildings have an infinite
variety of structural forms. At present, the common
connection methods of bamboo structures are rope
binding, connecting with nails, notched connection, steel
member connection and steel plate connection, which
makes the internal force analysis of bamboo building bars
difficult, and the bamboo structure is mostly used in
temporary buildings. (Nan & Wenfeng, 2008)
Reciprocal structure is one kind of three-dimensional
structure, which is made of three or more sloping beams
that support each other along their span. (Pugnale &
Sassone, 2014) Reciprocal structure has beautiful mesh
patterns which is loved by the architect. This kind of
connection between two members avoids the intersection
among too many members that intersect to a single point
and also make it easy to connect two members together,
which reduces the connection complexity.
The new structure system, reciprocal bamboo structure
with bolt-steel pipe joints, can bring together the
advantages of bamboo material and the reciprocal frame.
With the new joints that consists of short steel pipes, bolts,
nuts, steel strips and steel plates, the connection in the
structure system can be assembled in a convenient and

2. Experiment information
This project is based on the experiment of bamboo
reciprocal structure designed by team of professor
Rodolfo Lorenzo. Rodolfo's research (Lorenzo &
Mimendi, 2019) introduced the details of digital
workflows to quantify the inherent geometric variability
of bamboo as part of a new quality assurance process for
this natural structural element.

Figure 1. Rhino model and solid model comparison
The reciprocal bamboo structure in this study consists of
several bamboo poles and bolt-steel pipe joints. This
structure is built according to the Rhino model. (Figure 1.)
The model in Rhino used the results from 3D scanning
and it reflects the true shape and curvature of the bamboo
poles and provides the location of the joint. Figure 2.
shows the position of the test piece in the structure system.
The serial numbers of these three bamboo poles are B8,
B12 and B13.
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observe the relative deformation inside the connection.
3. FEM analyses
Based on the test piece, the finite element model is built to
analyze the relationship between the parameters and the
displacement. According to the bamboo cross-section
data obtained by 3D scanning, the section properties of
the bamboo poles can be defined in the FEM model. By
defining all the element sections of the three bamboo
poles in this way, the model of bamboo poles with a
variable cross section can be obtained. Since the load
value in this experiment is 1000N, within the range of
elastic deformation, the material is defined as an isotropic
elastic material. The specific settings are based on the
material test conducted in UCL Here East.
In the finite element simulation, a 1-bar connection was
first used to simulate the joint, in order to preliminarily
study the influence of its diameter on the structural
deformation. Subsequently, a 4-bar connection model was
established to obtain more accurate simulation results. In
the 4-bar connection model, the elements representing the
bolts use the cross-section data of the bolts in the actual
connected joint members of the experiment test piece.

Figure 2. Position of the test piece
The placement of experiment is illustrated in Figure 3.
The Bolt-steel pipe joint (Figure 3.) consists of 4 bolts, 16
steel pipes, 8 steel strips, 8 steel sheets and 16 nuts. The
four bolts are distributed at four corners perpendicular to
the two bamboo poles. The length of the bolts can be
adjusted to accommodate connections at different
distances. The steel strip is fixed to the surface of the
bamboo, and the middle steel sheet is connected to the
steel strip so that the bolt-steel pipe part is in close contact
with the surface of the bamboo. The two steel pipes are
directly tangential to the bamboo, which further
strengthens the connection between the bamboo and the
joints. The nut prevents the steel pipe from sliding up and
down on the bolt.

Figure 3. The placement of experiment and bolt-steel pipe
joint

Figure 4. Experiment results

Three bamboo poles are supported with footholds that
only allow the bamboo poles to move along the direction
of the span. The position of the support corresponds to the
location where the three bamboo poles are connected to
other components in the Rhino model. Among them, the
support parts of B8 and B13 are set with the observation
points to record the position before and after loading. In
this three-bamboo pole structure, the support of B12 and
B13 is placed at the top of the bamboo pole (the thinner
end), and the support of the B8 is placed at the bottom end
(the thicker end). There are 11 observation points on the
span of bamboo poles.
The loading device is Mts C45.The direction of the load is
vertically downward. The load acts on the connection area
of B12 and the load value is 1000N. Two wooden blocks
are placed above the loading area, the shape of the
wooden block is cut to fit the curvature of the surface of
the bamboo to ensure that the pressure does not
concentrate at a point causing local damage. Several
observation points are placed on the connection to

The accuracy of the finite element simulation is measured
by the error rate, as shown in Figure 4. The abscissa in
these charts refers to the number of observation points on
the bamboo poles, and the ordinate is the error rate. The
error rate is calculated by comparing the results of the
finite element simulation with the experimental results
extracted from Rhino. The average error rate of the total
displacement and the vertical displacement are 34.651
and 36.101, respectively. Overall, it is not a very accurate
simulation. The reason for this phenomenon is that the
displacements of the surface points are taken in the
experiment but the finite element simulation is based on
the ideal center of the poles. As can be seen from the
graph, in three intervals, 1-4, 5-8and 9-11, the error rate
has dropped significantly. The observation points in these
three intervals are arranged from bottom to top, and the
displacement values get larger along the span. Therefore,
it can be inferred that the coordinates of the surface
observation point are closer to the center line of the
bamboo in these positions, so the result obtained by the
finite element simulation is more accurate.
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To establish the relationship between the vertical
displacement (Uz) on the loading area and the bolt
diameter(d), different bolt diameters are applied in the
1-bar connection model. With the data obtained from the
repeated loading and simulation process in FEM, we can
get the relationship curve as shown in Figure 5. The
vertical displacement at the loading point decreases as the
diameter of the bolt increases. The reduction of the
displacement is continuously reduced and the end of the
curve approaches a horizontal line.

FEM model. As can be seen from the difference between
the three curves, the four-bar model produces a larger
displacement and is closer to the actual measurement
results.
4. Conclusions
The following conclusions can be drawn from the above
analysis:
In the part with larger structural deformation, FEM
simulation can obtain more accurate results, which is due
to the limitation of the measurement method. As the
stiffness of the joint increases, the structural deformation
gradually decreases and tends to be stable. Therefore,
choosing suitable joints can improve the economics of the
structure.
The finite element model of the tested bamboo reciprocal
structure has a proper correlation with the experimental
results, but further experiments are needed to improve this
model. Since the experimentally measured displacement
points are few, and the results obtained by the finite
element model are continuous and complete, more
accurate experimental data is needed if the relationship is
to be studied more in depth.

Figure 5. Uz-d relationship of bolted connection model
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Figure 6. Uz comparison of B8
The abscissa in these charts refers to the number of
observation points on the bamboo poles, and the ordinate
is the displacement. As can be seen in the Figure 6, the
trend of the three sets of data is roughly the same. The
initial displacement value at the first point is positive,
indicating that this part has a reverse displacement with
the pressure applied to the center of the structure. The
second point is at the position of the support. It can be
seen that the displacement of the support obtained by the
finite element simulation under ideal conditions is 0, but
in reality, the experimental test point is not located at the
center of the support, so there was a small displacement.
The part above the support has a downward displacement,
and reaches a maximum at two points of 7 and 8, where
the joint connects the B8 to B12. This result shows that
the load transferred at the joint is well predicted in the
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Abstract
In thus study, a solid specimen, a specimen with circular web openings, and a specimen with circular and rectangular web
openings were evaluated for the role of the shape of web opening. In most of the specimens, the beam flange yielded at
1.5% of the story drift ratio, and the beam web yielded at 2%. Beam flange buckling occurred at a story drift ratio of 4%,
along with lateral torsional buckling (LTB) and beam web buckling. The specimen with circular web openings showed a
higher capacity in terms of the normalized moment and higher total plastic rotation compared with the specimen without
web openings. All the specimens were found to satisfy the performance requirements of the special moment frame of the
Korean Design Standard (KDS 14 31 00).
Keywords: Web Openings, Seismic performance, cyclic loading, Special moment frames (SMF)
1. Introduction
Northridge earthquake in 1994 and Kobe earthquake in
1995 caused brittle fracture in beam-column connections
of steel structures. Subsequently, studies on reinforcement
using rib or haunch to move the point of plastic hinge
occurrence away from the beam ends to improve seismic
performance of the connections as well as on inducing
occurrence of plastic hinge by cutting a part of the flange
have been conducted. This study evaluated the seismic
performance of beam-column connections of the steel
structure by applying perforated beam system to a large
beam with 900 mm depth.

when either a fracture occurred, resulting in a significant
loss of specimen capacity, or after a story drift ratio of 6%
was reached.
Table 1. Test parameters
Opening
CH
RH
Column
ratio
Solid

-

-

-

C500

500

-

0.56

Beam

HH428x407 900x300
x20x35 x16x28
(SHN
(SHN
355)
275)

C500400x
0.56/
500
R400
800
0.44
1) C : Circle opening
CR : Circle opening + Rectangular opening
2) CH refers to the diameter of circle opening and
RH refers to height x length of the rectangular
opening
3) Opening ratio is calculated with d/CH, d/RH

2. Experimental Programs
All specimens were comprised of H-900×300×16×28
beams of SHN 275 steel and H-428×407×20×35 columns
of SHN 490 steel. The shape of the specimen is shows in
Figure. 1, and the list of the specimens are shown in Table
1.
The location of circle opening was set at the point where
the plastic hinge seems to be easily induced compared to
required strength and load-carrying capacity. The
rectangular openings were designed based on AISC, and
clear distance between two openings were received to
reflect in the design. Around of the rectangular openings
were reinforced with vertical and horizontal stiffener.
Figure 1(d) shows a schematic view of the test set-up. As
shown in Figure. 1, the column of specimen was pinned to
the wall, and the free end of the beam was connected to
the actuator for cyclic loading. Lateral supports were
provided to prevent out-of-plane instability and twisting
of the beam. The specimens were tested by application of
a prescribed quasi-static cyclic story drift history based on
the loading protocol defined in Section S6.2 of the AISC
seismic provisions (AISC, 2010). A test was terminated

(a) Solid

(b) C500

(c) C500-R400
(d) Test setup
Figure 1. Examples of Specimen
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Specimens

Initial
stiffness

Solid
C500
C500-R400

9.30
9.88
9.21

Table 2. Summary of test results
Yield point
Maximum strength
Displacemen
Displaceme
Load
Load
t
nt
(kN)
(kN)
(mm)
(mm)
804.32
94.23
871.52
193.17
773.34
76.67
835.77
174.15
797.51
99.35
865.28
182.93

Moment-Rotation angle
M/M p

Story drift
(θ)

1.33
1.41
1.46

0.0387
0.0349
0.0366

1) The initial stiffness was obtained from through the first cycle of 0.375% story drift ratio.
2) The maximum strength is expressed as the average value in the positive and negative directions.
3) The value in parentheses is the value obtained by dividing the moment at column face by the M p at the plastic hinge.

opening at 4.0% story drift ratio. Here, the lateral torsional
buckling of the beam was included. Beyond 5.0%, the
load gradually decreased due to buckling, including lateral
torsional buckling. The maximum load was measured to
be lower than that of the B specimen, but it was evaluated
as high as approximately 6.0% when it was normalized
with the plastic moment (Mp) at the point of plastic hinge
occurrence. Therefore, it is concluded that the circular
opening has improved the ductility of the joint by playing
the role of a plastic hinge.
The C500-R400 specimen showed similar behavior to that
of the C specimen. The initial yield of the beam flange
occurred at 1.5% angle drift ratio, and that in the beam
web around the circular opening occurred at 2.0%. Beam
flange buckling was observed at 4.0% story drift ratio, and
beam web buckling and lateral torsional buckling
simultaneously occurred at 5.0%. Consequently, the load
was gradually reduced without breaking the large beamcolumn junction as observed in the C specimen,
demonstrating the increase in the performance criterion of
the special moment frame (SMF) required by the domestic
building seismic design standard (KDS 41 17 00).

Figure 2. The experimental results

4. Conclusions

In this study, repeated loading experiment was conducted
to evaluable seismic performance of beam-column
connections with the rectangular opening in a large beam.
All specimens were loaded with more than 0.05 rad that
satisfies the conditions of maximum story drift (0.04 rad)
according to the Korea Design Standard (KDS 41 31 00).
Flexural strength measured on the column face showed
more than 80% of full plastic moment (Mp) of the beam in
story drift with 0.04 rad, demonstrating satisfactory
performance of special moment steel.

Figure 3. Specimens at 6% story drift ratio
3. Analysis of Test Result and Investigation
The experiment results are shown in the Table 2, and
relationship curve of the load-displacement and the
moment measured at the column face is shown in terms of
normalized moment-story drift angle by considering
plastic section modulus at the point of plastic hinge
expression, as shown in Fig. 2
The C500 is a specimen with circular opening at 750 mm
away from the pillar surface of a solid specimen – a basic
specimen. The hysteresis behavior of the C500 specimen
was found to be similar to that of the B specimen. Initial.
yield was observed at the upper and lower flanges of the
beam at 1.5% story drift ratio. Yield was observed around
the circular opening at 3% story drift ratio, and buckling
occurred at the upper and lower flanges of the circular

5. Reference
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and Local Buckling Behavior of H-Beams with Web
Opening under Cyclic Loadings.” Journal of Korean
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Abstract
This study aimed to evaluate the seismic performance of deep steel beams with rectangular openings. Test results showed
that beam flange yielding was initially observed at a 1.5% story drift ratio, and this was followed by web yielding at a
2%~3% story drift ratio for most specimens. Then, beam flange buckling was observed at 3%~4%, followed by lateral
torsional buckling. All specimens were tested until they reached a 6% story drift ratio, and at this stage, beam flange
fracture was observed for specimens with a single rectangular opening. Normalized moment and total plastic rotation of
beams with double rectangular openings showed a higher capacity when compared with those of solid specimens. All
specimens were found to have the seismic performance of Special Moment Frames as specified by the steel structure
Korea Design Standards
Keywords: Web Openings, Seismic performance, cyclic loading, Special moment frames (SMF)
opening ratio, shear strength, moment limiting,
combination ratio and dimension limiting of the
maximum opening. Curvature (r-32) was applied at the
edge of the opening to prevent stress concentration.
A specimen with a single reinforced rectangular opening
was designed so that the same total plastic moment as that
applied to the existing beam could be applied to the
specimen, and the rectangular opening was set at a
distance of 2000 mm from the column face.
Specimens with double rectangular openings were
designed similarly to specimens with a single rectangular
opening, but with one additional rectangular opening, and
specimens that included a plastic hinge expression point
were constructed by cutting part of the reinforcing plate.
The starting point of the second rectangular opening was
set at a distance of 500 mm from the column face.

1. Introduction
Recently, as buildings have become larger and longer, the
demand for steel structures has been increasing in the
construction market due to the various advantages of steel.
If a large beam is used and pipes are installed under the
beam, an increased height is required. However, by using
a perforated beam system, it is possible to maintain the
desired overall height while also maintaining the stiffness
and expected flexible behavior of the connection. Extant
research on perforated beam systems in Korea is not
sufficient. Therefore, this study was performed to evaluate
the seismic performance of large beams with rectangular
openings.
2. Experimental Methods
All specimens comprised H-900×300×16×28 SHN 275
steel beams and H-428×407×20×35 SHN 490 steel
columns. Each specimen was designed to satisfy the panel
zone strength requirements listed in the AISC seismic
provisions. To prevent damage, the strong column-weak
beam criteria was satisfied by having the ratio of the sum
of the column’s nominal flexural capacity ∑ 𝑀𝑝𝑐 to the
sum of the beam’s expected flexural capacity ∑ 𝑀𝑝𝑏
equal to a value greater than 1.0 for each specimen.
Rectangular openings followed AISC design procedures,
had dimensions of 400 × 800 mm and satisfied the

Specimens
Solid
SR
SR_US
DR
DR_CUT

Opening
shape
Single
Single
Double
Double

SR
DR
Fig 1. Actual view for cyclic tests

Table 1. Test parameters
Form of reinforcement

Column

Beam

Horizontal, Vertical
Vertical
Horizontal / Horizontal, Vertical
Cut horizontal parts / Horizontal, Vertical

H-428×407×
20×35
(SHN 355)

H-900×300×
16×28
(SHN 275)
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Specimens

Initial
stiffness

Solid
SR
SR_US
DR
DR_CUT

9.30
9.81
9.36
10.65
9.53

Table 2. Summary
Yield point
Load
Displacement
(kN)
(mm)
804.32
94.23
805.48
80.85
810.88
86.85
819.92
91.67
758.62
87.68

of test results
Maximum strength
Moment-Rotation angle
Story drift
Load
Displacement
M/M p
(kN)
(mm)
(θ)
871.52
193.17
1.33
0.0387
910.13
196.28
1.38
0.0391
883.35
195.16
1.35
0.0390
898.43
211.21
1.37
0.0458
817.44
190.69
1.33
0.0381

1) Initial stiffness is obtained through the first cycle of 0.375% story drift
2) Maximum strength is expressed as the average value in the positive and negative directions.
3) Value of M/M p and story drift (θ) is expressed with average value calculated at the point of maximum strength.

Solid

SR

Load-Displacement Envelope Curve
DR
Fig 2. Normalized moment against story drift ratio

SR_US

DR_CUT

solid specimens, and the plastic moment capacity of
beam-column connections were not affected by the
presence or absence of vertical stiffener. DR specimens
with double rectangular openings had a slightly increased
moment value compared to that of solid specimens, and
the DR_CUT specimen, which included a partially cut
horizontal stiffener to simulate a plastic hinge, was found
to be very similar to solid specimens.
4. Conclusions
In this study, repeated loading experiments were
conducted to evaluate the seismic performance of beamcolumn connections with rectangular openings in large
beams. All specimens satisfied the Korea Design Standard
requirements for special moment frames.
5. Reference
Heo, J. M., Jeong, J. H., Kim, J. M., and Joo, K. J. (2001).
“A Study on Reinforcing Efficiency of short Length Hshaped Steel Beams with a Rectangular Web Opening.”
Architectural Institute of Korea, 10, pp. 281-284
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Research Foundation of Korea with funding from the
government (Ministry of Education) in 2018

3. Experimental Results
Experimental results are summarized in Table 2. Initial
yield occurred in the upper and lower flange of the beam
at 1.5%~2.0% of story drift for all specimens.
Subsequently, the flange yield range increased, and then
web yield occurred at 3.0% of story drift. Furthermore,
buckling occurred at the flange at 4.0% of story drift, and
distortion was observed along with web buckling at
4.0%~5.0%.
Specimens with rectangular openings exhibited a similar
performance to that of solid specimens, and both were
found to have similar seismic performances regardless of
the presence of vertical stiffener. Experiments on the
specimens with single rectangular openings were
terminated when rupture occurred at the beam-end rather
than around the opening.
DR and DR_CUT specimens with double square openings
were designed to examine the seismic performance of
beam-column connections according to the continuity of
the openings, and these specimens exhibited a similar
seismic performance to that of the Solid specimen
regardless of whether the horizontal stiffener was cut.
The relationship between the beam normalized moment at
the column face and the specimen story drift is shown in
Fig. 2. Even after nondimensionalizing single rectangular
opening specimens, the results were similar to those of
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Abstract
Recently, numerical studies on the ultimate strength and the fracture mechanism have been conducted considering the
material ductile damage evolution in the development of a finite element analysis model for structural members based on
the experimental results. Most of existing research has focused on the behavior of materials and members of hot-rolled
and cold-formed carbon steel. Especially, material ductility parameters (stress triaxiality and fracture strain) were
determined based on the carbon steel tensile coupon tests for the analysis model of bolted connections and the validity of
the analysis results was verified.
In this study, a finite element analysis for lean duplex stainless steel (STS329FLD) single shear bolted connections has
also been performed considering ductile damage model and an isotropic hardening. An analysis model method for
predicting the fracture mechanism of the bolted connections with reasonable accuracy was developed through the
comparison of the analysis and test results. Moreover, the applicability of the current design specifications and the
proposed equations of previous studies for the fracture mode and ultimate strength of lean duplex stainless steel double
shear bolted connections with extended variables were investigated.
Keywords: Duplex stainless steel, Bolted connection, Ductile damage model, Material ductility parameters, Finite
element analysis
shown in Table.1 and it is known that they meet the
minimum requirements of KS standards (yield strength
( 𝐹𝑦 ) 450 MPa, tensile strength ( 𝐹𝑢 ) 220 MPa and
elongation rate (EL) 30%.

1. Introduction
Recently, numerical studies on the ultimate strength and
the fracture mechanism have been conducted considering
the material ductile damage evolution in the development
of a finite element analysis model for structural members
based on the experimental results. Most of existing
research has focused on the behavior of materials and
members of hot-rolled and cold-formed carbon steel.
Especially, material ductility parameters (stress triaxiality
and fracture strain) were determined based on the carbon
steel tensile coupon tests for the analysis model of bolted
connections and the validity of the analysis results was
verified.
In this study, finite element (FE) analysis for the
previous test specimens for bolted connection in lownickel duplex stainless steel (STS329FLD) was performed.
The tensile test results of the bolted connection were used
to conduct the finite element analysis with material
damage model.
The purpose of this paper is to present an analytical
model method for predicting the fracture mechanism of
lean duplex stainless steel bolted connection, and to
compare and analyze the results of the test with the results
of the material damage model.

Table 1 Tensile coupon test results
Actual
Elastic Yield
thickness modulus stress
Coupon
𝐹𝑦
E
𝑡𝑒
[mm]
[Gpa]
[Mpa]
STS3293.11
192.75 492.95
3T_5

Tensile Yield Elongastress Ratio
tion
𝐹𝑦 /𝐹𝑢
EL
𝐹𝑢
[%]
[Mpa] [%]
727.44 28.31

53.22

Single shear bolted connection fabricated with duplex
stainless steel STS329FLD with 3.0mm thick plate and
12mm diameter bolt was tested. As a result of the
experiment, all specimens were occurred as the shear-out
fracture, (S) and no curling; i.e., out of plane deformation
in the plate thickness direction was observed.
3. Material ductile damage model
The present work used the procedures suggested by
Elliott and Teh (2019) for the material ductile damage
criteria. Since there is no shear material test data in the
existing study, the material model applied by the above
researchers is chosen.
Based on material test data, the material ductile damage
model was displayed Fig. 1.

2. Summary of existing test results
In existing test, the results of the material test (KS B
0802) for monotonic tensile coupon (KS B 0801) are
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Figure 2 Fracture shape comparison in test and FEA with
damage model (Shear-out fracture)
it will be necessary to investigate the transition of the
shear-out fracture for end distances in single shear lean
duplex stainless steel bolted connection thorough
additional experiment and analysis with extended
variables

(a) Ductile damage parameter
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Foundation of Korea (NRF) funded by the Ministry of
Education (No. NRF-2018R1D1A1B07042021) and the
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(b) Ductile damage evolution

7. References
Bak, J. M., Kang, Y. S., Kim, T. S. (2020). “An
Experimental Study on Structural Behaviors of Single
shear and Double Shear Bolted Connections with
Duplex Stainless Steel (STS329FLD).” Proceedings of
the Annual Conference Korean Society of Steel
Construction, 31 (1), pp. 25-22 (in Korean).
Korean Agency for Technology and Standards, Korea
Industrial Standards (KS), KS D 3298 Cold rolled
stainless steel plates, sheets and strip, Seoul.
M.D. Elliott, L. H. Teh. (2019) “The Whitmore tension
section and block shear.” J. struct. Eng. 145 (2)
04018250.
Hong, J. H., Kim, T. S. (2020). “Numerical Analysis on
Structural Behaviors of Single Shear Two-Bolted
Connection with Lean Duplex Stainless Steel.” Journal
of Korean Society of Steel Construction, 32 (2), pp. 7584 (in Korean).
Cho, Y.H., Teh, L.H., Ahmed, A., Young, B. (2021)
“Material ductility and temperature effects on block
shear capacity of bolted connections”. J. Construct.
Steel Res, 102421.

Figure 1 Ductile damage criteria
The damage parameter defined in the material test data
is set to gradually reduce the stiffness of the material of
the element to 99%.
4. Validation of the analysis model
The finite element analysis results of material damage
model were compared with the previous test results, as
shown in Table 2 and Fig 2. The ultimate strength ratio of
SD1T30B20E30 was 0.98 and the fracture mode was
consistent with test fracture mode.
Table 2 comparison of analysis results and test
data
Actual Experiment Analysis
thick
ultimate ultimate Strength
strength strength
-ness
ratio
Specimen
𝑃𝑢𝑒
𝑃𝑢𝑎
𝑡𝑒
𝑃𝑢𝑎 /𝑃𝑢𝑒
[mm]
[kN]
[Mpa]
SD1T30B20E30 3.11
73.30
71.82
0.98

5. Conclusions
In this study, finite element analysis procedures were
developed based on the existing test results and previous
material ductile damage criteria for duplex stainless steel
bolted connection with shear out fracture. In near future,
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Abstract
Steel structures strengthened with CFRP composite may have many deterioration issues. Moreover, the treatment of steel
surfaces and the deterioration of composite material will affect the bond strength of the CFRP-steel joint. In this study, the
bond strength of three different surface treatment methods: 1) bast, 2) steel brush, 3) disc grinder was discussed by a
pull-off test. The results showed that the blast treatment method can significantly improve the bond strength. The pull-off
test was also used to investigate the bond strength of smooth steel surface covered by primer, it is shown that primer can
improve the bonding strength between the steel surface and the adhesive. In order to study the deterioration of resin
matrix on the adhesion of carbon fabric-based wet layup system. The bonding strength of the CFRP-steel joint with or
without primer was discussed after the hydrothermal degradation test, and the degradation and decomposition
characteristics of the adhesive and primer were analyzed by DSC and a pull-off test. The results showed that an
impregnation environment can greatly reduce the bond strength of the CFRP-Steel bonding surface, but the decreasing
trend of bond strength is no significant difference between distilled water and saltwater environment.
Keywords: surface treatment, pull-off test, immersion, deterioration
1. Introduction
In recent years, CFRP was usually used to reinforce steel
structures. One major drawback when it comes to using
CFRP composites for strengthening and repairing steel
structures is the lack of knowledge relating to the
long-term performance and durability properties of
CFRP/steel bonded joints. Particularly, adhesive
degradation is the most widely concerned problem.
Adhesive bonding has distinct advantages compared with
mechanical fastening techniques, such as easier assembly,
cost efficiency, and more uniform stress distribution.
However, several environmental parameters such as
moisture and UV radiation, are known to affect the
durability and deterioration characteristics of the CFRP
strengthened steel structures. A review of the literature
reveals that moisture is the most problematic substance
when it comes to the durability of adhesive joints with
FRP and metallic adherents [1]. Epoxy resin (ER) as the
most common type of polymer adhesive, is susceptible to
ambient humidity, and moisture diffusion can alter their
thermo-physical,
mechanical,
and
chemical
characteristics [2,3]. The modulus and strength of adhesives
are also known to deteriorate as a consequence of
moisture ingression. Especially in a hydrothermal
environment, it will cause irreversible damage to CFRP
composites. In this study, the effect of different surface
treatment methods and the influence of resin deterioration
on the bond strength between CFRP and steel was
discussed by tensile test. The DSC test and FTIR test
were used to investigate the effect of the hydrothermal
environment on the internal structure, such as the change
of glass transition temperature and the OH group content.

2. Experimental
2.1 Material
In this study, all the CFRP laminates were made by carbon
fiber sheet wetting layered using epoxy matrix. The
carbon fiber sheet was provided by Mitsubishi Chemical
Corporation named MRK-M2-20. The fabric thickness is
0.111 mm and the areal weight of 200 g/m2. The matrix is
a two-part epoxy provided by Mitsubishi Chemical
Infratec Corporation named Epotherm® resin (XL800).
XL-800 epoxy resin and hardener mixed with a weight
ratio of 4 to 1, and the standard usage is about 600g/m2,
for impregnation the carbon fiber sheet of areal density
200g/m2 in this study. Basic curing information of
XL-800 that was used for this study is shown in Table 1.
Following the supplier’s recommendations, the operating
environment of XL-800 resin should between 15°C to
35°C and the RH less than 85% on-site. In this study, the
CFRP laminates were curing at 35°C for 5 days.
The size of steel plate (JIS G3106 SM490A) used in this
test is 120 mm×60 mm×6 mm. In order to improve the
adhesion between CFRP laminates and steel surface, a
primer coating named E810L provided by Konishi
Corporation was used. E810L is also a two-part epoxy, its
resin and hardener mixed with a weight ratio of 5 to 2 and
curing at room temperature for 6 hours.
Table 1. Basic curing information of A/B mixed XL-800
Ambient temperature
15℃
25℃ 30℃ 35℃
Viscosity (cps)
16000 11300 9630 7360
Gel time (min)
287
92
47
31
Tactile hardening time
13
8.5
7
5
(hrs)
Curing period (day)
14
7
5
5

373

2.2 Steel surface treatment
In this study, the initial state of the steel plate was milling
by an NC machine (cutting diameter: 50 mm, cutting
speed 215 m/min, revolutions per minute:1369 (rev./min),
blade material: cermet). After milling, three kinds of
surface treatments of steel plates were evaluated: 1) blast,
2) disc grinder and 3) steel wire brush. The blast treatment
used steel grit controlled with the pressure of 0.7 MPa for
at least 20s with a distance of 300 mm. Disc grinder
treatment used an electric rotating disk sander (grit size
120 coarse), rotated grinding evenly for at least 120s. All
the prepared steel substrates were cleaned with
compressed air, the grease and impurities on the surface
were cleaned with acetone solution., as shown in Fig.1.
The light microscope was used to take the surface
properties of the three types specimens and a laser
microscopy (Olympus OLS4500) was used to measure the
line roughness in a narrow area of 10 mm × 0.6 mm of
three types prepared steel specimens with high power
lens.

speed was performed at quasi-static 0.5 mm/min. Before
the test, the surface of CFRP laminates was polished with
#120 sandpaper to increase the adhesion. After the
residual grinding particles on the resin, the surface is
removed with adhesive tape, wiping the dolly (Aluminum
alloy, diameter: 20mm) surfaces with acetone solution to
remove impurities and grease. After preparing the
specimens, a uniform vertical compressive stress of 0.9
MPa was applied to the dolly and maintained for 30 min
to adhere it to the core area. A two-liquid epoxy resin
(Three Bond 2087) with a mixture of 1:1 was used as
adhesive for dolly bonding. Then, curing all dolly
specimens for 48 hours under 35℃. All pull-off tests were
repeated three times to obtain the average value of the
adhesion strength. There are three groups were tested,
specimens as summarized in Table 2.

CFRP

Steel plate

Primer

Fig.3. Specimens

Brush

Disc

Blast
Table 2. Specimens and test condition
Group
Condition
Specimen ID
Steel
Blast
Brush
substrate
With
Blast+P Brush+P
CFRP-Steel
primer
No primer
Blast
Brush
Immersion
Blast
Brush
in 3.5 wt%
(I)
(I)
NaCl aq
Aging test
Wet-dry
(No primer) cycles (JIS
Blast
Brush
K6857
(C)
(C)
Condition
F)

Fig.1. The treatments of steel surface
2.3 Aging test
In order to explore the influence of moisture and the
dry-wet cycle on resin deterioration, an immersion and a
dry-wet cycle test were designed. The conditions of the
dry-wet cycle test are shown in Fig.2. First, the test body
was soaked in 3.5% saline at room temperature for 48
hours, then it was taken out and put into a constant
temperature and humidity box to dry for 8 hours at 60℃,
then it was put into 3.5% saline again and soaked at room
temperature for 16 hours, and the cycle was 10 times.
3.5wt% NaCl aq
Impregnation,
room temperature, 48h

Dry
60℃, 8h

Disc
Disc+P
Disc
Disc
(I)

Disc
(C)

2.5 DSC analysis
In order to analyze the effects of moisture and wetting and
drying cycles on the resin matrix, the glass transition
temperature (Tg) of specimens in water absorption test
and dry & wet cycle test using a high sensitivity
differential scanning calorimeter (DSC). The DSC test
was carried out for a double temperature rise method,
measurement temperature between 0 and 200 (℃) and the
program speed is 20℃/min. The glass transition of resin
matrix in 3 cycles and 10 cycles was measured.

3.5wt% NaCl aq
Impregnation,
room temperature, 16h
10Cycle

Fig.2 Dry- wet cycle
2.4 Pull-off test
In this experiment, two kinds of specimens were made for
comparison, one is no primer between steel surface and
CFRP and another is coated with primer between steel and
CFRP, each specimen has one-layer CFRP, as shown in
Fig.3. Each specimen has three, respectively placed in
three different test conditions: 1) immersion in 3.5wt%
NaCl solution, 2) wet-dry cycle, 3) Unaged.
The Pull-off testing was performed using MSC-10/500-2,
which is a tension-compression testing machine, tensile

3.Results
3.1 Surface measurement result
The surface properties of the three types specimens taken
by light microscope with the magnification of 100 times,
as shown in Fig.4. Besides, the line edge roughness results
measure by LSCM were shown in Table 3. From the
results, in these three kinds of surface treatment methods,
blast can obtain a larger roughness of the steel surface.
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(a) Blast

(b) disc grinder
Fig.4. Surface properties of the three types treatment

Table 3. Line edge roughness results
Ra
RSm
Rzjis
Blast
10.03
266.3
56.5
Disc
0.741
261.9
5.79
grinder
Steel brush
1.434
376.0
9.59

strength of the interface. The pull-off tests were
conducted on the aging specimens after the immersion
and dry-wet cycle test of 10 days, the test result is shown
in Fig.7. Comparing with the unaged cases, the bond
strength reduction of specimens exposed in an immersion
environment was more evident than that of the dry-wet
group. Different steel surface cleaning methods would
also affect the deterioration of CFRP, that the Blast cases
show a minimum drop ratio of bond strength in both
dry-wet and immersion groups. Moreover, three kinds of
failure modes, which include (a) CFRP/dolly-adhesive
interfacial debonding, (b) CFRP delamination, and (c)
steel/adhesive interfacial debonding, were observed. Fig.8
depicted the typical failure modes for the specimens of the
unaged, dry-wet and immersion group, respectively.
Failure (a) and (b) were mainly observed from the unaged
group and immersion group, while failure (b) and (c) was
mainly observed from the dry-wet group. It can be
speculated that failure mode (b) occurs due to the CFRP
delamination, and the moisture penetration facilitated this
damage due to the epoxy deterioration. Failure (c)
happened in the dry-wet group, not only caused by the
moisture penetration, but also due to the corrosion of steel
base and thermal deformation difference at the interface.
The dry-wet cyclic exposure would lead to steel/adhesive
interfacial debonding.

3.2 Pull-off test results
Firstly, the pull-off test was carried out on the specimens
without and with primer coating, the results are shown in
Fig.5 and the failure mode photographs of specimens with
and without primer are shown in Fig.6. It can be seen
from the figure that a large amount of adhesive remains on
the steel surface-treated with the blast, while adhesive
peeling occurs on the steel surface treated by disc grinder
and steel brush. The result shows that pre-coating primer
can significantly improve the bond strength between steel
surface and reinforcement material. By improving the
wettability of epoxy resin on steel surface, the bond
strength of all specimens coated with primer is more than
10MPa. The bond strength of blast with and without
primer is almost the same. In the test group coated with
primer, the bond strength of disc and brush treated
specimens are lower than that of blast treated specimens,
indicating that even if coated with primer, different
surface treatment methods will also affect the bond

Fig.5. Pull-off test results on steel plate with and without
primer

(c) steel brush

Blast

Disc

Brush

Blast-P

Disc-P

Brush-P

Fig.6. Comparison of the failure modes of specimens with
and without primer

375

Fig.7. Comparison of the adhesive bond strength of
one-layer composite from unaged to aging specimens

DSC (mW/mg)

−0.2
−0.4
Tg (unaged)=60°C

−0.8
−1.0

40

60

80

100

Blast-C

Disc-C

Bush-C
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Heating rate: 20 (°C/min)

−1.2
20

Bush-I

treatments shows Brush < DS < Blast. Blast can
significantly increase the surface roughness of steel,
improve the bonding degree with a binder, so as to
improve the surface adhesion.
2. Pre-coating primer can significantly improve the bond
strength between steel surface and reinforcement
material.
3. After the moisture penetrated into the interface between
steel and CFRP, the bond strength of specimens exposed
in the immersion environment was degraded faster, and
the wet-dry cyclic exposure would lead to steel/adhesive
interfacial debonding.
4. The dry and wet cycle can significantly reduce the glass
temperature of the resin binder, thus reducing the bond
strength.

0.0

−0.6

Disc-I

Fig.8. Comparison of the failure modes of one-layer
composite from wet-dry aging to immersion aging group

3.3 DSC analysis result
The DSC analysis results of the resin matrix in dry-wet
cycle test were shown in Fig.9. In the initial state, the
glass transition temperature of the resin was at 60 ℃.
With the increase of the number of dry-wet cycles, the
glass transition temperature gradually decreased to 50 ℃
at 3 cycles, and finally to 41 ℃ at 10 cycles. The decrease
of glass transition temperature indicates that the internal
structure of the resin is destroyed, which is also the cause
of delamination in the tensile test. Considering the
presence of hydroxyl groups in epoxy, which can react
with water molecules to form weak hydrogen bonds. The
hydrophilic groups in epoxy are known to cause moisture
uptake[4], and resulting in swelling, plasticization and
decreasing of both strength and glass transition
temperature[5].

Tg (10cycle)=41°C

Blast-I

120

T emperature (°C)

Fig.9 DSC analysis result
4. Conclusions
1. The bond strength of the three types of steel surface
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Abstract
In order to study the free vibration characters of the curved steel-concrete composite beams, the free vibration model
experiments were conducted on six curved steel-concrete composite box beams with the curve radius and diaphragms
quantity as parameters. The spectrum of vibration waveform was analyzed by DASP V10 software for each beam, and the
former three orders of the vibration frequencies and vibration modes were obtained. At the same time, the finite element
model was employed for each beam by using ANSYS software, and the numerical results were satisfied well with the test
data. Both the experimental and numerical results indicate that, with the decrease of the curve radius, the first and the
second order of the vertical bending frequency all descent, but the second order of torsional frequency has little change;
with the increase of the shear connection degree, the frequency of each order all express a raising trend; the diaphragms
quantity has little influence on the free vibration frequency of the curved composite beams.
Keywords: curved steel-concrete composite beam; free vibration; model experiment; curve radius; diaphragm; shear
connection degree
this paper, the dynamic experimental research and finite
element analysis were conduct on six simply-supported
curved composite beams, and the influence of the curve
radius, diaphragms quantity, and the shear connection
degree on the free vibration characters was analyzed.

1. Introduction
Considering the economy and aesthetic, especially for the
high bearing capacity and torsional rigidity, the
steel-concrete composite box beams are usually chosen in
curved bridges. Compared with the reinforced concrete
beam, the dynamic effect of the steel-concrete composite
beam is more severe duo to its lighter weight, so it is
necessary to do more researches about the dynamic
characters of the steel-concrete composite beam.
The free vibration is an important and basic dynamic
character of the steel-concrete composite beam, for which
many researches have been done. Xu, Banerjee and
Biscontin analyzed the dynamic characters of the partial
connection composite by using Timoshenko beam theory;
Huang and Su deduced the orthogonal condition between
the mass matrix and the stiffness matrix for the partial
connection composite beam without considering the
damp; Banerjee et, al obtained the bending and torsional
dynamic stiffness matrix and the free vibration equation
by using Hamilton principle; Hou zhongming et, al
studied the influence of the shear connection degree on
the free vibration of the composite beam; Considering the
slip between the steel girder and concrete slab, and based
on the Euler–Bernoulli beam theory, Girhammar
developed the free vibration differential equation of the
composite beam; Kim compared the free vibration
characters between the steel-concrete composite beam
and the prestressed concrete beam by dynamic experiment
and finite element analysis.
The references listed above mainly researched the free
vibration characters of the composite beams by using
analytical method or finite element simulation, and most
of them were focus on straight composite beam. At
present the special research on curved composite beam is
still not enough, especially for the experimental data. In

2. Experimental research and finite element analysis
on the free vibration of the curved composite beams
2.1 Design of the experiment
Six test beams were designed with the curve radius and
the diaphragms quantity as parameters, see Table 1.
Table 1 Parameters of the test beams
Number

beam

l/m

r /m

l/r

N

1

SCB

6

CCB12
CCB13
CCB15
CCB25
CCB55

Straight
beam

5

2
3
4
5
6

Straight
beam

6

60

0.1

6
6

30
12

0.2
0.5

2
3
5
5
5

Where, L is the calculating span, r is Curve radius of the
beam, l/r is the span/radius ratio, and N is the number of
the diaphragms.
The dimension and material were the same for each test
beam. Each test beam had a box cross-section, a
simply-supported span of 6m and an overall length of
6.2m. The concrete slab was 700mm wide and 70mm
thick. The steel girder was 200mm high, with a bottom
flange of 400mm wide and 8mm thick, and two webs of

377

8mm thick. The steel girder and reinforcements were
fabricated from 235MPa steel, and the concrete slab
utilized C30 concrete.
The studs were used as the shear connectors, with the
diameter of 13mm and the height of 50mm. There were 34
studs arranged in a single line on the top of each web, and
68 studs in total. The dimensions of the test beams are
shown in figure 1, where the plan drawing belongs to
CCB25 which has a radius of 30m and 5 diaphragms.
1500

1500

1500

2.3 Test results
The free vibration frequencies and modes were obtained
using the DASP V10 software. The free vibration modes
of the former three orders are shown in table 2.
Table 2 Free vibration modes of the former three orders
No. The 1st order
The 2nd order
The 3rd order
SCB

1500

Central line of
the support

R30000

CCB
Diaphragm

Central line of
the support

From table 2 we can see that, the first and the third order
of the vibration mode are all vertical bending vibration
and almost the same for each test beam, where the first
order is symmetric (or named the first order of vertical
bending mode), and the third order is asymmetric (or
named the second order of vertical bending mode). The
second vibration mode of the straight test beam of SCB
expresses an approximate vertical bending mode with
small torsional angle, but for the rest curved test beams,
the second vibration modes are all symmetric torsionalbending mode in which the torsional component is
dominant (or named the first order of torsional mode).

(a) Plan view
100

15x100=3000/2

8x180=1440

180

60

100

1500

1500
6200/2

(b) Half elevation view
700
370

165

70

165

200

135

15

370
400

15

2.4 Comparison between numerical and experimental
results
The finite element (FE) model of each test beam was built
by using ANSYS software. The element type used in the
FE model was solid65 for the concrete slab, shell49 for
the steel girder, link8 for the reinforcements and
combin39 for the shear connectors. The combin39
element is a kind of spring element, which can define the
shear-slip correlation of the connectors through its
element constant. The longitudinal and transverse slip
between the concrete slab and steel girder were simulated
by two combin39 spring elements in each direction
respectively, and the vertical relative displacement was
ignored by coupling the correlative nodes in vertical
direction. The numerical results are shown in table 3.

(c) Cross-section
Figure 1. Dimensions of the test beams(mm)
2.2 Process of the experiment
The experiment equipment included a measuring system
(941B-type vertical accelerometers), a signal collection
system, and a DASP V10 software. There were 8 vertical
accelerometers set on the concrete slab, where No. 1 and
No. 2 were located at a quarter of the beam as the
parametric measurement points, No.3, 4, 5 were put at the
outer curve, and No. 6, 7, 8 at the inner curve, the spacing
was 100mm between two adjacent pickups, see figure 2.
For each test beam, 12 loading cases were designed
according to the movable measurement point method.

Table 3 Compare of the first three order frequencies
between the experimental and numerical results (Hz)

1st

Figure 2. Test beam and vertical accelerometers
The small-sized DFC elastic cavity energy hammer was
used to induce stimulation of the test beam. In each
loading cases, the point at the outer curved concrete slab
of the 1/3 of the span was knocked for ten times with the
interval of 5-6 seconds, and the vibration waves were
recorded by the collection system.

2

nd

3

rd
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SCB

CCB12

CCB13

CCB15

CCB25

CCB55

E
N

18.56
19.95

15.40
15.78

16.21
15.84

16.45
15.86

16.08
15.71

12.63
14.75

e%

6.98

2.38

-2.32

-3.73

-2.35

14.37

E

42.07

36.78

37.38

38.18

38.26

38.33

N

38.84

33.1

33.41

34.28

34.47

34.86

e%

-8.32

-11.11

-11.90

-11.36

-11.01

-9.97

E

54.77

58.88

59.27

60.16

56.93

56.59

N

55.81

55.56

55.76

55.91

55.78

54.88

e%

1.87

-5.98

-6.30

-7.61

-2.06

-3.12

the test beams of CCB15, CCB25 and CCB55 all descent,
but the frequency of the first torsional mode has little
change, which indicate that the vertical bending stiffness
of the curved composite beams decline with the decrease
of the curve radius, but don‟t express apparent effect on
the torsional stiffness in this experiment.
• With the increase of the diaphragms quantity, the
frequencies of the test beams of CCB12, CCB13 and
CCB15 all enlarged, but it is not apparent, which indicate
that the diaphragm has little effect to improve the vertical
bending stiffness of the curved composite beams, its
dominant contribution is to control the distortional
deformation of the box composite beam.

From table 3 we can see that, in general, the numerical
free frequencies of test beams are satisfied well with the
experimental data, the two kinds of results can be verified
from each other.
3. Parametric analyses of the free vibration characters
of the curved composite beams
3.1 Effect of the curve radius and the diaphragms quantity
The influence of the curve radius on the free vibration
frequencies of the test beams of SCB, CCB15, CCB25
and CCB55 which have the same quantity of the
diaphragms are shown in figure 3. The influence of the
diaphragms quantity on the free vibration frequencies of
the test beams of CCB12, CCB13 and CCB15 which have
the same curve radius are shown in figure 4.

Free frequency

80

I-E
I-N

60

II-E
II-N

3.2 Effect of the shear connection degree
In the composite beam, The longitudinal shear resistant
capacity of the connectors can be measured by the shear
connection degree η. Assume that the number of the
connectors is nr if it is exactly to ensure the composite
beam to reach its entire bending resistant capacity, and the
practice number of the connectors is n, then η=n/nr. If
η≥1.0, we call it full connection; otherwise if η<1.0, we
call it partial connection.
The test beams in this paper were all designed with η=1.0.
In order to discuss the effect of the shear connection
degree, three cases were considered, which included case
1(η=0.5, partial connection), case 2(η=1.0, full
connection), and case 3 (η=∞, no slip). In the finite
element model, the case 1(η=0.5, partial connection) was
realized by reducing the shear resistant capacity of the
stud to half; the case 3 was simulated by coupling the
corresponding nodes of the steel girder and concrete slab
entirely. In the case 1 and 2, the corresponding nodes are
only coupled in vertical direction, and the longitudinal
and transverse slips at the junction surface were
considered. The effect of the shear connection degree on
the free frequency of the curved composite beam are
shown in figure 3.

III-E
III-N

40
20
0
0.0

0.1 0.2 0.3 0.4
span/radius ratio

0.5

Fig.3 Influence of the curve radius
I-E
I-N

60

II-E
II-N

III-E
III-N

40
20
0

2

22

3
4
5
Quantity of the diaphragms

Free frequency

Free frequency

80

Fig.4 Influence of the diaphragms quantity on the
frequencies of the curved composite beams
In figure 3, „I-E‟ represents the first order of the
experimental free frequency; „I-N‟ represents the first
order of the numerical free frequency; „II-E‟ represents
the second order of the experimental free frequency, and
so on.
From figure 3 we can see that,
• The frequencies of the first order of the vertical bending
mode and torsional mode of the straight test beam of SCB
are all larger than that of the curved beams, which
indicates that the vertical bending and torsional stiffness
of the straight composite beam are larger than that of the
curved composite beams.
• With the decrease of the curve radius, the frequencies of
the first and second order of the vertical bending mode of

20
SCB
CCB12
CCB13

18
16
14

1

CCB15
CCB25
CCB55

2
Shear connection cases

3

(a) The first-order vertical bending mode

Free frequency

42

SCB
CCB12
CCB13

40
38
36

CCB15
CCB25
CCB55

34
32

1

2
Shear connection cases

3

(b) The first-order torsional mode
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Fig. 3 Effect of the shear connection degree on the free
frequency of the curved composite beam
From figure 3 we can see that, the free frequency of the
curved composite beam improve with the increase of the
shear connection degree, where the frequency of the
second order of vertical bending mode is influenced the
most. The results indicate that the increase of the shear
connection degree can enhance the longitudinal shear
resistant capacity of the junction surface and the
harmonious deformation capacity between the steel girder
and concrete slab, and improve the whole bending and
torsional stiffness of the curved composite beam.
4. Conclusions
With the curve radius and diaphragms quantity as the
parameters, six curved composite beams were designed,
and the free vibration experiments were conducted, the
main conclusions are as follows:
•The former three orders of the free vibration modes of
every test beam all include the first order symmetric
vertical bending mode, the first order torsional mode, and
the second order asymmetric vertical bending mode. The
large frequencies show that the curved box composite
beam has great bending and torsional stiffness;
•The frequencies of the straight test beam of every order
are all larger than those of the rest curved composite
beams. For the curved composite beams, with the
decrease of the curve radius, the frequencies of the first
and second order of the vertical bending mode descent,
but little change happened in the first order of torsional
frequency, which indicate that the vertical bending
stiffness decline with the decrease of the curve radius, but
don‟t express apparent effect on the torsional stiffness in
this experiment.
•With the increase of the diaphragms quantity, the
frequencies of the curved composite beams are almost the
same, which indicates that the diaphragm has little
contribution to improve the vertical bending stiffness of
the curved composite beams.
•The free frequencies of the curved composite beam
improve with the increase of the shear connection degree,
which indicates that the increase of the shear connection
degree can improve the whole bending and torsional

380

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Session 17]

Analytical Evaluation of Performance Improvement of FRP-Retrofitted RC Columns
Hochan Lee1, Seungjun Kim2, Minseo Jang3, Young-Jong Kang4, and Byung-Ho Choi 5*

School of Civil and Architectural Engineering, Korea University, Seoul 02841, Korea. castor13@korea.ac.kr
School of Civil and Architectural Engineering, Korea University, Seoul 02841, Korea. rocksmell@korea.ac.kr
3
School of Civil and Architectural Engineering, Korea University, Seoul 02841, Korea. nimseo@korea.ac.kr
4
School of Civil and Architectural Engineering, Korea University, Seoul 02841, Korea. yjkang@korea.ac.kr
5*
Department of Civil and Environmental Engineering, Hanbat National University, Daejeon 34158, Korea.
bhchoi@hanbat.ac.kr (corresponding author)

1*
2

Abstract
Recently, as majority of social infrastructures got aged over time, ensuring safety and durability of them has become
crucial. Also, structures constructed according to the old design guidelines should be reexamined and retrofitted satisfying
the present design codes. Augmenting the bridge columns which support the entire upper structures is one of the most
important and effective methods enhancing performances and preventing the collapse of the entire system. Due to
advantages of material properties (i.e., lightweightness and high resistance against corrosion and fire), FRP jacketing
methods have been highlighted reinforcing the structural element. This study aims to evaluate the structural performance
of the FRP-retrofitted columns and to investigate the various effects of the details of the retrofitting conditions. Based on
the guideline for evaluating seismic performance of existing facilities presented by the Korean MOLIT and the guide for
the design and construction of externally bonded FRP systems for strengthening concrete structures(ACI440.2R-17)
presented by ACI, improved performances of FRP-retrofitted RC Column were analyzed.
Keywords: FRP retrofitting method, RC column, Seismic performance, Performance evaluation
“Guideline for Evaluating Seismic Performance of
Existing Facilities” presented by Korean MOLIT
(Ministry of Land, Infrastructure and Transport) and the
“Guide for the design and construction of externally
bonded FRP systems for strengthening concrete structures
(ACI440.2R-17)” presented by ACI(American Concrete
Institute), improved performances of FRP-retrofitted RC
columns were analyzed.

1. Introduction
Recently, a paradigm on infrastructure has been changed
from construction to management. In this sense, bridges
are also the same that it became much more significant to
sustain the existing roles as an essential social
infrastructure. As majority of the facilities got aged over
time, performance degradation of them has become the
main issues. Also, structures constructed according to the
old design guidelines should be re-reviewed and
retrofitted based on the present design codes. Among the
structural retrofit strategies, augmenting the bridge
column elements which support the entire upper structure
elements is one of the most effective and important
methods to enhance the structural performance and
prevent the collapse of the entire structure.
FRP jacketing methods have been highlighted due to
material advantages (i.e., liightweightness and high
resistance against corrosion and fire) compared to
conventional methods. Owing to theses, many researches
on FRP jacketing methods to RC columns have been
conducted diversely. However, prior researchers had
focused on only the limited factors affecting the
performance of retrofitted columns. Confinement effects
due to external jacketing and geometrical conditions of
RC columns such as a slenderness ratio were
predominantly researched. The previous researches had
not seriously dealt with many factors affecting the
performances of FRP retrofitted RC columns
simultaneously such as various types of FRP materials
and conditions of existing structural elements.
This study aims to evaluate the structural performance of
the FRP retrofitted columns and to investigate the effects
of the details of the FRP-retrofitting methods and
conditions of existing RC column. Based on the

2. Evaluation procedures for seismic performance of
RC columns
Seismic performances of RC columns can be classified
into flexural ductility capacity, shear capacity, capacity of
lap-spliced zones and flexural strength capacity. Among
these, flexural ductility capacity and shear capacity are
mainly considered. In this study, evaluations for flexural
ductility capacity and shear capacity were conducted.
2.1. Flexural Ductility Capacity of RC Columns
To ensure sufficient ductility for RC column elements, it
is stipulated that the enough number of transverse
reinforcements and adequate arrangements for them
should be considered inducing ductile failure prior to
brittle failure. The required flexural ductility performance
can be ensured by increasing the confinement effects of
the transverse reinforcements. By performing the
structural analysis, computing the additionally required
rotatory angle(θp) at the plastic hinge zone can be
calculated, and the required amount of exterior constraints
can be calculated in according to the results. The
procedures for evaluating the required constraints are as
below.
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Procedures for evaluating the flexural ductility capacity
- Calculation of the required rotatory angle(θp)
- Calculation of the curvature of plastic hinge zone
∙ curvature: φp = θp / Lp
(1)
∙ length of plastic hinge: Lp = 0.044 ∙ fy ∙ dy + vg (2)
- Calculation of the maximum required curvature
φm = φ y + φ p
(3)
- Calculation of required compressive strain
εcm = φm ∙ c
(4)
- Calculation of the required volume of constraints
ρs = Φj ∙ (εcm)
(5)

Lap
-spliced
(More than
2 array)
Lap
-spliced
(Single
array)

Figure 1. Procedures for evaluating the flexural ductility
capacity

50

100

(lsp / D > 0.5)
0.0043lsp/D+0.00085
≤ 0.004
(lsp / D ≤ 0.5,
or lsp is unknown)
0.003
(lsp / D > 0.5)
0.0086lsp/D-0.0023
≤ 0.004
(lsp / D ≤ 0.5,
or lsp is unknown)
0.002

3. Improvement of seismic
FRP-retrofitted RC columns

2.2. Shear Capacity of RC Columns
If the shear capacity of the RC column is less than the
maximum plastic hinge force evaluated from the extra
flexural strength, shear capacity should be improved over
the maximum plastic hinge force. The procedure for
evaluating the shear capacity performance is as below.

none
none
none
1.80

performance

of

3.1. Analysis for Evaluating the Seismic Performance of
RC Columns
Moment-curvature analyses were performed using Midas
civil (2019) program in this research. An example model
of the “Guideline for evaluating seismic performance of
existing facilities” (MOLIT, (2015)) was analyzed. To
calculate the load-deformation behavior of structural
elements, non-linear geometric conditions and material
models for concrete and steel were considered.

Procedures for evaluating the shear capacity
- Calculation of the required shear strength
φsVsj ≥ V0 - Φs ∙ (Vc + Vs + Vp)
(6)
- Calculation of shear strength of concrete
Vc = k ∙ (fck ∙ Ae)0.5
(7)
- Calculation of shear strength of shear reinforcement
∙ Circular section: Vs = (π ∙ Asp ∙ fyh ∙ D‘) / 2s
(8)
- Calculation of shear strength of compressive force
Vp = 0.15 ∙ (P ∙ S) / Ls
(9)
Figure 2. Procedures for evaluating the shear capacity
2.3. Limitations on ultimate strain of concrete and
maximum displacement ductility
In the “Guideline for evaluating seismic performance of
existing facilities(bridge)” (MOLIT, (2015)), by the
details of lap-spliced length of longitudinal
reinforcements(lsp), ultimate strain(εcu) of concrete and
maximum displacement ductility are limited. For a single
array of longitudinal reinforcement with no lap-spliced
length, the value ultimate strain of concrete is 0.004, and
if the transverse reinforcements are arranged adequately
according to the seismic performance standards, it is
added by the value of the transverse confinement
coefficient(αsh). In case of being lap-spliced with single
array, maximum displacement ductility is limited to 1.80.
The detailed classifications for them are as below.

Figure 3. Geometrical conditions
In the example model, insufficient transverse confinement
effects were investigated. Considering that, it was
assumed that the confinement effect due to the existing
transverse reinforcements in RC column was ignored.
And clauses in table 1 had been considered. Assuming the
lap-spliced length of the longitudinal reinforcements, the
ultimate compressive strain of concrete and maximum
displacement ductility conditions were considered.

Table 1. Clauses of ultimate strain of concrete
and maximum displacement ductility
(Circular section) (MOLIT, (2015))
Classifications
Single
array

Ratio
(%)
0

Ultimate strain of
Max. displ.
concrete(εcu)
ductility
0.004 + α sh
none
( α sh =1.4ρ sh f sh ε sh u /f ’ cc )
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Fc = Ecεc - (Ec - E2)2 / 4fc’ (0 ≤ εc ≤ εt’)
Fc = f’c + E2εc (εt’ ≤ εc ≤ εc,max)
εc,max ≤ εccu ≤ 0.01
E2 = (f’cc - f’c) / εccu
ε’t = 2f’c / (Ec-E2)

The maximum compressive strength of confined concrete
fcc’ and the maximum confinement pressure fl can be
calculated as below.

Figure 4. Material models

f’cc = f’c + ψf ·3.3·κa fl
fl = (2Ef · n·tf ·εfe) / D

In the ACI manual, the specifications for FRP materials
for structural reinforcement are presented as tables. The
corresponding specifications were utilized.

(ACI, (2017))
Classification

General purpose
High-modulus
Ultra-high-modulus
High-strength
Ultra-high-strength
E-glass
S-glass
General purpose
High-performance

CFRP
220-240
340-520
520-690
220-240
220-240
GFRP
69-72
86-90
AFRP
69-83
110-124

Ultimate
strength
[MPa]

Rupture
strain
(min.)
[%]

2050-3790
1720-3100
1380-2400
3790-4820
4820-6200

1.2
0.5
0.2
1.4
1.5

1860-2680
3440-4140

4.5
5.4

3440-4140
3440-4140

2.5
1.6

(15)
(16)

The maximum compressive strain of the FRP-confined
concrete can be calculated using Eq (17). The maximum
concrete strain, εc,max is limited to 0.01 to prevent
excessive cracking and the resulting loss of concrete
integrity.

Table 2. Specifications for FRP Materials
Elastic
modulus
[MPa]

(10)
(11)
(12)
(13)
(14)

εccu = ε’c · (1.50 + 12 κa · (fl/f’c)·(εfe/ε’c)0.45)

(17)

3.3. Evaluation of improved structural performance of
FRP-retrofitted RC Columns
Assuming the conditions of the lap-spliced length of
longitudinal reinforcements of existing RC columns and
the following ultimate strain of concrete, evaluation of
performance improvement of FRP-retrofitted RC
columns were conducted. The moment-curvature curves
of FRP-retrofitted RC columns with different types of
FRPs and number of layers are analyzed.

3.2. Consideration of the Confinement Effect of
FRP-retrofitted Concrete
Many studies have been conducted to predict the behavior
of FRP-confined concrete. Lam & Teng (2003) proposed
a design-oriented stress-strain model for concrete
confined by FRP wraps. The ACI manual describes the
model and suggests to design FRP-retrofitting of RC
structures complying with it. Related equations and
explanations for the model are as below.

Figure 6. Moment-curvature curves of FRP-retrofitted RC
columns (εcu=0.004) (example)
Improved performances of the FRP-retrofitted RC
column were analyzed comparing the demand capacity
(fp,d), which is required to resist the applied loads and the
supply capacity(fp,c), which is an ability to resist loads.
fp,d ≤ fp,c

Figure 5. Stress-strain model for FRP-confined concrete
(Lam & Teng (2003))
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(18)

existing facility (bridge). (in Korean)
MOLIT (Ministry of Land, Infrastructure, and Transport
(Korea)). (2019) Guideline for evaluating seismic
performance of existing facility (bridge). (in Korean)
Richart, F.E., Bradtzaeg, A. and Brown, R. L. “A study of
the failure of concrete under combined compressive
stresses.” Engineering experimental station University
of Illinois, Urbana, 12(185)
Popovics, S. (1973). “A numerical approach to the
complete stress-strain curves of concrete.” Cement and
Concrete Research, 3(5), pp. 583-599.

Figure 7. Evaluation of improvement of FRP-retrofitted
RC columns (εcu = 0.004) (example)

William, K. J., and Warnke, E. P. (1975). “Constitutive model
for the triaxial behavior of concrete.” Proc. International
Association for Bridge and Structural Engineering, 19(130).

4. Conclusion
In this study, an analysis of evaluating the improved
performance of FRP-retrofitted RC columns was
performed according to the guidelines presented by ACI
and Korean MOLIT. There were distinct differences in the
results by the specifications of the FRP materials, the
numbers of FRP layers and the conditions of existing RC
column elements. Also, by the material properties of
FRPs and conditions of existing RC columns, there were
limitations on the FRP layers to prevent the crushing of
internal concrete. It means that various conditions should
be considered simultaneously retrofitting RC columns
with FRP materials.
The methods and processes in this analysis can be utilized
as a basic research data for the line element-based
cross-sectional analysis model. In the future, considering
various parameters affecting the performances of
FRP-retrofitted columns and detailed conditions of
existing RC columns, it is believed that the analyses on
the evaluating performance enhancement effects of
FRP-retrofitted RC columns can be more precise.
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Abstract
A total of five slabs of different thicknesses (varying from 125 mm to 250 mm) are initially subject to elevated
temperatures for 60 minutes until 950℃; then cooled down through ventilation system for sufficient time. The actual
heating and cooling curves are obtained, and the latter are simulated by logarithmic function. All measured temperatures
of steel deck went down after the ventilation system was switched on. Moreover, all measured temperatures of internal
concrete rose up at the initial cooling stage, then declined after a certain cooling time. The closer to the exposed surface,
the larger temperature variations are developed. Based on the test data, an exponential resilience model is put forward in
terms of deflection rebound ratio to evaluate the capability of self-restoration after fire exposure. Finally, the residual
loadbearing ratio is defined to describe and assess the slab robustness. Analysis results show that the slab exhibits very
strong resilience and sound robustness after exposure to standard fire disaster scenario.
Keywords: Resilience and robustness, Fire-resistant steel, Composite slab, Standard fire scenario, Closed profiled steel
deck
automatic fire alarm device and automatic sprinkler
system. The compartment temperature is effectively
controlled at low level. Thus most structural members or
separating elements still maintain a large proportion of
their original mechanical performance and deformation
properties. Therefore, the post-fire behavior of composite
slab requires further investigation to ensure their
reserviceability. However, quite limited work is
accomplished in this respect. Experimental investigation
is conducted on the post-fire behavior of reinforced
concrete continuous slabs under different compartment
fires [Wang and Jiang, 2021]. The residual structural
stiffness and ultimate loadbearing capacity are enhanced
by increasing reinforcement ratio. A comprehensive
reliability-based methodology is applied to assess the
damage and residual load bearing capacity of a
continuous concrete slab after exposure to fire [Molkens
and Coile, 2017]. This methodology is useful to make
informed decisions on continued use of structures or
necessary repairs after a fire event.

1. Introduction
Steel-concrete composite slabs have been widely used in
building structures. Extensive investigations on the fire
resistance behaviour of steel-concrete composite slabs are
carried out in recent decades. Recent efforts [Guo and
Bailey, 2011; Nguyen and Tan, 2018] are focused on the
fire resistance performance and mechanical behaviour of
composite slabs in- and post-fire scenarios. The
temperature development and heat transfer analysis are
also research highlights [Wellman and Varma, 2011; Jiang
and Main, 2018]. In addition, the membrane action of
composite slabs at elevated temperatures is concerned as
well [Bailey, 2003; Bednář and Wald, 2013; Burgess,
2017; Burgess and Sahin, 2018].
As an improvement of the conventional trapezoidal or
re-entrant trough steel deck, closed profiled steel deck is
developed for composite slab and expected to provide
excellent fire resistance. The longitudinal shear bond
behaviour of a new type of composite slab fabricated into
closed profiled section is investigated through full-scale
experiments [Li and Zheng, 2017]. Test results indicate
that the closed triangular rib steel deck shows better
composite actions than traditional steel deck-concrete
composite slabs. Ma [2004] carried out fire experimental
study of one closed-section composite slab. The test fire
resistance duration exceeds 90 minutes, which meets the
requirement of current code. Furthermore, a simplified
calculation formula for the fire-exposed resistance of this
kind of composite slab is proposed.
With the rapid advancement in updating fire protection
facilities and curtailing fire fighting response time, most
compartment fire disasters are extinguished in time by

2. Test program
The cross-sectional dimensions of profiled steel deck are
shown in Figure 1.

Figure 1. Cross-sectional dimensions of closed triangular
rib steel deck (unit in: mm)
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2.1. Test specimen design
The measured parameters of test slabs are summarized in
Table 1.
Table 1. Test specimen parameters

The following standard heating curve is adopted [ISO
834-11; GB/T 9978.1-2008; BS EN 1363-1: 2012]:
(1)
T  345log10 8t  1  20

Specimen

Lspec
(mm)

B
(mm)

Dspec
(mm)

t
(mm)

G
(kg)

w
(kN/m2)

wt
(kN/m2)

E-125-5.0

4600

585

125

1.2

775

5.0

7.88

E-150-5.0

4600

585

150

1.2

950

5.0

8.53

E-180-5.0

4600

585

180

1.2

1130

5.0

9.20

E-200-5.0

4600

585

200

1.2

1260

5.0

9.68

E-250-5.0

4600

585

250

1.2

1655

5.0

11.15

Where T is the average temperature of inner furnace in ℃.
t is the heating time in minute.
2.3. Post-fire cooling process
A unified cooling curve is proposed as follows:

T  737  200log10 8t  1  220.5  0.723  0.0457t 

(2)

Where t is the cooling time in minute.

Note: Lspec - total length of specimen; Lsup - support length, also represented
by clear span L, Lsup = Lspec － 200; Lexp - fire-exposed length, Lexp = Lsup －
200; B - slab width; Dspec - slab thickness; t - thickness of profiled steel deck;
G - slab weight; w - imposed uniformly distributed brick load on the slab; wt total load including imposed load and gravity load.

2.4. Loadbearing capacity test
The test slabs after fire exposure are subject to six-point
static loading at room temperature, as shown in Figure 5.
Besides, a control group of five slabs are also tested.

P

2.2. Standard heating process
The standard fire test was conducted through a horizontal
combustion furnace, as shown in Figure 2.

P

P

P

Figure 5. Loadbearing capacity test set-up
3. Test result and analysis
3.1. Failure mode
All ten slabs (after fire exposure and for control group)
subject to six-point static loading take bending failure, as
shown in Figure 6.

Figure 2. Horizontal combustion furnace
Thermocouples are arranged on the unexposed surface
and internal slab, as shown in Figure 3.

(a)

(b)

Figure 3. Thermocouples distribution: (a) on unexposed
surface; (b) in concrete and on steel deck

Figure 6. Typical bending failure mode for all ten slabs
subject to static loading

Three displacement transducers (DT) are arranged at the
mid-span and left/right quarter spans of unexposed
surface, as shown in Figure 4.

3.2. Heating curve
Typical measured furnace temperatures and ISO 834
curve are shown in Figure 7. The realistic heating curves
show a good agreement with ISO 834 curve.

(a)
(b)
Figure 7. ISO 834 curve and measured internal furnace
temperature for: (a) E-125-5.0; (b) E-150-5.0

Figure 4. Standard fire test set-up
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3.3. Temperature development
3.3.1. Temperature rise of unexposed surface
Typical individual and maximum temperature rises of
unexposed surface are shown in Figure 8.

(a)

(a)

(b)

Figure 11. Typical slab deformation in heating process
for: (a) E-150-5.0; (b) E-180-5.0

(b)

3.4.2. Deformation rebound in cooling process
In the post-fire cooling process, slab deformations get
rebound with cooling time, as shown in Figure 12.

Figure 8. Typical temperature rises on unexposed surface
of test slab E-125-5.0: (a) individual temperature rise; (b)
maximum and average temperature rises
3.3.2. Temperature rise of steel deck
Typical measured temperature rises are shown in Figure
13. The distance of the measuring points from unexposed
surface affects the temperature rise: ΔT1 < ΔT2 < ΔT3 ≈
ΔT4.

(a)

(b)

Figure 12. Typical slab deformation rebound in cooling
process for: (a) E-150-5.0; (b) E-180-5.0 (MSDR:
mid-span deflection rebound)

(a)

The following slab deflection rebound curve regressed
through test results is suggested to predict the final
rebound value:
(3)
R  Rf  eb t 1
Where Rf and b are parameters debermined by multiple
variables. t is the cooling time.
Table 2 summarizes the experimetal and predicted
rebound values in cooling process. The final rebound ratio
β for evaluating the slab resilience is defined as:
(4)
  Rf D0
It is obtained from Table 2 that β values corresponding to
different slab thicknesses are 42%, 73%, 81%, 83% and
78%, respectively.

(b)

Figure 9. Typical temperature rises of steel deck of: (a)
E-125-5.0; (b) E-150-5.0
3.3.3. Temperature rise of internal concrete
Typical measured temperature rises of internal concrete
are shown in Figure 10. The temperature rises show the
following relationship: ΔT7 < ΔT8 < ΔT6 < ΔT5.

Table 2. Experimental and predicted rebound values
in cooling process
(a)

D0
R180
R300 R180/R300 D0-R300
Specimen
(mm) (mm) (mm)
(%)
(mm)

(b)

Rf

b

E-125-5.0

246

96

106

91

140

104

-7.9

Figure 10. Typical temperature rises of internal concrete
of: (a) E-125-5.0; (b) E-150-5.0

E-150-5.0

143

93

100

93

43

104

-15.9

E-180-5.0

114

85

92

92

22

92

-20.3

3.4. Slab deformation
3.4.1. Deformation in heating process
The slab deflections are shown in Figure 11. It is indicated
that the slabs gradually show ideal overall bending
deformation in the heating process.

E-200-5.0

107

81

90

90

17

89

-20.7

E-250-5.0

74

54

62

87

12

58

-21.0

Note: D0 – mid-span deflection after 60 minutes' heating; R180 – mid-span
deflection rebound after 180 minutes' cooling; R300 – mid-span deflection
rebound after 300 minutes' cooling.
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3.5. Residual loadbearing capacity
The residual loadbearing ratio η is defined herein to
evaluation the slab robustness:
(4)
  Pfmax P0max
Where Pfmax and P0max are the residual and ultimate
loadbearing capacities, respectively, as listed in Table 3.
Dfmax and D0max are the maximum mid-span deflections of
fire-exposed slabs and control group, respectively.
Table 3. Loadbearing capacity and residual
loadbearing ratio of composite slab
Specimen

Pfmax
(mm)

P0max
(kN)

η (%)

β (%)

Dfmax
(mm)

D0max
(mm)

E-125-5.0

50

85

59

42

257

272

E-150-5.0

55

100

55

73

260

239

E-180-5.0

70

130

54

81

201

160

E-200-5.0

105

145

72

83

323

222

E-250-5.0

155

255

61

78

292

268

4. Concluding remarks
This paper investigates the post-fire behavior and
loadbearing capacity of a new type of high performance
slab through a series of full-scale experiments. Two
critical performance evaluation indexes are put forward:
final rebound ratio β and residual loadbearing ratio η after
full-range fire scenario. The former aims to assess the slab
resilience in terms of mid-span deflection rebound, and
the latter aims to assess the slab robustness in terms of
residual loadbearing capacity. The test and analysis results
show that this new type of composite slab exhibits very
strong resilience and sound robustness after exposure to
standard fire scenario. Furthermore, its post-fire bonding
action mechnisms of the interface between steel deck and
concrete, reserviceability after fire exposure and in-time
fire extinguishing, deserve further investigation.
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Abstract
In this paper, a new type of WGJ high performance fire-resistant steel was developed and manufactured by Wuhan Iron
and Steel (Group) Company, aiming at improving the fire resistance behavior of steel deck-concrete composite slabs. By
means of steady-state tensile coupon tests, the mechanical properties at room and elevated temperatures are investigated
in this paper. According to ISO 6892-1 and ISO 6892-2, a total of 33 standard tension coupons are designed and tested by
furnace-integrated tensile testing machine. The heating curves, stress-strain curves, moduli of elasticity, proof strengths at
specified plastic strains, tensile strengths, yield ratios and percentage elongations after fracture are obtained through the
test results. Besides, the reduction factors of modulus of elasticity, proof strength, and tensile strength are calculated by
comparison of the test results corresponding to room temperature and elevated temperatures. Important conclusions are
drawn as follows: (1) the fire-resistant steel characterizes high strength, good ductility and excellent deformation capacity
when temperature is below 500℃. It basically meets the fire-resistant steel requirements when temperature reaches 600℃.
(2) by comparing with traditional plain steels, the reduction factors at elevated temperatures show high performance
characteristics. (3) The proof strength, tensile strength, and yield ratio still maintain at a relatively high level when
temperature is not higher than 400℃, therefore, special fireproofing measures are unnecessary to take for fire protection
design.
Keywords: Mechanical properties, Fire-resistant steel, Elevated temperatures, Tensile coupon test, Reduction factors
connections fabricated from fire-resistant steel at elevated
temperatures is investigated (Meng, 2019; Meng and Tu,
2021). The test results show that the slip load and ultimate
load are higher than those of using ordinary high-strength
bolts. Numerical simulations (Cheng and Shi, 2020) are
carried out on the fire resistance and load bearing capacity
of an innovative fire-resistant steel sheeting-integrated
composite beam subject to standard fire. The result
indicates that, due to the contribution of closed profiled
steel sheeting to the bearing capacity after a long fire
exposure, the current design method is conservative in
determining the fire resistance when the load ratio is
smaller than 0.6 and unsafe when the load ratio is larger
than 0.8. In summary, fire-resistant steels applied to
various structural members are becoming the focus of fire
safety design and play a huge superiority over traditional
plain steels in terms of fire resistance performance, ductile
deformation and load bearing capacity.

1. Introduction
Structural fire-resistant steels used in buildings are
normally manufactured through adding alloying elements
Mo and Nb to enhance the strength at elevated
temperatures. Researchers (Wan and Sun, 2012; Jo and
Shin, 2020; Kumar and Sharma, 2021.) have concluded
that the alloying element added steel can greatly improve
the fire resistance behavior compared with plain carbon
steel. Therefore, their applications to steel and composite
structures in terms of fire resistance are becoming more
and more widely in recent years.
Fire-resistant steels employed in steel columns at room
temperature and elevated temperatures (Yang and Lee,
2006; Wu and Xu, 2019; Shi and Tu, 2021) show great
advantages over plain steels, and corresponding design
methodologies are proposed. Besides, fire-resistant steels
are also applied as closed-profied steel deck to concrete
composite slabs, so as to investigate both the interface
shear-bond behavior at room temperature (Yu and Shi,
2019) and fire resistance performance subject to standard
fire scenarios (Yu and Shi, 2019). Furthermore,
fire-resistant steel is used as well in beam-to-column
moment connections (Chung and Lee, 2010). The
standard fire test results show that the application of
fire-resistant steel can effectively extend the fire
resistance limits, delay structural deformation, and raise
the critical temperature to failure, which are also
successfully simulated by numerical approach. In addition,
the shear performance of high-strength bolted

2. Tensile coupon test
The tensile coupon test is carried out by a
furnace-integrated tensile testing machine, so that the
mechanical properties of test pieces are obtained.
2.1. Specimen design
A total of 33 tensile coupons are designed and processed
according to ISO 6892-1 and ISO 6892-2. The diagram of
test piece is shown in Figure 1. The nominal sizes are
shown in Table 1, where a0 is piece thickness, L0 is
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original gauge length, Lc is parallel length.

test. Each three test pieces (as a group) are heated to the
specified temperatures such as 20℃, 100℃, 200℃,
300℃, …, 1000℃. Method A (ISO 6892-1: 2016) (i.e.
testing rate based on strain rate control) is used during the
loading process. The stress-strain curves at elevated
temperatures are obtained through the combination of the
outputs of extensometer and crosshead.

Figure 1. Diagram and photo of test pieces

2.4. Test phenomenon
The photos of tested pieces after fracture are shown in
Figure 4. It is indicated that the pieces maintain their
original rusty color after exposure to elevated
temperatures not exceeding 800℃. When the temperature
reaches 900℃ or above, the test pieces show grayish
white and obvious carbonization.

Table 1. Nominal size of test piece
Parameter
Size

a0
1.2

b0
12.5

L0
50

r
25

B
35

C
50

D
15

E
17

Lc
62.5

Lt
205

2.2. Test setup
The tensile coupon tests are carried out by a
furnace-integrated tensile testing machine GNT100, as
shown in Figure 2(a). Extensometer MFHT 5 (0～5 mm,
0～1000℃) is employed to measure the deformation, so
that the modulus of elasticity, proof strength and tensile
strength are obtained. The furnace internal structure and
extensometer application are shown in Figure 2(b).

600℃

700℃

800℃

900℃

1000℃

20℃

100℃

200℃

300℃

400℃

500℃

Figure 4. Photos of test pieces after tensile fracture
(a)

(b)

3. Test result and analysis
3.1. Heating curve
The average heating curves are shown in Figure 5, where
100℃ ～ 300℃ corresponds to the heating powers of
20/20/60 (upper/center/bottom, unit in kW), 400℃ ～
500℃ corresponds to 55/50/60, and 600℃ ～ 1000℃
corresponds to 70/65/75.

Figure 2. Test setup: (a) furnace-integrated tensile testing
machine; (b) furnace internal structure and
extensometer application
In order to measure the temperatures at each end of the
parallel length and at the center, three thermocouples are
arranged at the three locations, and made good contact
with the surface of test piece, as shown in Figure 3.

Figure 5. Heating curves for test pieces exposed to
specified temperatures
Figure 3. Thermocouple arrangement

3.2. Modulus of elasticity
The initial modulus of elasticity at elevated temperatures
can be regressed from the linear part of stress-strain curve
(GB/T 228.1-2010). The reduction factor of modulus of

2.3. Test approach
The steady-state test method is adopted for tensile coupon
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elasticity is defined as Eq.(1) (GB 51249-2017). The test
results of moduli of elasticity and their reduction factors
of WGJ fire-resistant steel pieces are listed in Table 2.
(1)
sT  EsT Es

3.4. Tensile strength
Tensile strength is the stress corresponds to the maximum
value from stress-strain curve of WGJ test piece. The
reduction factor at elevated temperatures is defined as
Eq.(3). The tensile strengths, reduction factors and yield
ratios are listed in Table 4.
(3)
 sT  Rm, T Rm, 20

Table 2. Modulus of elasticity and reduction factor
at elevated temperatures
T (℃)
20 (room temperature)
100
200
300
400
500
600
700
800
900
1000

EsT (MPa)
202311
192696
190486
168701
151880
143795
127820
74148
24231
22307
20471

All tensile strengths and reduction factors are higher than
Rm, 20 and 1.0 when the temperature is below 400℃. The
tensile strength and reduction factor start to decline when
the temperature exceeds 400℃.

χsT
1.0000
0.9525
0.9416
0.8339
0.7507
0.7108
0.6318
0.3665
0.1198
0.1103
0.1012

Table 4. Tensile strength and reduction factor at
elevated temperatures
T (℃)
20
100
200
300
400
500
600
700
800
900
1000

3.3. Proof strength
The proof strength (or nominal yield strength) at 0.2%,
0.5%, 1.0%, 1.5% and 2% plastic strain is defined herein.
The reduction factors at elevated temperatures are defined
as Eq.(2) (GB 51249-2017). The test proof strengths and
reduction factors are listed in Table 3.
(2)
sT  Rp, T Rp, 20

Table 3. Proof strength and reduction factor at
elevated temperatures
20
100
200
300
400
500
600
700
800
900
1000
T (℃)

1.0, sT

20
100
200
300
400
500
600
700
800
900
1000

1.000
1.078
1.228
1.163
1.101
0.909
0.588
0.235
0.066
0.043
0.038

T (℃)

0.2, sT
1.000
1.025
1.146
1.086
1.002
0.863
0.620
0.260
0.068
0.043
0.039
Rp1.5, T
(MPa)
390.0
422.0
480.3
457.0
428.6
356.6
221.6
87.4
24.7
16.9
14.8

Rp0.5, T
(MPa)
355.6
378.7
427
406.7
383.9
318.1
217.7
88.9
24.2
15.4
13.9

1.5, sT
1.000
1.082
1.232
1.172
1.099
0.914
0.568
0.224
0.063
0.043
0.038

0.5, sT
1.000
1.065
1.201
1.144
1.080
0.895
0.612
0.250
0.068
0.043
0.039
Rp2.0, T
(MPa)
401.7
434.6
493.8
472.3
443.2
366.7
221.9
86.6
24.6
17.2
15.2

 sT
1.000
1.033
1.120
1.256
1.124
0.824
0.439
0.176
0.049
0.043
0.031

Rp0.2, T/Rm, T (%)
66.7%
66.1%
68.2%
57.8%
59.5%
69.9%
94.1%
98.6%
92.6%
66.5%
83.0%

3.5. Stress-strain relation curve
Comparison of averaged stress-strain curves of WGJ steel
pieces at elevated temperatures are shown in Figure 6. It is
found that no obvious yield plateau exists in any curve,
thus the proof strength corresponding to specified plastic
strain is introduced earlier in this paper. Furthermore, the
stress-strain curves show good similarity with the increase
of temperatures below 500℃.

The proof strength Rp0.2, 600℃ still maintains nearly 2/3Rp0.2,
20℃, basically satisfying the requirement of fire-resistant
steel (GB 51249-2017).

Rp0.2, T
(MPa)
338.7
347.1
388.1
368.0
339.4
292.4
209.9
87.9
23.1
14.7
13.1

Rm, T (MPa)
507.8
524.8
568.8
637.8
570.9
418.5
223.1
89.2
24.9
22.1
15.8

Rp1.0, T
(MPa)
374.8
404.0
460.2
435.9
412.5
340.8
220.5
88.2
24.8
16.2
14.4

2.0, sT
1.000
1.082
1.229
1.176
1.103
0.913
0.552
0.216
0.061
0.043
0.038

Figure 6. Stress-strain curves of WGJ fire-resistant steel
pieces at elevated temperatures
4. Conclusion
A total of 33 newly developed fire-resistant steel pieces
are subject to tensile coupon tests at elevated temperatures.
Important conclusions are drawn from the test results as
follows:
(1) The WGJ fire-resistant steel has no obvious yield
plateau, therefore, a total of five proof strengths at
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fire-resistant steel with Mo and Nb.” Materials and
Design, 194(2020), pp. 1-11.
Kumar W., Sharma U. K., Shome M., and Shome M.
(2021). “Mechanical properties of conventional
structural steel and fire-resistant steel at elevated
temperatures.” Journal of Constructional Steel
Research, 181(2021), pp. 1-12.
Meng L. Y. (2019). Study on sheared high-strength bolted
connections
fabricated
of
high-performance
fire-resistant steel at elevated temperature. Master's
Dissertation, Tsinghua University, 2019. (in Chinese)
Meng L. Y., Tu C. L., Shi Y. J., and Wu Y. R. (2021).
“Experimental study on shear performance of
high-strength bolted connnections fabricated from
high-performance fire-resistant steel at elevated
temperature.” Journal of Building Structures, 42(6), pp.
85-93. (in Chinese)
Shi Y. J., Tu C. L., Wu Y. R., etc. (2021). “Numerical
investigations of fire-resistant steel welded I-section
columns under elevated temperatures.” Journal of
Constructional Steel Research, 177(2021), pp. 1-22.
Wan R. C., Sun F., Zhang L. T., and Shan A. D. (2012).
“Effects of Mo on high-temperature strength of
fire-resistant steel.” Materials and Design, 35(2012),
pp. 335-341.
Wu Y. R., Xu Y. L., Shi Y. J., and Ban H. Y. (2019).
“Overall buckling behavior of fire-resistant
steelwelded I-section columns under ambient
temperature.” Journal of Constructional Steel Research,
157(2019), pp. 32-45.
Yang K. C., Lee H. H., and Chan O. (2006).
“Experimental study of fire-resistant steel H-columns
at elevated temperature.” Journal of Constructional
Steel Research, 62(2006), pp. 544-553.
Yu, X. L., Shi Y. J., Peng Y. G., etc. (2019). “Experimental
and theoretical investigations on the shear-bond
behavior of high performance composite slabs.” Proc.
10th International Symposium on Steel Structures,
Korean Society of Steel Construction, Korea, pp. 1-5.
Yu, X. L., Shi Y. J., Peng Y. G., etc. (2019). “Research on
fire resistance of high performance composite slabs
with closed-rib profiled steel sheets.” Proc. 12th Pacific
Structural Steel Conf., Japanese Society of Steel
Construction, Japan, pp. 1-12.

specified plastic strains (0.2%, 0.5%, 1.0%, 1.5%, 2.0%)
are given in this paper.
(2) The mechanical properties of WGJ fire-resistant steel
at room temperature meet the requirements of 320 MPa
grade steel specified in GB/T 12755-2008 and Q235FR
fire-resistant steel specified in GB/T 28415-2012, and
even well above them.
(3) The proof strength Rp0.2 at 600℃ remains 62% of Rp0.2
at room temperature, which is very close to 2/3Rp0.2, 20℃,
bascially satisfying the fire-resistant steel requirements.
(4) The proof strength, tensile strength, and yield ratio do
not show significant decline below 400℃, therefore, no
special fire safety measures are required to take, thus it
can be designed as that under normal service conditions.
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Abstract
The oblique cantilevered steel reinforced concrete structure (OCSRCS) in Olympic Sports Center Stadium in China has
the characteristics of large section, long span, and large inclination angle, and it includes members of the oblique beam,
the upright column, and the oblique column. For the safe and economical construction of the OCSRCS, a new
construction method named the Self-balancing &Self-supporting Method is proposed to take place of the traditional
construction method of Full-space Support. In the Self-balancing & Self-supporting Method, cables are utilized to transfer
the lateral pressure and gravity of concrete in pouring to the embedded steel in the OCSRCS and the platform. The strain
variation of the embedded steel in the OCSRCS in the construction process is established from the field experiment. Finite
element method, which is validated by the experimental results, is developed for predicting the mechanical behavior of
the OCSRCS in construction. The stress distribution of steel, concrete, and cables in the construction process of the
OCSRCS are investigated. The results of analysis show the Self-balancing & Self-supporting Method for the OCSRCS
effectively ensures the safety of the construction, and it provides references for the construction of large-scale OCSRCS in
engineering.
Keywords: Oblique cantilevered steel reinforced concrete structure; Self-balancing & Self-supporting method; Field
experiment; Finite element method
is performed in Olympic Sports Center Stadium in China,
as shown in Fig. 1. The stadium has 72,162 m2 in area and
46.1 m in height. The lower part of the structure for the
stadium is steel reinforced concrete structure, and the roof
of the stadium is a cantilever steel truss with the maximum
cantilever span of 39.2 m. The truss roof is supported by
44 inclined cantilever steel columns with the height varies
from 23.31 to 35.34 m. The inclined angle of columns
ranges from 55.49 to 70.92 degrees. The OCSRCS
includes the members of the oblique beam, the upright
column, and the oblique column, as shown in Fig. 1.

1. Introduction
Due to the artistic value of the OCSRCS, it has been
widely used as the main load-bearing and lateral-resisting
components in large cantilevered projects, such as
stadiums, terminal buildings, and subway stations [1, 2].
As such, the mechanical performance of the OCSRCS has
been investigated a lot at home and abroad [3-5]. However,
these investigations focus on the behavior of the OCSRCS
after the construction, and the mechanical behavior of the
OCSRCS in the construction process is limited [6-7]. The
construction method of the OCSRCS is an important
factor affecting the cost and safety of the project.
Currently, the Full-space Support Method, which relies on
a large amount of work and huge resource consumption
and poses a serious danger to workers, is utilized for the
construction of the OCSRCS in China. As a result, the
development of a safe and economical method for the
construction of the OCSRCS is necessary.
In this work, a new construction method named
Self-balancing & Self-supporting Method is proposed for
the safe and economical construction of the OCSRCS.
The field experiment in Olympic Sports Center Stadium
in China is performed, and the strain variation of the
embedded steel in the OCSRCS is investigated.
Numerical analysis for the mechanical behavior of the
OCSRCS in construction process is developed.

oblique column
upright column
oblique beam

Fig.1 Diagram of the stadium
2.2 Self-balancing &Self-supporting Method
The traditional construction method for the OCSRCS is
Full-space Support, which consumes huge amounts of
steel pipes and workers. For the safe and economical
construction of the OCSRCS, a new construction method
named Self-supporting & Self-balancing Method is
suggested. In this method, a self-supporting formwork is

2. Field experiment
2.1 The OCSRCS
The field experiment for the construction of the OCSRCS
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be poured in three stages, as shown in Fig. 5.
Twenty-three strain gauges are arranged in the embedded
steel of the upright column, the oblique column, and the
oblique beam to get the strain variation of various
members in the construction process of concrete, as
shown in Fig. 5. Here, S1ob represents strain gauge 1 in the
oblique beam, OC represents the oblique column, and UC
represents the upright column.

utilized to transfer the lateral pressure and gravity of
concrete in pouring to the embedded steel in the OCSRCS
and a series of cables including intelligent equipment for
tension adjustment are arranged on the OCSRCS to
transfer the overturning moment of the OCSRCS to the
built structure, as shown in Fig. 2.
The self-supporting formwork including transverse hoop,
vertical steel bars, and steel positioning casing can
strengthen wooden plates (15 mm thickness) and
effectively transfer the lateral pressure and self-weight of
concrete in pouring, as shown in Fig. 3. Here, all size in Fig.
3 is in mm. The transverse hoop chosen is steel channel 14b
with the spacing of 900 mm, and vertical steel bars used are
steel channel 14b. The transverse hoop and vertical steel
bars are fastened together using M20 bolt. The details of
steel positioning casing are shown in Fig. 4. A steel pipe
with 32 mm in outer diameter and 2.5 mm in thickness is
utilized, and the inner thread of 20 mm in diameter is
arranged at both ends of the steel pipe. Two steel plates
with 368× 200× 10 mm are welded at both ends of the steel
pipe to fix the wooden plates. Another two small steel
plates with 10 mm thickness are welded on the steel pipe to
avoid the slip of the self-supporting formwork.

Steel positioning
casing

Vertical bars
（C14b channel steel）

100

Transverse hoop
（C14b channel steel）

900

M20
Wooden plate

Fig. 3 Self-supporting formwork

Fig. 4 Details of steel positioning casing
2.4 Experimental results
From the results of experiment, the stress of the embedded
steel in the oblique column and the upright column in
Stage Ⅰ presents an upward trend, and the stress for the
embedded steel in the oblique beam is very small, as
shown in Fig. 6. In Stage Ⅱ, the stress of the embedded
steel in the oblique beam starts to increase and the stress
for the embedded steel in the oblique column and the
upright column slightly decreases. The reason for that is
the hardening of concrete in Stage I, which makes
concrete to resist the force. In Stage Ⅲ, the stress for the
embedded steel in all sections increases obviously as they
are affected by the overturning moment, as shown in Fig.
6. Here, the negative value of stress represents
compressive stress.

Intelligent equipments
for tension adjustment
Built
structure

Embedded
steel

Self-supporting
formwork
Cables

Fig. 2 Scheme for Self-balancing & Self-supporting
Method
As shown in Fig. 2, large overturning moment will be
produced from the construction of the OCSRCS. For this
reason, a series of cables are suggested to arrange in the
opposite direction to resist the overturning moment. One
side of cables is fixed on the vertical steel bars of
self-supporting formwork, and the other side is connected
to the embedded steel in the slab of the built structure.
As the tension load of cables changes with the pouring
process of concrete, the uneven force will cause the
uncoordinated deformation of members. Therefore,
intelligent equipment for tension adjustment is employed
to adjust the tension load of cables.
2.3 Experimental setup
The field experiment for Self-balancing &Self-supporting
Method is carried out in Olympic Sports Center Stadium
in China. The section at the bottom of the OCSRCS
(Section 1) is 1000×2200 mm (steel reinforced concrete
structure) with an embedded steel of H1800×400×30×30
mm inside, as described in Fig. 5. The section (Section 2)
of the upright column is 1000×1000 mm with an
embedded steel of H600×400×30×30 mm inside. The size
of the oblique column (Section 4) is 1000×1400 mm with
an embedded steel of H1000×400×30×30 mm inside, and
the inclined angle of the oblique column is 54.54 degree.
According to the construction scheme, the OCSRCS is to

3. Finite element analysis
For the analysis of strain variation in the construction
process of the OCSRCS using Self-balancing & Selfsupporting Method, numerical analysis is performed
using ABAQUS.
3.1. Finite element model
Three parts of the OCSRCS in Olympic Sports Center
Stadium in China are simulated using ABUQUS, as
shown in Fig. 7. The details of sections are shown in Fig.
5. Truss element T3D2 is utilized for cables, and Solid
element C3D8R is employed for concrete and steel. Mesh
size for the embedded steel is 100, and mesh size for
concrete and cables is 200. The whole analysis is divided
into three steps according to the scheme of concrete
pouring in engineering, as shown in Fig. 5.
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construction process for the OCSRCS.
3.5 Parametric study
For the comparison of different methods, Self-balancing
Method (Self-balancing & Self-supporting Method without
the effect of the embedded steel) and Self- supporting
Method (Self-balancing &Self-supporting Method without
the effect of cables) are also simulated. In the Selfsupporting Method, the objective is to investigate the stress
distribution of the embedded steel in the upright column,
the oblique column, the oblique beam. The effect of cables
is not considered and the load in construction process is
completely resisted by the embedded steel. As a result, the
interaction of embedded region is used for concrete and the
embedded steel. The purpose of the Self-balancing Method
is to obtain the maximum force of cables. Therefore, the
load in the construction process is considered to be
completely resisted by cables, and the interaction between
concrete and the embedded steel is not considered.

3.2 Material properties
Considering the weight of formwork and reinforcement
cage, the density of C35 concrete is 3500kg/m3. In the
initial stage of concrete pouring, concrete doesn’t have
any stiffness, and the concrete is resisted by the selfsupporting formwork. Therefore, the equivalent stiffness
is 2.55 GPa, which is identical with the stiffness of the
self-supporting formwork. After the hardening of
concrete, the material properties are given according to
C35 concrete. In this study, the plastic behavior of
concrete is not considered. Therefore, linear elastic model
is utilized for C35 concrete, and the elastic modulus of
concrete is 31500 MPa [8].
The density of Q345B steel is 7850kg/m3 according to
JGJ 138-2016 [8]. The ideal elastic-plastic model is
chosen for the steel. The elastic modulus of Q345B steel is
206000 MPa and the yield strength is 270 MPa according
to JGJ 138-2016 [8].
The elastic modulus for Steel cables with 5×7 mm is
190000 MPa. The ideal elastic-plastic model is chosen for
the cables. The yield strength of cables is 230 kN [9].
3.3 Interaction
Coupling is chosen for the interaction between cables and
the OCSRCS as bending moment cannot be transferred by
cables. Before the hardening of concrete, Surface-toSurface Contact is employed for concrete and the built
structure. After concrete hardening, Tie is employed for
concrete and the built structure. Embedded region is
chosen for the embedded steel and concrete.
3.4 Verification of finite element analysis
Considering the dynamic effect of load in the construction
process, the dynamic amplification factor of 1.5 is utilized
for the gravity according to GB 5009-2012 [10]. From the
results of finite element analysis, the strain variation in the
embedded steel of the upright column, the oblique column,
and the oblique beam is obtained, as shown in Fig. 6. Here,
FEM represents finite element method, and the stain
variation in the curing stage of concrete is not shown.
Obviously, the results of finite element analysis agree well
with test data. As a result, the developed finite element
method can be utilized for the prediction of the

4. Results and discussion
From the results of analysis, the stress distribution of the
OCSRCS in various methods can be obtained, as shown in
Fig. 7-9. The tension load of the lower cables in Stage Ⅰ
reaches 45 kN. In Stage Ⅱ, the tension load of upper cables
reaches 150 kN, and the tension load of the lower cables
decreases to 4 kN as the concrete in Stage I has already
hardened and resisted the force. In Stage Ⅲ, all values of
the tension load for cables are very small as concrete in
Stage I and Stage Ⅱ starts to harden and bear the force.
From the results of analysis, the maximum stress of the
embedded steel in the upright column in Self-supporting
Method reaches 99 MPa. As a result, concrete cracking
may happen, which threats the safety of the construction.
For this reason, Self-supporting Method is not suggested
to be utilized in engineering. In Self-balancing Method,
the maximum tension load of cables reaches 150 kN. In
Self-balancing & Self-supporting Method, the stress of
the embedded steel and cables much less than those in
Self-supporting Method and Self-balancing Method,
which shows cables work well with the embedded steel.
As a result, Self-balancing & Self-supporting Method is
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suggested in this study.
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process for the OCSRCS is performed. The following
conclusions are drawn:
(1) The stress in the embedded steel in the oblique beam
increases as the stage of concrete pouring increases.
In contrast, the stress of the embedded steel in the
oblique column and the upright column slightly
decreases as the stage of concrete pouring increases.
(2) Compared with Self-supporting Method and
Self-balanced
Method,
Self-balancing
&
Self-supporting Method shows the smallest values of
stress for the embedded steel and cables in the
construction process of the OCSRCS.
(3) Self-balancing & Self-supporting Method including
the self-supporting formwork, cables, and intelligent
equipment for tension adjustment exhibits good
mechanical behavior, and it can ensure the safety of
the construction for the OCSRCS.
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Fig. 6 Comparison of stress variation between FEM and
experimental data

(a) Stage Ⅰ
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Fig. 7 Stress distribution of the OCSRCS in Self-balancing
&Self-supporting Method

(a) Stage Ⅰ
(b) Stage Ⅱ
(c) Stage Ⅲ
Fig. 8 Stress distribution of the OCSRCS in Self-supporting
Method

(a) Stage Ⅰ

(b) Stage Ⅱ

(c) Stage Ⅲ
Fig. 9 Stress distribution of the OCSRCS in Self-balancing
Method

5. Conclusions
A new method named Self-supporting & Self-balancing
Method for construction of the OCSRCS is suggested to
replace the traditional Full-space Support Method. Field
Experiment and numerical analysis of construction
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Abstract
In order to study the effect of steel tube, pre-load and maximum temperature on residual performance of heated ultra-high
strength concrete (UHSC), an experimental program was carried out to investigate the physical and mechanical properties
of UHSC post-fire in room temperature. With total of 54 standard cylindrical concrete specimens subjected to various
temperatures ranging from 62℃ to 496℃, their residual compressive strength was measured after natural cooling down.
By comparing the test results of standard cylindrical concrete specimens with the results of the bare specimens in and after
fire, the author knew that the residual compressive strength of standard cylindrical concrete specimens decayed more
serious after exposing to same temperature. Seen from the results, the maximum temperature which the specimens
suffered was found to be responsibility to the reduction of the compressive strength. Finally, based on the analysis of test
results, simple formulae were proposed to describe the effect of maximum temperature on residual performance of heated
UHSC which infilled the steel tube.
Keywords: Ultra-high strength concrete, Steel tube, Physical and mechanical properties, Post-fire, Experiment
room temperature. The long composite columns were cut
into small pieces and the UHSC was got out from the part
of ultra-high strength concrete filled steel tube columns
and made into standard cylindrical specimens after
exposure to different temperatures. 3 standard cylindrical
specimens were in 1 group and there were 18 groups of
the test specimens. 10 groups were got out from UHSC
filled circular tube columns and the others were got out
from UHSC filled square tube columns. With total of 54
standard cylindrical concrete specimens subjecting to
various temperatures ranging from 62℃ to 496℃, their
residual compressive strength, elastic modulus was
measured after natural cooling down. Seen from the
results, the maximum temperature which the specimens
suffered was found to be responsibility to the reduction of
the compressive strength and elastic modulus and so on.
In other words, the maximum temperature played an
important role and led to a big degradation in UHSC
mechanical properties.

1. Introduction
Nowadays, with the growth of engineering structure
towards large span, high rise and even ultra-high rise, the
applications of UHSC filled steel tubular columns were
increasing. This was because the composite column had
many advantages in load-bearing, for example, the steel
casing confines the concrete laterally, allowing it to
develop its optimum compressive strength, while the
concrete, in turn, prevented elastic local buckling in the
steel wall (Lyu, et. al, 2018). Another advantage of
concrete filling was that it also increased the fire
resistance of the column without the need for external fire
protection for the steel (Kodur, 1998). This increased the
usable space in the building. In recent years, ultra-high
strength concrete has become an attractive alternative to
traditional plain concrete, since it further increased the
load-carrying capacity of steel hollow structural section
columns. As the main component of the composite
column, UHSC in room temperature and in high
temperature was studied by many researchers (Liew, et. al,
2014; Chung, et. al, 2013). There was little available in
the literature on its performance post-fire. In this paper,
test results of mechanical properties of ultra-high strength
concrete post-fire in room temperature were presented.
In the earlier work, fire resistance experiment of
ultra-high strength concrete (UHSC) filled steel tubular
(including circular tube and square tube) columns was
conducted. In order to study the effect of steel tube,
pre-load and maximum temperature on residual
performance of heated UHSC, an experimental program
was carried out to investigate the physical and mechanical
properties of ultra-high strength concrete post-fire in

2. Test Program
2.1 Specimen Making
The UHSC was made from a pre-blended mixture
comprising cementitious material superplasticizer and
fine aggregates with maximum sizes less than 4.75mm
(Xiong and Liew, 2016). The UHSC was got out from the
part of ultra-high strength concrete filled steel tubular
(including circular tube and square tube) columns and
made into standard cylindrical specimens. The size of
cylinder specimen is 100×100 mm. All of the cylinder
specimens taken out from the composite columns were
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shown in Figure 1.

(C) Specimen on the compression machine
Figure 2. Damage of specimens after test
3. Results and Discussion

Figure 1. Standard cylinder specimens

3.1 Mechanical Properties
In order to assess the effect of temperatures on the
concrete mechanical properties, comparisons between
compressive strength in room temperature and residual
compressive strength in high temperature were made. The
results of these comparisons were shown in Table 1 and
Table 2.

2.2 Test Procedure
The cylinder specimens taken out from composite
columns were processed to be standard cylinder
specimens following Chinese standard CECS 03:2007
(CECS, 2007). 2000 kN Oil compression machine was
used in the test. The speed of load on specimens was 0.5
MPa/s. The damage of the specimens with different
temperature after cooling down and test was shown in
Figure 2.

Table 1. Comparisons of compressive strength of UHSC
post-fire (Specimens from circular composite columns)
specimen fcr(T) (MPa) fc (MPa) fcr(T)/fc Tmax (℃)
CC-2-2X
115
161
0.71
256
CC-2-3X
120
165
0.73
160
CC-2-4X
106
168
0.63
332
CC-2-5S
85
164
0.52
496
CC-2-5X
83
164
0.51
496
CC-2-6X
122
163
0.75
72
CC-3-1X
107
181
0.59
376
CC-3-2S
133
181
0.73
62
CC-3-2X
139
181
0.77
62
CC-4-1X
126
180
0.7
277

(a) Specimens from circular composite columns

Table 2. Comparisons of compressive strength of UHSC
post-fire (Specimens from square composite columns)
specimen fcr(T) (MPa) fc (MPa) fcr(T)/fc Tmax (℃)
SC-2-1S
130
163
0.80
159
SC-2-2S
123
174
0.71
275
SC-2-3S
125
173
0.72e
258
SC-2-4S
116
170
0.68
292
SC-2-4X
117
170
0.69
292
SC-2-5S
101
166
0.61
357
SC-2-5X
103
166
0.62
357
SC-2-6X
131
166
0.79
161
Seen from Table 1 and Table 2, the compressive strength
of UHSC decreased obviously with the high temperature
the specimens suffered. Figure 3(a)&(b) showed the
comparison of test results and the data from references
(Xiong and Liew, 2016; Eurocode 2, 2004) . As was
showed in Figure 3, the compressive strength post-fire

(b) Specimens from square composite columns
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was decreased more serious than that in fire.

(a) Specimens from circular composite columns
(a) Comparisons of experiment and Xiong’s test

(b) Specimens from circular composite columns
(b) Comparisons of experiment and EC 2

Figure 4. Comparison of experiment and simple
equation

Figure 3. Comparisons of experiment and references

Figure 5 showed the comparison of calculation results
by simply equation and data from references (Li and
Guo, 1993; Xu and Xu, 2000).

3.2 Simple method for UHSC post-fire
Based on the data from experiment of UHSC post-fire, the
simple equation can be described as follows,
For specimens from circular composite columns:
f cr (T )
 0.7637  2 105 T  106 T 2 ,
fc
(1)

20℃  T  800℃
For specimens from square composite columns:
f cr (T )
 0.8629  2 104 T  106 T 2 ,
fc

(2)

20℃  T  800℃

Figure 4(a)&(b) showed the comparison of data from
experiment and calculation results by simple equation.

Figure 5 Comparison of simple equation and references
4. Conclusion
(1) With the presented results out of the test program, it
could be shown that the compressive strength of UHSC
decreased more serious with the temperature the
specimens suffered higher and higher. Compared to
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concrete strength with drilled core. China
ECS (2004), Eurocode 2: Design of Concrete
Structures-Part 1-2, General Rules-Structural Fire
Design, EN 1992-1-2, European Committee for
Standardization.
Li, W and Guo Z. H. (1993). “Experimental investigation
of strength and deformation of concrete at elevated
temperature.” Journal of Building Structures, 14(1), pp.
8-16 (In Chinese).
Xu, Y and Xu Z. S. (2000). “Experiment investigation of
strength of concrete after High temperature.” Concrete,
2, pp. 44-45 (In Chinese).

Eurocode 2, the compressive strength reduction
coefficient of was smaller than normal siliceous
aggregates concrete but was bigger than C90/105 high
strength concrete when the temperature exceeded 150oC.
This was because that the constraint of steel tube slowed
down the damage of UHSC inside.
(2) With the same temperature, the residual compressive
strength of USHC inside steel tube was lower than that of
bare UHSC in fire and post-fire. This was because that the
UHSC suffered pre-load with the steel tube in fire before
experiment post-fire. The pre-load on composite columns
made the compressive strength of UHSC inside decayed
obviously.
(3) Based on the experiment of UHSC, simple equations
were proposed to calculate the residual compressive
strength of UHSC inside the steel tube post-fire.
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Abstract
With the development of steel making technology, using fire and corrosion resistant steel and encased profiled steel
sheeting to promote the fire resistance of composite beams has become a new solution for fire design of steel structure.
Adopting appropriate thermo-mechanical material properties and calculating strategy, the accuracy and reliability of the
numerical model were verified by comparing the results calculated in Abaqus platform with the experimental data from
fire resistance tests of steel-concrete composite beams. Based on the proposed benchmark model, adopting different
sectional and material parameters, conclusions were made that steel beam height, composite slab height, encased profiled
steel sheeting have great impact on the final deconstruction time of the fire and corrosion resistant steel-concrete
composite beam; steel beam height, composite slab height have great influence on the deflection development of the
composite beam; using bearing capacity method will be unsafe for such type of beam when load ratio is less than 0.4.
Keywords: Fire and corrosion resistant steel, Composite beam, influencing factors, fire resistance
1. Introduction
With the development of steel making technology,
the appearance of fire-resistant steel had enhanced the
possibility of eliminating fireproof coating in steel and
composite structures. Meanwhile, experimental results
showed that composite slabs consisting of encased
profiled steel sheeting has better fire resistance
performance comparing to those made of usual sheeting
(Shi and Yang, 2018). Hence using both fire-resistant steel
and encased profiled steel sheeting to promote the fire
resistance of steel and composite structures has become a
new possible solution for structural fire engineering.
Existing research take more attention on the fire
resistance performance of composite beam consisting of
normal structural steel and trapezoidal sheeting (Li and
Zhou, 2007; Jiang and Ranzi, 2016). In 2021 WANG W.
H. first conducted standard fire tests for fire and corrosion
resistant steel-concrete composite beams consisting of
encased profiled steel sheeting, and provide the first view
of the performance of such type of beam at high
temperature (Wang and Yu, 2021).
In order to evaluate the fire resistance performance
and better understand the influencing factors affecting the
deflection development and fire resistance of the
composite beam proposed by WANG W. H. (Wang and Yu,
2021), the present study built up a numerical model based
on the Abaqus platform and validated the proposed model
by comparing the calculating results with the tested results.
By varying the sectional and material parameters, the
influence of these parameters on the deflection
development and final deconstruction time were analyzed
at different load ratio. The configuration of the proposed
composite beams is shown in Figure 1.

Reinforcement Φ8@150X150
65 85

Φ16 Stud

Encased profiled
steel sheeting

185

150

92.5 177.5 100 100 177.5 92.5

H300X200X10X10

150

185

Figure 1 Configuration of composite beams proposed by
WANG W. H. (Wang and Yu, 2021) (unit:mm)
2. Description and verification of the FE model
2.1. General thermal and mechanical modeling
A three-dimensional FE model was proposed, based
on Abaqus platform, to simulate the mechanical response
of the high-performance fire and corrosion resistant steelconcrete composite beams during fire exposure.
Sequential thermal-mechanical coupling method was
chosen for the calculation, during which the interact
between temperature and deformation was neglected. For
general settings of the model, concrete slab and steel beam
were modeled by 3D solid element, encased profiled steel
sheeting was modeled by shell element and the
reinforcement was modeled by 2D truss element.
In the heat transfer analysis, the reinforcement was
tied to the concrete slab and both encased profiled steel
sheeting and upper flange of the steel beam were tied to
the bottom of concrete slab. Three sides of the composite
beam were subjected to fire with the top of the composite
slab left unheated. The convective heat transfer
coefficients of concrete unexposed surface, concrete
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exposed surface and steel exposed surface were chosen as
10 W/(m2∙℃), 25 W/(m2∙℃) and 10.8 W/(m2∙℃) referring
to Guo’s test results (Guo and Lei, 2011). The emissivity
of the exposed surface of concrete and steel were chosen
as 0.4 and 0.7 respectively with accordance to literature
(Lamont and Usmani, 2001). It should be noted that when
verifying the FE Model, temperatures of the steel beams
and encased profiled steel sheeting were directly assigned
with the data from tests, neglecting the heat transfer
analysis, while in parametric study temperatures for steel
beams and steel sheeting were calculated by the heat
transfer analysis.
In the coupled thermo-mechanical analysis, the
reinforcement was embedded in the concrete slab,
neglecting the bond slip. The encased profiled steel
sheeting was connected to the concrete slab node-to-node
by connector element, considering the portrait bond slip
along the beam. The steel beam was connected to the
concrete slab at every stud location by connector element,
also take portrait bond slip into consideration. The contact
between concrete slab and steel beam was chosen as
surface-to-surface contact with friction coefficient set as
0.3.
2.2. Material properties
2.2.1. Concrete
In the present study, concrete thermal properties were
modeled with both conductivity and specific heat
calculated according to item 3.3.2 of Eurocode 4.
However, since abrupt change in thermal expansion
coefficient would arouse instability in numerical
calculation, the thermal expansion coefficient of concrete
was calculated by the linear formula provided by Lie (Lie
and Irwin, 1995) instead of by formula 3.4 in Eurocode 4.
For concrete mechanical properties, concrete damage
plastic model in Abaqus was chosen as the yield criterion
at high temperature. The other calculating method for
concrete performance in different stress state are present
below.
The behavior of concrete in compression at high
temperature was calculated by the constitutive model
stipulated in item 3.2.2 in Eurocode 4, with reduction
factors of strength chosen from table 3.3.
The behavior of concrete in tension at high
temperature was assumed to be linear elastic before
cracking. Linear softening was chosen as the softening
model with fracture energy calculated by formula
recommended in fib Model Code for Concrete Structures
2010.
2.2.2. Structural steel
The thermal and mechanical properties of structural
steel were chosen form item 3.2.1 and item 3.3.1 in
Eurocode 4. Since the structural steel is used in the
reinforcement and contributes little to the bearing capacity
of the composite beam, perfect elastoplastic is selected as
the constitutive model for structural steel.
2.2.3. Fire and corrosion resistant steel plate (10mm)
WU Y. R. had conducted 30 high temperature tensile
tests with specimens made of 8mm thick fire-andcorrosion resistant steel in 2018 (Wu, 2018). Thus, the

mechanical properties of fire and corrosion resistant steel
plate (10mm) was approximated by the test results of 8mm
plate listed in literature (Wu, 2018). Since the material
composition of the fire and corrosion resistant steel
change little from the structural steel, the thermal
properties were chosen to be the same as structural steel.
2.2.4. Fire and corrosion resistant steel sheet (1.2mm)
YU X.L. had conducted 33 high temperature tensile
tests with specimens made of 1.2mm thick fire and
corrosion resistant steel and had obtained the stress-strain
relationship of such material at high temperature (Yu and
Shi, 2021). Hence in the present study, the mechanical
properties of fire and corrosion resistant steel sheet was
chosen from the test results listed in literature (Yu and Shi,
2021) with thermal properties also set the same as
structural steel.
2.2.5. Load-slip relationship of stud
The load-slip relationship of the stud was calculated
by the formula given by Ollgaard (Ollgaard and Slutter,
1971).
2.2.6. Bond-slip relationship of encased profiled steel
sheeting
In this paper, the bond slip relationship was chosen
from tested data of composite slabs consists of encased
profiled steel sheeting with shear span of 850mm (Shi and
Yang, 2018).
2.3. Verification of the FE Model
Two standard fire tests on simply supported fire and
corrosion resistant steel-concrete composite beams
conducted by WANG (Wang and Yu, 2021) were selected
for the verification of the proposed numerical model and
the configuration of the tested beams are shown in Figure
1. Figure 2 shows the comparison of numerically
calculated mid-span deflection-time curve with those
measured from standard fire test. It is shown that the
calculated mid-span deflection development and the fire
resistance are relatively in consistence with those
measured in tests. Nevertheless, the calculated deflections
at first 40 mins were much lower than those measured,
which is likely due to the difference between the measured
temperature and the real temperature in steel beam, caused
by coverage of some fire-proof mud right above the
thermocouple. In general, the proposed numerical model
could reflect the performance of fire and corrosion
resistant steel-concrete composite beams subjected to
standard ISO-834 fire.
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the bearing capacity method to define the fire resistance
of such composite beam, it will be unsafe when load ratio
is less than 0.4 since the deflection at the final
deconstruction point is too large. Hence how to define the
fire resistance for such type of beam needs further
discussion.

Figure 2 Comparison of calculated deflection-time curve
with the test results
3. Parametric study and discussion
In an effort to better understand the influence of
different sectional and material parameters to the fire
resistance of fire and corrosion resistant steel-concrete
composite beams, parametric studies were carried out
with variation of height of the steel beam, thickness of the
composite slab, thickness of the encased profiled steel
sheeting etc. The complete parameters considered in this
study were listed in Table 1.

0
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Steel beam height
Composite slab thickness
Steel sheeting thickness
Steel beam strength
Concrete cubic strength
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Figure 3 Influence of steel beam height to the fire

For the sake of representativeness, a benchmark
model was selected and all the comparison were based on
such model. More details of the benchmark model are
shown in Table 2. To eliminate the influence of material
thermal expansion coefficient and stress-strain
constitutive model, the thermal expansion coefficient of
concrete and steel were set as 1.010-5 and 2.010-5
respectively with steel stress-strain constitutive model set
as perfect elastoplastic, in which manner a conservative
result of deflection and fire resistance would achieve.

resistance at 0.2 load ratio
0.0
0
Mid Span Deflectioin/mm

-50

Table 2. Parameters of the benchmark model
Parameter Name
Concrete cubic compressive
strength
Concrete slab thickness
Concrete slab width
Steel sheeting thickness
Steel sheeting yield strength
Steel beam yield strength
Steel beam flange thickness
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Table 1. parameters considered
Parameter type

0

Value

-100
-150
-200
-250

2.5

Exposed Time/min
5.0
7.5 10.0 12.5

hs=300mm
hs=350mm
hs=400mm
hs=450mm
hs=500mm

15.0

17.5

Performance Point

-300
-350

Final deconstruction

-400

30 MPa

-450

150 mm
1148 mm
1.2 mm
420 MPa
420 MPa
H 3002001010

Figure 4 Influence of steel-beam height to the fire
resistance at 0.5 load ratio
3.2. Influence of concrete slab height
Figure 5 shows the impact of concrete slab height to
the deflection development of proposed composite beam.
It is obvious that with the increase in slab height, the
deflection of the proposed composite beam will be smaller
and the final deconstruction time of the composite beam
will delay even at a fixed load ratio. This is likely due to
the better fire resistance performance of concrete
comparing to steel and a larger contribution of concrete to
the moment resistance of the composite beam.

3.1. Influence of steel beam height
The influence of steel beam height to the deflection
development and the fire resistance of the proposed
composite beam subject to different load ratio are shown
in Figure 3 and Figure 4. A collective conclusion could be
made that all the deflection-time curve would intersect at
one performance point depending on the load ratio. When
fire exposed time is less than the performance point, the
larger steel beam height is, the smaller the deflection will
be. Nevertheless, while the fire exposed time exceeds the
performance point, the larger steel beam height is, the
faster the deflection development rate will be and the
deconstruction will be more sudden. Moreover, if using
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great impact on the final deconstruction time of the fire
and corrosion resistant steel-concrete composite beam;
(2) Steel beam height, composite slab height and
steel beam web thickness have great influence on the
deflection development of the composite beam;
(3) Using bearing capacity method to calculate the
fire resistance of the proposed composite beam will be
unsafe when load ratio is less than 0.4.
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Figure 5 Influence of concrete-slab height to the fire
resistance at 0.2 load ratio
3.3. Influence of steel sheeting thickness
The contribution of steel decking is usually neglected
in structural fire design, nevertheless, the contribution of
encased profiled steel sheeting might not be leaved out
since the temperature of encased part rise much slower
than the bottom of the decking. Figure 6 shows the
influence of steel sheeting thickness to the deflection
development of proposed composite beam. It is shown
that the thickness of encased profiled steel sheeting has
little impact on the deflection development but contribute
a lot to the final deconstruction time, which means that
encased profiled steel sheeting contributes to the moment
resistance and could not be neglected.
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Figure 6 Influence of thickness of encased profiled steel
sheeting to the fire resistance at 0.2 load ratio
4. Conclusions
Numerical model for fire and corrosion resistant
steel-concrete composite beams was established in
Abaqus platform and validated by comparing with the test
results, followed by the parametric study considering
sectional and material parameters. Important conclusions
of the parametric study are as follows:
(1) Steel beam height, composite slab height, encased
profiled steel sheeting and steel beam web thickness has
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Abstract
In order to repair and enhance the loading capacity of steel and concrete structures, carbon fibre reinforced polymer
(CFRP) has been extensively utilized as a reinforcement material in recent years because they have high strength and
lightweight. The polymer adhesive is employed to bond the CFRP laminate to the surface of the steel or concrete members.
However, the strength and stiffness of the polymer matrix in CFRP and polymer adhesive are severely degraded at the
glass transition temperature, which has a low temperature in the range of 55 oC to 120 oC. Thus, the CFRP laminates are
coated by a fire insulation layer to maintain the loading capacity of structures under fire conditions. The behavior of steel
and concrete members strengthened with CFRP at normal temperature and concrete members strengthened with CFRP
under fire have been extensively studied. However, the studies on the behavior of steel beams strengthened with CFRP
under fire are limited. This paper aims to assess the fire resistance of strengthened steel beams by using CFRP laminate
under fire subjected to a concentrated load at mid-span. A numerical model was developed to estimate the fire resistance
of CFRP-strengthened steel beams by utilizing the finite element analysis program, ABAQUS. The model of the steel
beam strengthened with CFRP laminate was validated by comparing the numerical analysis data and the result obtained
from the test. The simply supported beam with a length to height ratio of 20 was analyzed. The parameters used in this
paper were the length of CFRP and the thickness of fire insulation. The ratios of the length of the CFRP to the beam length
were 0.3, 0.5, 0.7, and 0.9. Fire insulation with a thickness of 20 mm and 30 mm was used to cover the steel beam and
CFRP. The behavior of the unreinforced steel beam was investigated and used as a control beam. The combined
influences of initial imperfection and residual stress were also considered. The result showed that the length of CFRP and
the thickness of fire insulation have a significant effect on the fire resistance of the steel beam under fire. The finite
element method is a useful solution to investigate the fire resistance of steel beams strengthened with CFRP exposed to
fire.
Keywords: Finite element analysis, CFRP, Steel beam, Fire
on the beam. Nonetheless, the studies on the behaviour of
steel beams strengthened with CFRP under fire are limited.
This study focus to investigate the flexural strength of
simply supported steel beams strengthened with CFRP
under fire by using the finite element method.

1. Introduction
Carbon fibre reinforced polymer (CFRP) is a high
strength material and lightweight so it has been
extensively utilized as a reinforcement material to repair,
strengthen, and retrofit structures. However, the strength
and stiffness of the polymer matrix in CFRP and polymer
adhesive are severely degraded at the glass transition
temperature, which has a low temperature in the range of
55 oC to 120 oC (Cree et al. 2015). Thus, the CFRP
laminates are coated by a fire insulation layer to maintain
the loading capacity of CFRP-strengthened structures
under fire conditions. Ahmed and Kodur (2011), Carlos et
al. (2018) experimentally studied the flexural behavior of
reinforced concrete (RC) beams strengthened with CFRP
under fire. In their studies, the RC beam protected with an
insulation layer was imposed simultaneously a four-point
bending and fire exposure. The behavior of steel beams
strengthened with CFRP at normal temperature was also
investigated by Deng and Lee (2007) and Siwowski and
Siwowska (2018). CFRP was bonded to the bottom flange
(e.i. tension flange). Three-point bending and four-point
bending test was done by applying two concentrated loads

2. Modeling and Parameters
2.1. Finite element modeling
A finite element analysis (FEA) program, ABAQUS
(2020) was utilized to investigate the flexural strength of
CFRP-reinforced steel beams subjected to a concentrated
load at midspan and fire. Two steps of ABAQUS analysis
are undertaken: Heat transfer analysis and Structural
analysis. In heat transfer analysis, the four-node heat
transfer quadrilateral shell element (DS4) was used to
model the steel beam and CFRP. The fire insulation (FI)
and adhesive layer were modelled with an eight-node
linear heat transfer brick element (DC3D8). In structural
analysis, the steel beam and CFRP were modelled
utilizing a four-node reduced integration shell element
(S4R). The adhesive layer was modelled with an
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reduction factors for yield stress, Ky, and modulus of
elasticity, KE, of steel, and CFRP against temperature. Fig.
1(d) illustrates the idealized stress-strain curve of steel.
Thermal properties of steel, CFRP, and CAFCO 300 were
taken from EN 1993-1-2 (2005), Griffis et al. (1981), and
Imran et al. (2018), respectively.

eight-node
three-dimensional
cohesive
element
(COH3D8). The beam was exposed to ISO-834 standard
fire (1999) on four sides. The initial out-of-straightness
was taken as L/1,000. The values of residual stress were
taken from ECCS (1984)
The cross-section of steel beam used for this study was an
M700x300x24x13, hot-rolled section taken from Hyundai
Steel (2015) with a length-to-hieght ratio of 20. The ratios
of the length of the CFRP to the beam length were 0.3, 0.5,
0.7, and 0.9. The thickness of the FI is 20 mm and 30 mm.
Table 1 shows the detailed properties of the steel beam,
CFRP and adhesive.

3. Model Validation
The test data of steel beam strengthened with CFRP under
fire is limited. Thus, the validation of the finite element
model was done by comparing FEA results with the test
data of CFRP-strengthened steel beam under normal
temperature and reinforced concrete (RC) beam
strengthened with CFRP under fire.
The simply supported steel beam strengthened with CFRP
under normal temperature was tested by Deng and Lee
(2007). The control steel beam was 127x76UB13
cross-sections with an unbraced length of 1100 mm. The
three selected beams are S300, S304, and S310 with the
CFRP plate length of 0 mm, 400 mm, and 1000 mm,
respectively. Fig. 2 presents the comparison of
load-deflection curves between the FEA results and the
test. It can be seen that the load-deflection curves obtained
from FEA match well with test data.

Table 1. Properties of steel beam, CFRP and adhesive
Material
Propertíes
Values
Beam height, h(mm)
700
Flange width, bf (mm)
300
Flange thickness, tf(mm)
24
Steel Beam
Web thickness, tw(mm)
13
Elastic modulus, Es (GPa)
210
Yield stress, fy (MPa)
275
Width, bCFRP (mm)
300
CFRP
Thickness, tCFRP(mm)
3
Elastic modulus, ECFRP (GPa)
212
Thickness, ta (mm)
1
Adhesive
Elastic modulus, Ea (GPa)
8
Tensile strength, fa (Mpa)
29.7
2.2. Material properties at elevated temperature
In order to assess the fire resistance of
CFRP-strengthened steel beams covered by insulation
material under fire, temperature-dependent material
properties of steel, CFRP, and fire insulation must be
taken into consideration.

Figure 2. Load-deflection curves of the tested steel beam

(a) Thermal conductivity

(c) Reduction factors

The CFRP-strengthened RC beam subjected to fire was
tested by Ahmed and Kodur (2011). The RC beam was
254 x 406 mm cross-section and 3660 mm clear span
length. The selected beam was beam B2 reinforced by a
CFRP sheet of 3660 mm length and 203 mm width and
was protected by an insulation layer with a thickness of 25
mm.

(b) Specific heat

(d) Stress-strain curve

Figure 1. Material properties at elevated temperature
Figs. 1(a) and 1(b) show the thermal conductivity and
specific heat of steel, CFRP, and fire insulation at elevated
temperatures, respectively. In this study, CAFCO 300 was
used as an insulation material. Fig. 1(c) shows the

Figure 3. Comparison of temperaure in RC beam between
FEA and experiment
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Figure 4.Comparison of midspan deflection between FEA
and experiment

Figure 6. Load-displacement curves for tension flange
strengthened with CFRP at normal temperature

Figs. 3 and 4 present the comparison of temperature and
midspan deflection between the FEA results and
experimental data respectively. These figures show that
the FEA results are in good agreement with the
experimental data.
4. Data and Results
4.1. Temperature distribution in the beam
Fig. 5 illustrates the temperature-time curve of the
CFRP-strengthened beam subjected to ISO-834 fire. The
figure shows that the temperature in CFRP is slightly
higher than the temperature in the steel beam. The
temperature in the steel beam and CFRP decrease as the FI
thickness increases.

Figure 7. Load-displacement curves for compression
flange strengthened with CFRP at normal temperature
Table 2. Moment capacity at normal temperature
Case
CFRP length Capacity, kN.m % increase
No CFRP
CFRP-0.0
808.82
0.0
CFRP-0.3
811.87
0.4
CFRP on
CFRP-0.5
815.79
0.9
tension
CFRP-0.7
819.20
1.3
flange
CFRP-0.9
824.43
1.9
CFRP-0.3
865.99
7.1
CFRP on
CFRP-0.5
877.78
8.5
compressiCFRP-0.7
884.94
9.4
on flange
CFRP-0.9
895.01
10.7

Figure 5. Temperature distribution in steel beam

4.3. Moment capacity of CFRP-strengthened beam
under fire
Fig. 8 presents the reduction ratio in moment capacity of
the steel beam without CFRP. This figure indicates that
the reduction in the moment capacity of the beam is less
as the thickness FI increases because the temperature in
the beam decreases as the FI thickness increases.
Figs. 9 and 10 show the reduction ratio in moment
capacity of the steel beam in the case of compression
flange strengthened with CFRP under fire with the FI
thickness of 20 mm and 30 mm, respectively. In the case
of a 20-mm thick FI, the debonding of CFRP occurred at
20 minutes with the CFRP ratio from 0.3 to 0.7 and 25
minutes with the CFRP ratio of 0.9. In the case of a
30-mm thick FI, the debonding of CFRP occurred at 25
minutes with the CFRP ratio from 0.3 to 0.5, and 30 and

4.2. Moment capacity of CFRP-strengthened beam at
normal temperaure
Figs. 6 and 7 show the moment capacity of the steel beam
in the case of tension flange and compression flange
strengthened with CFRP at normal temperature,
respectively. Fig. 6 presents that the CFRP has no
significant influence on the buckling capacity of the steel
beam in the case of tension flange strengthened with
CFRP at normal temperature. The buckling capacity
increases significantly in the case of compression flange
strengthened with CFRP, as shown in Fig. 7. The moment
capacity of CFRP-strengthened steel beams at normal
temperature is summarized in Table 2.
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35 minutes with the CFRP ratio of 0.7 and 0.9,
respectively. It is also found that the strengthening effect
of CFRP on steel beams increases as the CFRP length
increases.

strengthened with CFRP at normal temperature. The
strengthening effect of CFRP on steel beams increases as
the CFRP length increases. The strengthening effect of
CFRP on steel beams is maintained in about 20 to 35
minutes. Then, the debonding of CFRP occurred because
of the softening of the adhesive layer at a high
temperature. The strengthening effect of CFRP on steel
beams increases as the CFRP length increases.
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Figure 8. Reduction ratio of beams without CFRP under
fire

Figure 9. Reduction ratio of CFRP-strengthened beams
with 20 mm-thickness FI under fire

Figure 10. Reduction ratio of CFRP-strengthened beams
with 30 mm-thickness FI under fire
5. Conclusions
This paper presents a finite element analysis on the fire
resistance of CFRP-strengthened steel beams covered by
insulation material under fire. The results show that the
CFRP has a significant influence on the moment capacity
of the steel beam in the case of compression flange
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Abstract
The buckling restrained bracing (BRB) is widely used to improve seismic behavior of buildings. They are employed for
bridges as well, but the application is limited. BRB can be used also as a damper, in which case the device may be called
a buckling restrained damper (BRD). Yet such application has not been explored much. Seismic design codes for bridges
are improved and, in general, larger seismic resistance becomes required, whenever a big earthquake took place and
causes considerable damage on bridges. Especially, the 1995 Kobe Earthquake has changed the seismic design codes in
Japan significantly. Yet quite a few bridges designed by old design codes are still in service. The seismic resistance of
many of those bridges do not satisfy the current seismic design codes. Against this background, the behavior of a steel
arch bridge under a large seismic loading is investigated by the nonlinear dynamic finite element analysis. Some members
are indeed found possibly damaged in the earthquake. Retrofit is needed. To this end, the application of BRD is tried in the
present study: a parametric study on the seismic behavior of the arch bridge with BRD is conducted by changing the
length and the cross-sectional area of the yield core. The effectiveness of BRD is then discussed based on the numerical
results thus obtained. In all the analyses, ABAQUS is used.
Keywords: Buckling Restrained Damper, Energy Absorption, Steel Arch Bridge, Seismic Behavior, Nonlinear Dynamic
Analysis
Only a part of the BRD device undergoes plastic
deformation and absorbs seismic energy. This part is
called the yielding core. The remaining part stays elastic
and its deformation is small. In this study, the latter is
assumed rigid. The length and the cross-sectional area of
the yielding core are treated as parameters, and several
values are given to them. For all the analyses, ABAQUS
(2013) is used.

1. Introduction
Many bridges were damaged in the past due to the
earthquake, some were very badly. The damages were
thoroughly investigated in the aftermath, and seismic
design codes were upgraded whenever found necessary.
New bridges are designed by the revised design codes.
Existing bridges need be checked to see if they satisfy the
requirements of the revised seismic design codes. If the
performance is not satisfactory, the bridge would be
retrofitted.
There are various ways to improve seismic performance.
One of the commonly employed methods is to install
dampers. A typical type is a fluid viscous damper. For the
building, the buckling restrained bracing (BRB) is getting
popular (Takeuchi and Wada 2017). It is not a damper but
a structural member and undergoes plastic deformation
under large seismic loading. Buckling is prevented by
limiting the lateral displacement so that seismic energy is
absorbed by the plastic deformation. The application of
BRB to the bridge has been tried out (Usami 2005), and
yet it is still very limited.
The BRB device is not necessarily used as a bracing solely.
It could be used as a damper, which then may be called the
buckling restrained damper (BRD). In the present study,
the application of the BRD is studied for retrofitting a
steel arch bridge that does not satisfy the requirements of
the current seismic design codes. The parametric study of
BRD is to be carried out to reveal its effectiveness on the
seismic performance of the bridge.

2. Safety Evaluation
2.1. Arch bridge and modelling
A steel arch bridge model based on an existing bridge is
investigated in this study. It is 300 m long with the central
span of 220 m. Since the bridge is symmetrical with
respect to the bridge axis and the seismic excitation
considered is in the longitudinal direction, only a half of
the bridge is analyzed. Figure 1 shows this steel arch
bridge. Numbers are given to the joints of the members.
Joints 7 and 63 are supported by hinges while Joints 1 and
68 are attached to rollers. The arch members are made of
two different grades of steel, SM490Y and SM400. The
yield strengths σy of SM490Y and SM400 are 355 N/mm2
and 235 N/mm2, respectively. Young’s modulus E of steel
is 2.0×105 N/mm2, Poisson’s ratio is 0.3 and the mass
density is 7850 kg/m3 for both steel grades. Beyond the
yield strength, the steel shows elastic-plastic behavior,
which is modeled as von Mises material with the
kinematic hardening rule. The tangent stiffness beyond
the yield strength in uniaxial stress is assumed E/100.
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(a) Top view

(b) Side view

(c) Bottom view
Figure 1. Steel arch bridge model (mm)
Following Specifications for Highway Steel Bridges
(Japan 2017), the safety is judged by the following
equations:
Rt = σ/σy < 1.0 under tension
Rc = σ/σcr < 1.0 under compression

(1)
(2)

where σ is the induced axial normal stress and σcr is the
compressive strength. The violation of the inequality (1)
indicates that the member yields, while the violation of
the inequality (2) implies that local buckling takes place.
The original arch bridge model is analyzed first. The
numerical results indicate that the members possibly
damaged are highlighted in blue and red in Figure 1. The
blue indicates the violation of Eq. (2), whereas the red the
violation of Eqs. (1) and (2). The number of those
members is 18, as Table 1 shows together with Rt and Rc.
Apparently, this steel arch bridge needs to be retrofitted.

Figure 2. 1995 Kobe Earthquake

The bridge has a reinforced concrete deck of 13.5 m in
width and 270 mm in thickness on the upper chords. Since
the damage in the concrete deck can be expected little, the
deck is treated as an elastic body for the sake of simplicity.
Young’s modulus of the concrete is 2.0×10 4 N/mm2,
Poisson’s ratio is 0.2 and the mass density is 2350 kg/m3.
Damping factors are 2% for the steel members and 3% for
the concrete deck. Rayleigh damping is employed. The
3-D beam element B33 is used for the steel members, and
the shell element S4D for the concrete deck.

3. Installment of BRDs
3.1. BRD model
LY225 is used for the yielding core of the BRD. LY225 is
a steel grade with Young’s modulus 2.0×105 N/mm2,
Poisson’s ratio 0.3 and the yield strength 225 N/mm2. It
exhibits the elastic-plastic behavior of the von Mises
material with the kinematic hardening rule. The tangent
stiffness beyond the yield strength in uniaxial tension is
3E/100. The BRD is made in such a way that the buckling
is prevented. Therefore, the yielding core is modeled by a
single truss element of T3D2.

2.2. Seismic performance
The seismic behavior of the steel arch bridge under
seismic loading is obtained by the nonlinear dynamic
analysis. The seismic loading based on the record taken in
1995 Kobe Earthquake (Figure 2) is applied in the
longitudinal direction.

410

(a) Model-1

(b) Model-2
Figure 3. Steel arch bridge model with BRDs
Table 1. Damaged members in original arch bridge
Member
10-11
14-15
Column
30-31
54-55
58-59
10-15
14-19
26-31
30-35
Inclined
35-38
post
39-42
47-50
51-54
55-58
15-19
Lower
19-23
chord
25-27
27-31

Rt
0.818
0.529
0.645
0.618
1.019
1.022
1.018
1.012
1.023
1.080
0.918
0.752
1.012
1.006
0.186
0.237
0.283
0.318

Table 2. Damaged members in Model-1

Rc
1.199
1.176
1.048
1.181
1.184
2.497
1.856
1.910
1.043
1.131
2.868
1.189
2.423
2.943
1.018
1.014
1.134
1.021

Model
Case-1
Case-2
Case-3
Case-4
Case-5
Case-6
Case-7
Case-8

Without BRDs
BRD1, 2-6000-10000
BRD1, 2-6000-20000
BRD1, 2-6000-30000
BRD1, 2-6000-40000
BRD1, 2-12000-10000
BRD1, 2-12000-20000
BRD1, 2-12000-30000
BRD1, 2-12000-40000

Total number of
damaged members
18
9
5
6
6
9
6
7
8

Lyc = 6000, 12000 mm
Ayc = 10000, 20000, 30000, 40000 mm2
The combination of these values results in eight different
cases of BRDs, as can be realized in Table 2. The BRD
design is named using the values of the parameters. For
example, the BRDs-1, 2 with Lyc = 6000 mm and Ayc =
10000 mm2 are described as BRD1, 2-6000-10000.
The nonlinear dynamic analysis is conducted. The
application of BRDs reduces the damage and yet there are
still some members possibly damaged in all the cases
(Table 2). The least damage is found in Case-2, in which
Members 10-11, 14-15, 54-55, 58-59 and 10-15 are
possibly damaged. Observing the result in Case-2, four
more BRDs are added to Case-2, which is Model-2 in
Figure 3 (b).

3.2. Parametric study and effectiveness
To control the overall behavior of the bridge, two BRDs
are set up as shown in Figure 3 (a). This is referred to as
Model-1. To study the effective use of the BRD, a
parametric study is conducted. The parameters are the
length of the yielding core Lyc and the cross-sectional area
of the yielding core Ayc. Specifically, the following values
are considered herein:
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Table 3. Damaged members in Model-2
Models
Without BRDs
BRD1, 2-6000-20000
Case-9 BRD3, 4-2700-1000
BRD5, 6-2900-1000
BRD1, 2-6000-20000
Case-10 BRD3, 4-2700-1500
BRD5, 6-2900-1500
BRD1, 2-6000-20000
Case-11 BRD3, 4-2700-2000
BRD5, 6-2900-2000
BRD1,2-6000-20000
Case-12 BRD3,4-5400-1000
BRD5,6-5800-1000
BRD1, 2-6000-20000
Case-13 BRD3, 4-5400-1500
BRD5, 6-5800-1500
BRD1, 2-6000-20000
Case-14 BRD3, 4-5400-2000
BRD5, 6-5800-2000

Total number of
damaged members
18
0
0
1
0
1
1

A parametric study is then conducted with the following
parameters:
BRDs-3, 4: Lyc = 2700, 5400 mm
Ayc = 1000, 1500, 2000 mm2
BRDs-5, 6: Lyc = 2900, 5800 mm
Ayc = 1000, 1500, 2000 mm2
The horizontal displacements at Point A-D are reduced
considerably, and so is the seismic damage. As Table 3
shows, no damage may be expected in some cases.
4. Concluding remarks
The BRB device was applied to the steel arch bridge as a
damper, BRD. The nonlinear dynamic analysis of the steel
arch bridge was carried out, considering the material and
geometrical nonlinearities. It was found that the seismic
performance of the steel arch bridge would be improved
by BRDs. The damage may be totally eliminated by the
appropriate use of BRDs.
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Abstract
Stress-strain model is one of the important components of finite element analysis for accurate evaluation. For an
evaluation of large deformation behaviour, a true stress-strain model is needed although a nominal stress-strain
relationship can be obtained from a material tensile test. The modelling of a true stress-strain relationship has difficulty.
It depends on the occurrence of partial deformation after tensile strength that is called necking. The true stress-strain
model is necessary to include the relationship at the necking part. This study proposes a simple and easy model of the
true stress-strain relationship. That is, the relationship is modelled based on yield point and tensile strength obtained from
an inspection certificate of a steel plate; and other values are complemented. At first, relational expressions between
material properties were obtained by a regression analysis of the results of past tensile tests. And, the true stress-strain
relationship is modelled by values from the inspection certificate and complemented values. By comparing a tensile test
and finite element analysis based on the proposed true stress-strain model, the validity of the model is checked.
Keywords: True stress-strain model, structural steel, modelling, inspection certificate, finite element analysis
2. Modelling of stress-strain relationship
2.1. Method
The tri-linear model is well known as a simple stressstrain model. Although the model might not give exact
results, the modelling is easy. The tri-linear model consists
of four points; that is origin point, yield point, tensile
strength, and fracture point. Inspection certificate
provides yield point, tensile strength, and some other
mechanical and chemical properties. It can be obtained
easily because the steel material is usually stocked with it.
However, there is a lack of other values to modelling. The
other values are necessary to be complemented in some
ways.
By the way, the relationship between uniform
elongation and yield ratio is well known (Mitsuya, 2017).
This study focused on the relationship between properties
of material characteristics. A database of the results of the
reported past tensile tests was created in this study. And,
the relationship between the properties was found out by
regression analysis.
In general, the tensile test including the data of
inspection certificate gives the nominal stress and strain.
However, FEM analysis usually requires the true stressstrain model. Figure 1 shows a schematic diagram of the
stress-strain relationships of structural steels. The nominal
and true stress and strain can be converted Eqs. (1), (2).

1. Introduction
Stress-strain model is one of the important components of
FEM analysis of steel structures for accurate evaluation.
The stress-strain relationships are divided into two types;
that is, nominal type and true type. The true stress-strain
model is needed for the analysis including large
deformation. The nominal stress-strain relationship is
obtained from a material tensile test. And, the true stressstrain relationship is converted from the nominal one. The
conversion involves difficulty. It depends on the
occurrence of partial deformation after tensile strength;
that is called necking. The true stress-strain model is
necessary to include the relationship at the necking part.
Measuring the behaviour of the necking part until
fracturing is difficult.
This study focused on the true stress-strain
relationship of structural steel and proposes simple and
easy modelling of the relationship. A tri-linear model was
chosen in this study. Some values were based on
inspection certificate is usually dealt with steel plate and
easy to obtain it. Other values were complemented by
regression lines obtained in this study, that express the
relationships between material properties.
At first, results of some material tensile tests of steel
plates were collected by researching past reports, and a
database of the material properties was created. The
relational expressions between the material properties
were obtained by regression analysis of the database. A
tensile test was conducted to obtain an actual stress-strain
relationship. And, FEM analysis based on the proposed
stress-strain model was carried out. Then, the validity of
the model was confirmed by comparing the tensile test and
the FEM analysis.

𝑠 = 𝜎(𝜀 + 1)

(1)

𝑒 = ln(𝐿/𝐿0 ) = ln(𝜀 + 1)

(2)

where σ is nominal stress; ε is nominal strain; s is true
stress; e is true strain; L is length; L0 is original length. Eqs.
(1), (2) assume uniform deformation. The deformation
after tensile strength involves necking. Considering the
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incompressibility of plastic deformation (AL=A0L0), the
conversion is conducted by Eqs. (3), (4) instead of Eqs.
(1), (2), respectively.
(3)

𝑒 = ln(𝐴0 /𝐴)

(4)

where A is the cross-sectional area; A0 is the original crosssectional area. For the proposed model, Eqs. (1), (2) can
be adapted to the conversions at yield point and tensile
strength; and Eqs. (3), (4) is used the conversion at the
fracture point. The reduction area φ is defined as Eq. (5).
𝐴0 − 𝐴F
𝜑=
𝐴0

×

Yield
×
×

×
Tensile
strength

10

0

uEL = -0.398YR + 44.301
50

σF (N/mm2)

(6)

Fracture ×

True stress-strain s-e
×Fracture
Nominal stress-strain σ-ε

90

100

data n = 35
1,250

1,500

(b) Fracture stress

EL = -0.0333σY + 51.463

ε, e

data n = 160

75
EL (%)

Figure 1. Schematic of stress-strain relationship
2.2. Database
The database of the results of the tensile test of steel
material was created by researching past reports. The
material properties such as yield point, tensile strength,
fracture stress, uniform elongation, fracture elongation
and reduction area, and so on were collected from the
references (JSCE, 1973; NILIM and JISF, 2011; Tsuchida
et al., 2012; Iwata et al., 2013).

50
25
0
200

100

2.3. Results of regression analysis
The coefficient of correlation obtained by regression
analysis is summarized in Table 1. The combinations of
properties that give the largest coefficient shown with
underline were chosen. The relationships between the
material properties are shown in Figure 2. The regression
lines are determined by the method of least squares and
expressed as Eqs. (7)-(10).

uEL
σF
EL
φ

70
80
YR (%)

900
800
σF = 0.5369σT + 62.193
700
600
500
400
300
200
100
0
250
500
750
1,000
σT (N/mm2)

100

Table 1. Coefficient of correlation
σY
σT
EL
−
−
−
0.819
0.863
−0.645
−0.488
−0.486
−
−0.134
−0.164
0.051

60

(a) Uniform elongation

Necking

Uniform

15

(5)

𝐴0 /𝐴F = 1/(1 − 𝜑)

Deformation

20

5

where AF is the fracture cross-sectional area. Hence, A0/AF
can be obtained Eq. (6).

σ, s

data n = 228

25

uEL (%)

𝑠 = 𝜎(𝐴0 /𝐴)

30

400

600
σY (N/mm2)

800

1,000

(c) Fracture elongation

φ (%)

75
50
25

φ = -0.0071σT + 71.569
0
200

YR
−0.857
0.461
−0.435
−0.032

400

600
σT (N/mm2)

data n = 160
800

1,000

(d) Reduction area
Figure 2. Relationship between material properties
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𝑢𝐸𝐿 = −0.3980𝑌𝑅 + 44.301

(7)

𝜎𝐹 = 0.5369𝜎𝑇 + 62.193

(8)

𝐸𝐿 = −0.0333𝜎𝑌 + 51.463

(9)

𝜑 = −0.0071𝜎𝑇 + 71.569

(10)

3.2. FEM model
A FEM analysis was conducted by Abaqus standard 6.14.
Figure 5 presents the FEM model. One-eighth of the
parallel part of the test piece was modelled by the solid
element of C3D8R. The geometric nonlinearity was
considered. The diameter at the end of the model was a
little larger than that of the symmetric plane side to induce
necking. The tensile force was applied in the longitudinal
direction by imposed displacement given on the end
surface of the model.

where uEL is uniform elongation (%); YR is yield ratio (=
σY/σT, %); σY is yield point (N/mm2); σT is tensile strength
(N/mm2); σF is fracture stress (N/mm2); EL is fracture
elongation (%); φ is reduction area (%).

Symmetric
boundary
conditions
are given
on each
symmetric
planes
r 7 mm

3. Validation
Validity of the proposed true stress-strain model was
checked by comparing a tensile test and a FEM analysis.
3.1. Tensile test
A tensile test was conducted to obtain an actual stressstrain relationship. JIS No. 4 test pieces (JSA, 2011) were
prepared. The steel grade is SM490Y (JSA, 2020) which
is well used for steel bridges. The gauge length and
diameter of the parallel part is 50 and 14 mm, respectively.
The material properties obtained are summarized in Table
2. A test piece after the tensile test is shown in Figure 3.
Necking occurred at the centre of the parallel part. And,
obtained nominal stress-strain relationship is shown in
Figure 4. Each of the results was almost the same.

3.3. True stress-strain model
Figure 6 shows the true stress-strain models. The stresses
at yield point and tensile strength are based on the
inspection certificate; other values include strains at yield
point, tensile strength, and both stress and strain at fracture
are complemented by plugging the yield point, the tensile
strength, and the yield ratio for Eqs. (7)-(10). The Young’s
modulus and Poisson’s ratio adopted was 200,000 N/mm2
and 0.3, respectively. The case of FEM 1 is a tri-linear
model. And, the case of FEM 2 is different in point of the
interval between tensile strength and fracture point
connected with parabola curve intended to give lower i.e.
safety results.
1,200

s (N/mm2)
σ (N/mm2)

600

0.2

0.3

0.4

0

0.2

0.4

0.6
e

0.8

1

1.2

3.4. Results
The deformations and the von Mises stress distribution
when nominal strain reaches the fracture strain of 0.357
obtained Test 1 are shown in Figure 7. The necking
deformation at the symmetry plane occurred in both cases.
The nominal stress-strain relationships obtained by
FEM analysis are shown in Figure 8. After tensile strength,
FEM 1 is in good fit with Test 1 although the stress around
the strain of 0.3-0.35 is higher than that of Test 1. On the

100

0.1

FEM 1
FEM 2

Y.P. (0.002, 417)

Figure 6. Proposed true stress-strain model

200

0

T.S. (0.129, 617)

400

0

300

0

800

200

Test 1
Test 2
Test 3

400

F.P. (1.131, 1094)

1,000

Figure 3. A test piece after tensile test

500

r 7.02 mm

Figure 5. FEM model

Table 2. Material properties of test piece
σY
σT
EL
(N/mm2) (N/mm2) (%)
Inspection certificate
416
542
30
Test 1
426.8
544.3
35.7
Test 2
396.7
543.2
35.5
Test 3
411.2
544.6
35.9
Spec. (JSA, 2020)
355490-610 19-

600

Tensile force
applied by
imposed
displacement
at the end
surface

25 mm

0.5

ε

Figure 4. Nominal stress-strain relationship obtained
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other hand, stress around strain 0.3-0.35 of FEM 2 is
similar to the actual result; however, the stress after tensile
strength is smaller than that of the test result.
The reduction areas are shown in Figure 9. Each of
the reduction areas at fracture obtained by FEM is smaller
than that of Test 1 of 71.7%. The cause of the difference
of fracture stress between tensile test and FEM analysis is
supposed to the influence of the mismatch of the reduction
areas. FEM model should be improved to control the
reduction area to correspond to actual behaviour.

4. Conclusion
This study focused on a simple and easy model of the true
stress-strain relationship of structural steel to adopted for
large deformation finite element analysis. The tri-linear
model based on yield point and tensile strength from an
inspection certificate and other complement values
obtained from relationships between material properties.
The validity of the model is confirmed by comparing a
tensile test and a finite element analysis. In future work, it
is necessary to apply this model to a more complicated
structural analysis and confirm the validity of the model.
And, the validity of the model for tensile fracture
behaviour is confirmed in this study; it is also necessary
to confirm that in shear fracture behaviour.

σ mises

(N/mm2)
1200
1080
960
840
720
600
480
360
240
120
0

(a) FEM 1
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Abstract
Several studies have highlighted the efficacy of artificial intelligence (AI) technology on structural health monitoring
applications. By incorporating structurally numerical analysis and field monitoring data, the neural network of supervised
learning can efficiently perform a deep learning model for structural safety prediction and health assessment. This paper
presents a case study of using AI-based technology for bridge safety and health monitoring. The case bridge (i.e., the
Nan-ao-Bei-si bridge) is a double-tower extradosed bridge, which is located at the Nan-ao Township across the Nan-ao
river. The bridge spans 360 m in length, with the deck width and the tower height of 19.2 m and 23 m, respectively. The
box girder is supported by 32 high-strength steel cables connected to the tower.
A numerical bridge model was developed using commercial software Midas and then deliberately verified before being
used for subsequent structural behavior and cable force evaluation. An ongoing project is conducted to apply sensing and
monitoring techniques to detect possible corrosion-induced cable loss of the Nan-ao-Bei-si bridge in a real-time manner.
Single uniaxial Fiber Bragg Grating accelerometers were amounted onto each cable to measure the cable vibration
frequency, and the frequency data have been appropriately acquired. Through the forced vibration method, the
relationship of the cable force and the frequency measurement was established. Lastly, an AI model consisting of three
hidden layers was constructed, and the tensile force (F) of each cable and the modulus of elasticity (E) of individual steel
cables were defined as the input and output of the AI model, respectively. The AI model was then trained and verified by
a considerably large number of E-F datasets attained by running simulation of the bridge numerical model. The results of
this study demonstrated that the proposed AI model can be used to automatically analyze the measured data obtained from
the deployed accelerometers, and then anomalies in the cables are detected duly and the reliability of structures can be
assessed in real-time. Further studies are suggested for application of the proposed AI-based monitoring technology to
structural deterioration and damage prediction for early warning purpose, expectantly providing timely alarms for
decision making or subsequent damage detection when a threshold of condition indices is exceeded.
Keywords: Artificial Intelligence (AI), Cable Force, Vibration Frequency, Structural Safety Monitoring
measurement is executed by acquiring vibration
measurements of the cables and on-site vehicle images,
etc. Then, acquired cable frequency is converted into the
cable force through theoretical solutions or numerical
models. The most commonly used theoretical solutions
are the string theory with hinged support at both cable
ends and the beam-column theory with fixed end support.
In addition, Zui et al. (1996) derived an approximation
formula for evaluating the cable force that considered the
sag effects based on the string theory, and used the
dimensionless coefficient to quantitatively determine the
sag effect. This evaluation method must consider the sag
and inclination of the cable on site to calculate the cable
force. However, this method assumed no deflection at the
cable ends and that the stiffness of pylon and girder were
not considered.
According to the above-mentioned cable force evaluation

1. Introduction
The safety assessment of a bridge is often conducted with
the aid of on-site long-term monitoring practice. The
selection and deployment of the monitoring instruments is
dependent on the structural characteristics (i.e., bridge
types), site environment, location, and assessment
requirements. The on-site acquired signals are transmitted
to the bridge monitoring system through a wired or
wireless communication network. For a cable-supported
bridge, the cables are the main force transmission
component and directly related to the stability of the
bridge. Conventionally, the direct measurement,
electromagnetic
measurement,
and
frequency
measurement methods are used for cable force monitoring
practices. The frequency measurement method
outperforms other methods due to its characteristics of
low cost and easy installation. The frequency
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identifying images, texts, and audio signals, but also for
engineering evaluation.

methods, the cable force is affected by the boundary
conditions at both ends of the cable. It is not in
consonance with on-site situation if the boundary
conditions at both ends assumed with hinged or fixed
support. Therefore, this paper developed a finite element
(FE) model of a case bridge to perform a forced vibration
analysis; the boundary conditions of the model was
regarded, and the relationship curve between the cable
force and the frequency was derived. On-site bridge
monitoring results such as displacement, strain, and
frequency were used to calibrate the FE model. The
calibration was conducted by using an optimization
method to minimize the error between the analytical
results and the field experimental results. Meanwhile,
regarding time-varying problems, such as creep, steel
corrosion, and ambient temperature change, the model
was calibrated over time. Moreover, this study involved
the cable corrosion effect of reducing the effective
modulus of elasticity (Eeq) of the cables. The Eeq of each
cable was regarded as a variable for determining the cable
force. In this context, a machine learning model was
trained to represent the relationship between the tension
force and Eeq of each cable.

4. Case Study
This paper presents a case study of using AI-based
technology for bridge safety and health monitoring. The
case bridge (i.e., the Nan-ao-Bei-si bridge) is a
double-tower extradosed bridge, which is located at the
Nan-ao Township across the Nan-ao river. The monitoring
instruments were installed on the bridge, including
accelerometers and thermometers. The measurement data
were applied to calibrate the FE model of the case bridge.
Then, a forced vibration analysis was carried out to obtain
the cable’s force-frequency relationship, based on which
the AI model was trained to predict the Eeq of the cable.

Figure 1. Plan drawing of the Nan-ao-Beisi bridge
4.1. Measurement Sensor Layout
Table 1 presents the basic bridge information, and Figure
1 illustrates the deployment of the monitoring instruments,
which were 32 single-axial accelerometers and 12
thermometers. Single accelerometers were installed on
each cable to obtain the cable frequency. The
thermometers were installed along the girder to measure
the ambient temperature.

2. Structural Safety Monitoring
Bridge monitoring assists the bridge administrative in
obtaining comprehensive information for bridge safety
management and daily maintenance. To establish a
long-term monitoring system, the cognition of the bridge
design concept and force transmission mechanism are
required. Generally, a bridge monitoring system mainly
includes monitoring instruments, data acquisition systems,
data communication and transmission systems, data
analytical and processing systems. For a structural safety
monitoring purpose, the commonly-used bridge
monitoring instruments are thermometers, strain gauges,
displacement gauges and tiltmeters, etc.
Implementation of such long-term bridge monitoring
systems can facilitate (1) understanding of bridge
structural behaviors or abnormal data, and the safety
status of the bridge; (2) yielding of evaluation basis for
similar bridges in future design; (3) provision of reference
information for administrative decision-making; and (4)
prediction of the remaining capacity of the bridge
structure.

Figure 2. Sensor layout
Table 1. Information of the Nan-ao-Bei-si bridge
Structure type
Three-Span Extradosed bridges
Span layout
95 m + 160 m + 105 m = 360 m
Deck width
25 m
Tower height
44 m
Movable (A1) + Rigid (P1) +
Support type
Rigid (P2) + Movable (A2)

3. Neural Network of Supervised Learning Model
The artificial neural network (ANN) technology evolves
rapidly for various research and commercial applications.
In a biological neural network, neurons receive
information from external excitations or other neurons.
After calculation of the brain, the corresponding response
information is transferred to the external environment or
other neurons. ANN resembles such mechanism and
features a mathematical model which implements the
ability of parallel calculations and distributed storage as
the biological neurons system. Because of its capacity of
solving non-linear and continuous function mapping
problems, the ANN technology can be used not only for

4.2. FE Models
To identify the characteristics of the case bridge, we
established a FE model of the bridge using Midas Civil.
The beam element was used to simulate the girder and
pier components. The procedure of the FE model
establishment is demonstrated as follows:
(1) According to the design documentation, the material
strength of the prestressed concrete girder is fc' =
420 kg/cm2. The structural steel components are
made of ASTM A36 and ASTM A709, and their
yield strengths are 2520 kg/cm2 and 3500 kg/cm2
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respectively. The cable uses a steel strand
conforming to ASTM A416 Grade270, and the
pretension steel tendon uses a steel conforming to
ASTM A722. The ultimate tensile strength of the
cable and tendon is 19,000 kgf/cm2, and the yield
stress is 17,080 kgf/cm2.
(2) According to the component dimensions marked in
the design diagram, the bridge model consisted of
161 nodes, 144 components, 4 boundary conditions,
and 50 rigid connection settings.
(3) The tendons were built according to the position of
the steel tendons. The numerical analytical model
established a total of 228 sets of internal tendons.
The prestressed steel tendons are mainly classified
into cantilever tendons and continuous tendons. The
specification of cantilever steel tendons is 19T-15.2
mmψ (A = 26.35cm2) and is 19T-12.7 mmψ (A =
18.75cm2) for the continuous tendon. The cable
specification is 43T-15.2 mmψ (A = 59.64 cm2).
The beam element component is used to simulate
the cable.

frequency domain, thereby determining the
vibration frequency.
(3) Repeating steps 1 and 2 with various cable force to
establish the cable force-frequency relationship.
4.4. AI Model Prediction and Verification
The cable in the cable-supported bridges suffers
environmental impact such as moisture and chloride ions
in the atmosphere, which can cause reduction of the cable
bearing capacity. Considering that the cables are protected
by a HDPE cover, they are not directly in contact with the
atmosphere. That is, the environment has little effect on
the cable mass. Therefore, the Eeq of the cable was used to
simulate the damage, and the prediction was achieved
through a neural network learning model.
The variables involved in the neural network training
model were the Eeq and the cable force. This study used
three hidden layers for the training model, which has a
minimum root-mean-square error.
4.4.1. Data Training
The verified FE model was used to create training datasets.
First, the input and output (I/O) function of Visio Studio
C# was adopted to create multiple Eeq text files, which
was then input to MIDAS. Each file was performed in the
static analysis to determine the cable force. The training
process is explained as follows:
(1) Through the I/O function, 1,000 Eeq text files were
automatically created. The output layer of the
training model was then created associated with the
Eeq text files.
(2) Because no application programming interface
functions are provided in Midas Civil, the auxiliary
Windows operating program was used to compose
the control module. This module allows Midas Civil
to automatically perform model modification, static
analysis, and export analysis results to complete the
collection of training datasets.
(3) The cable forces under the static analysis were used
as the input layer of the training model.

The cable force from the static analysis was compared to
that in the design documentation, and the consistent
comparative results verified the accuracy of the FE model.
The cable force comparison is shown in Table 2.
Table 2. Comparison of the cable forces (tonf)
Cable Design /
Cable Design /
ID
Analytical value
ID
Analytical value
A01
547 / 547.11
A21
575 / 575.16
A02
545 / 545.13
A22
577 / 577.18
A03
543 / 543.11
A23
577 / 577.19
A04
540 / 540.08
A24
576 / 576.21
A05
537 / 537.1
A25
574 / 574.2
A06
534 / 534.09
A26
569 / 569.22
A07
539 / 539.1
A27
563 / 563.2
A08
549 / 549.1
A28
557 / 557.17
A11
543 / 543.17
A31
577 / 577.07
A12
540 / 540.18
A32
580 / 580.07
A13
537 / 537.17
A33
581 / 581.08
A14
533 / 533.18
A34
580 / 580.08
A15
530 / 530.17
A35
579 / 579.12
A16
527 / 527.21
A36
575 / 575.1
A17
538 / 538.21
A37
569 / 569.09
A18
554 / 554.24
A38
563 / 563.09

4.4.2. Neural Network Learning Model
The machine learning module of MATLAB was used to
establish an inverse neural network learning model. With
the I/O layer obtained from Section 4.4.1, the training
datasets was generated. The parameters of neural network
learning model are shown in Table 3.
Table 3. Parameters of the ANN training model
Back Propagation Neural Network
Algorithm
L - BFGS
Hidden layer
3
Hidden layer neurons
10
Input variable
32 (Cable force)
Output variable
1 (the modulus of elasticity)
Activation Function
ReLU
Number of iterations
1000
K-fold Cross Validation k = 10

4.3. Application of the Forced Vibration Method
This study used the forced vibration method in
conjunction with the FE model to acquire the cable
frequency. The force vibration analysis process is
explained as follows:
(1) The displacement time-history was analyzed by
applying an impact force at the midpoint of the
cable.
(2) Through the fast Fourier transform, the
displacement of the cable was converted to the
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The training model input the various cable forces to learn
the mutual effect of each cable, and then used the cable
force corresponding to the monitored frequency to predict
the Eeq. The measured frequency of the cables is shown in
Table 4. The corresponding cable forces were acquired by
the forced vibration method and are shown in Table 5.
Table 4. Measured frequency of the cables
Cable ID Frequency (Hz) Cable ID Frequency (Hz)
A01
4.586
A21
4.631
A02
3.766
A22
3.969
A03
3.530
A23
3.605
A04
3.166
A24
3.150
A05
2.924
A25
2.880
A06
2.669
A26
2.587
A07
2.454
A27
2.399
A08
2.283
A28
2.258
A11
4.399
A31
4.841
A12
3.746
A32
4.338
A13
3.549
A33
3.671
A14
3.084
A34
3.456
A15
2.801
A35
2.926
A16
2.503
A36
2.726
A17
2.294
A37
2.449
A18
2.144
A38
2.384
Table 5. Corresponding
Cable ID Force (tonf)
A01
542.337
A02
517.319
A03
536.461
A04
528.914
A05
539.254
A06
533.375
A07
538.554
A08
546.042
A11
533.161
A12
510.752
A13
534.491
A14
518.736
A15
517.504
A16
513.355
A17
523.957
A18
546.724

A06
A07
A08
A11
A12
A13
A14
A15
A16
A17
A18

99.81
100.00
99.69
97.12
93.75
98.28
96.62
96.78
96.50
96.38
97.97

A26
A27
A28
A31
A32
A33
A34
A35
A36
A37
A38

97.38
96.39
97.16
96.00
98.14
95.36
97.02
97.22
99.13
98.49
100.00

5. Conclusion
This study proposed an AI training model in conjunction
with a FE bridge model to predict the Eeq of the bridge
cable. Compared with the design modulus of elasticity,
the analytical Eeq of each cable is within the percentage
difference about 93% to 100%. Based on the predicted Eeq,
the cable forces and the safety state of the cables were
determined.
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cable force of the cables
Cable ID Force (tonf)
A21
562.535
A22
571.029
A23
566.988
A24
541.724
A25
573.472
A26
559.277
A27
545.069
A28
544.895
A31
556.741
A32
571.671
A33
555.676
A34
563.688
A35
562.984
A36
571.311
A37
561.878
A38
565.580

Table 6 present the Eeq/E percentage of each cable which
is predicted through the training model with the cable
force form Table 5.
Table 6. Eeq/E percentage of each cable
Cable ID Eeq/E (%)
Cable ID Eeq/E (%)
A01
99.07
A21
96.70
A02
95.05
A22
98.16
A03
98.70
A23
96.97
A04
98.04
A24
93.53
A05
100.00
A25
99.32
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Abstract
Economical laminated rubber bearings are widely implemented in continuous elevated-girder steel bridges due to their
unique performance under both service- and earthquake-level conditions. The installation method of the rubber bearings
varies worldwide depending on local design and construction practices, where in Japan both-sides bonding strategies
between bearings and superstructure/substructure are commonly adopted. Previous earthquake events like the 2011 Great
East Japan and the 2016 Kumamoto earthquakes have witnessed several cases of rubber bearing failure in elevated-girder
bridges, where the typical damage pattern was shear rupture at either bearing bodies or anchoring bolts. Such damages
motivate the rethinking of the current design practice and the pursuing of new design options. This study first discusses
the effect of bearing bonding on the seismic behavior of bridges based on the observed typical earthquake damages. In
view of the identified deficiencies of the current bearing design practice, a new bonding method called single-side
bonding is proposed for bridge rubber bearings. A two-span continuous elevated-girder steel bridge is selected as
prototype, on which the relative seismic performance of the selected bridge for the current and proposed bearing bonding
methods are evaluated and compared. The results indicate that the both-sides bonded rubber bearings are very likely to
generate complicated force responses including the pure bending response caused by the relative rotations between
girders and piers, which are not considered in the current design codes. The complicated bearing behavior usually poses
unfavorable effects on the seismic responses of bearing itself and bridge piers. Due to the combined force components,
rubber bearings are susceptible to shear rupture and bridge piers would be subjected to more force demands than designed.
Using the proposed one-side bonding method, however, the complicated bearing responses can be well released by
showing the dominant frictional sliding behavior. Damages to bearing bodies can be significantly reduced. The sliding of
rubber bearings can also provide some isolation, protecting bridge piers from severe earthquake damage.
Keywords: Laminated rubber bearings, Continuous steel bridges, Bearing bonding method, Seismic performance
This study first reviews the typical damage phenomena of
fully bonded bridge rubber bearings in the recent major
earthquake events in Japan. The possible damage
mechanism and process are then speculated and discussed.
Based on that, a new single-side bearing bonding method
is proposed and the improved bearing seismic behavior is
anticipated. Finally, a two-span continuous elevated
girder bridge is chosen, and the relative seismic
performance of the bridge equipped with fully and
single-side bonded bearings is compared.

1. Introduction
Continuous elevated-girder steel bridges are often
installed with laminated rubber bearings due to their low
cost and satisfactory behavior under service and
earthquake loads. As horizontal force distribution
components of bridges in Japan, such rubber bearings are
typically fully bonded to bridge superstructure and
substructure using anchor bolts, to make fully use of the
rubber flexibility for response mitigation. Since after the
1995 Kobe earthquake when rubber bearings began to be
widely implemented to replace steel bearings in bridges,
the seismic performance of rubber bearing supported
bridges was significantly improved and less damage was
observed in the earthquakes. During the 2011 Great East
Japan and the 2016 Kumamoto earthquakes, however,
some damage cases associated with rupture of rubber
bearings were observed. Those bearings were either
shear-ruptured at bearing bodies or fractured at anchoring
bolts, which motivated the investigations associated with
the ultimate damage/failure modes of the fully bonded
bridge rubber bearings.

2. Seismic Damages of Bonded Rubber Bearings
2.1. Observed Earthquake Damage Phenomena
Considering the severe bridge collapses induced by the
fixed steel bearings in the 1995 Kobe earthquake,
elevated-girder steel bridges in Japan began to widely
adopt fully bonded laminated rubber bearings as an
upgrade strategy of the conventional steel bearings. In the
subsequent earthquake events following the Kobe
earthquake, the bonded rubber bearings performed
satisfactorily, and the earthquake-induced damages of
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bridges were significantly reduced. However, the recent
2011 Great East and the 2016 Kumamoto earthquakes still
witnessed several failure cases of bridge rubber bearings,
mainly in the forms of rupture in bearing bodies and
fracture in anchor bolts. Figure 1 shows sample on-site
photographs of the observed damage patterns for the
bonded rubber bearings, which were taken from the East
Sendai Viaduct in the 2011 earthquake and the Okirihata
Oh-hashi Bridge in the 2016 earthquake. It is worth noting
that the damaged bridges were designed as per the Japan
design code revised after the Kobe earthquake, where the
typical bonding configuration was adopted for the rubber
bearings. After the earthquake, it was found that 18 out of
66 rubber bearings in the six-span East Sendai Viaduct
were totally ruptured, causing the bridge girders to fall off
the supports partially or fully. The rupture occurred in the
bearing bodies with either layer debonding or elastomer
tearing. In the Okirihata Oh-hashi Bridge during the 2016
Kumamoto earthquake, in addition to the bearing body
rupture (Figures 1e-f), the shear fracture of bearing
anchoring bolts was also observed. Following the bolt
fracture, the bridge girders became unrestrained and
excessive displacements were induced.
Bearing separation

assumed that superstructure shows rigid-body movements
while substructure deforms mainly in flexure, laminated
rubber bearings bonded between them are very subjected
to multiple force component actions, causing complicated
bearing responses, as shown in Figure 2. Besides the
normal actions induced by shear force and vertical force
(P-delta effect), the effect of pure bending resulted from
the relative rotations between superstructure and
substructure is also significant. Such a pure bending
action is unique for fully bonded rubber bearings, which
has not yet been included in the code for bearing design.
Under these three kinds of actions, the stress/strain state
of the bearings will become complicated, with shear,
tensile, compressive stresses combined and superimposed.
Particularly, the pure bending action will cause critical
tensile stress at local positions, which shows adverse
effect on the behavior of rubber bearings. The combined
stresses, which may be underestimated by design codes,
are likely to cause bearings or anchor bolts to fracture
during major earthquakes. The unique phenomenon of the
fully bonded bridge rubber bearings was revealed by the
shake table tests on a two-span continuous bridge model
conducted by Goto et al. (2017). Additionally, the seismic
demands of bridge substructure are quite sensitive to the
responses of the bonded rubber bearings since any
induced bearing forces will be ultimately transmitted
down to the substructure.

Rubber tearing

H

M1

a

b

Shear deformation +
flexural deformation

Unseated bearing

Bearing delamination

Flexural deformation
dominated

d

V

M2

Ruptured surface

M2

M2

Bearing falling

M3

M3

δ

-M2

V

e

-M1

Shear Force Induced

Normal Condition

c

M1

H

M1

Vertical Force Induced (P-δ Effect)

f

M3

M3

Pure Bending Induced

Figure 2. Failure mechanism of bonded rubber bearings
Fractured bolt

g

Displaced
superstructure

3. Single-Side Bonded Bearing Configuration
Considering the essential seismic deficiencies of fully
bonded rubber bearings, a new single-side bonded bearing
configuration is proposed for elevated-girder steel bridges,
which will achieve better seismic performance. Fig. 3
shows the typical single-side bonded configurations for
rubber bearings implemented in steel bridges. The top
side of the bearing is bonded to the steel girders through
either welding or bolting, while the bearing bottom side is
placed directly upon the substructure without bonding.
Such a configuration, on one hand, can well avoid the

h

Figure 1. Observed damages of bonded rubber bearings in
the recent earthquake events in Japan
2.2. Possible Damage Mechanism
For a typical continuous elevated-girder bridge where it is

422

bearing structural damage by releasing the complicated
bearing stresses like the pure bending induced one, and on
the other hand, provides some isolation through frictional
sliding, protecting the substructure from severe damage.
Girder flange
Sole plate
Top plate

Steel
girder

Welding

Substructure

Welded Configuration

Bonding
Unbonded
surface

Steel
girder

Kbs
Axial stiffness (kN/m),
Kv
Rotation stiffness
(kN.m/rad), Kbr

5.28e5

1.24e6

5.28e5

3.75e3

2.5e4

3.75e3

The finite element model of the bridge is established in
OpenSees, as shown in Figure 4. Elastic beam-column
elements are used to model the behavior of bridge girders,
since it is a suitable assumption than bridge superstructure
behaves in elastic range during earthquakes. The bridge
piers are built using hollow steel tubes with a thickness of
34 mm. Fiber section-based nonlinear elements are used
to model the elastic-plastic hysteresis of the steel piers,
where the well-known Giuffre-Menegotto-Pinto steel
model is adopted for the steel material. Regarding the
modelling of laminated rubber bearings, it varies with
difference in bearing bonding methods. For the fully
bonded ones, the shear stiffness, axial stiffness, as well as
the rotation stiffness should be incorporated in the bearing
models, as shown in Figure 4. For simplicity, elastic
materials are used to model these three components of
stiffness. While for the single-side bonded bearings, the
rotation stiffness is removed, and the shear direction of
the bearings is modelled considering the possible sliding
behavior during earthquakes. Hence, a bilinear model is
used to approximately simulate the seismic sliding
behavior of bearings. The sliding coefficient of friction is
set as 0.35 according to CALTRANS (2019).

Bolt

Substructure

Bolted Configuration

Figure 3. Top-side bonded bridge rubber bearings
It should be noted that the top-side bonding rather than
bottom-side bonding is recommended for bridge rubber
bearings. The main reason of adopting such an option is
that the substructure can provide a larger width to
accommodate the bearing sliding displacement than the
superstructure. The flange of steel girders can be used for
the secure bonding of the rubber bearings. The role of the
proposed bearing configuration during earthquakes can be
described as follows: under small earthquakes, bearings
deform in shear to distribute the seismic forces of bridge
superstructure; for medium and strong earthquakes, the
bearing sliding is initiated, dissipating earthquake energy
and providing isolation for substructure. The sliding
displacements of bearings should be well controlled by
using suitable restrainers like metallic dampers.
4. Numerical Analysis
To evaluate the effect of bearing bonding methods (fully
bonded or single-side bonded) on the seismic response of
steel bridges, numerical models of bridges are built, and
nonlinear dynamic analyses are conducted. The relative
bridge responses between the two bearing bonding
methods are obtained and compared.
4.1 Case Study Bridge and Modelling
The selected case study bridge is a 40+40 m two-span
continuous elevated-girder steel bridge supported upon
three 12 m high hollow steel tube piers. At each pier, there
are seven laminated rubber bearings being installed, and
the basic bearing properties are listed in Table 1.
Table 1. Properties of laminated rubber bearings
P1
P2
P3
Shear modulus (MPa), Ge
0.8
1.0
0.8
Elastic modulus (MPa), E
151
233
151
Length (mm), L
600
800
600
Width (mm), W
700
800
700
No. of rubber layer, n
4
4
4
Rubber layer height
30
30
30
(mm), te
Effective area (mm2), Ae
4.2e5
6.4e5
4.2e5
Shear stiffness (kN/m),
2.8e3
5.3e3
2.8e3

Figure 4. Finite-element modelling of case study bridge
and different bearing bonding methods
4.2 Adopted Ground Motions
A total of six real earthquake records with medium
magnitude intensities are chosen from PEER strong
ground motion database. To normalize the earthquake
intensity, the PGAs of the selected records are initially
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adopted ground motions
Station
PGA (g)
AKOGAWA 0.345
TCU045
0.361
TOLMEZZO 0.351
USGS 5115
0.315
090 CDMG
0.367
090 CDMG
0.568

4.3 Comparison of Seismic Responses
The maximum seismic responses of the case study bridges
for individual earthquake records are obtained and then
averaged for illustration. Figure 5 shows the averaged
maximum horizontal displacement responses of the
bridge with PGAs for fully bonded (FB) and single-side
bonded (SB) bearings, including girder displacements,
bearing shear displacements (including sliding
displacements in SB), and pier lateral displacements. It
can be seen from Figure 5 that within the lower range of
PGAs, the displacements of bearings and piers increase at
a similar rate. When the PGA exceeds a certain value, for
SB, the bearing displacement begins to increase faster
than the pier displacement, whereas an opposite trend is
observed for FB. This can be explained by the fact that the
sliding of rubber bearings in the case of SB will isolate the
seismic demands for piers, controlling the increase rate of
pier displacement. The pier yielding occurs at PGAs of
0.82 g and 0.48 g for SB and FB, respectively. Looking at
the girder displacements, it can be seen that the FB case
generates larger girder displacements than SB, although
rubber bearings are fully bonded in FB.
The combined bending moments imposed on rubber
bearings, Mb, are calculated using Eq. (1), in which H is
bearing shear force, h is bearing height, V is vertical load,
δ is bearing shear deformation, M3 is pure bending
moment induced by relative rotation of girders and piers.

Mb  H  h  V   M3

Maximum Horizontal Displacement (m)

Table 2. Characteristics of
ID Earthquake
1
1995-Kobe
2
1999-ChiChi
3
1976-Friuli
4
1940-Imperial Valley
5
1989-Loma Prieta
6
1994-Northridge

single-side bearings can also provide some isolation for
bridge substructure through frictional sliding.
0.35

Maximum Horizontal Displacement (m)

scaled to 0.1g. In the dynamic analysis, the PGAs are
scaled incrementally and the seismic responses of the
bridge under different earthquake intensities can be well
obtained. It is worth noting that only the longitudinal
seismic response is considered in this study.

0.35
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SB-Girder
SB-Bearing
SB-Pier

0.20
0.15
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0.00
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Pier yielding
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PGA (g)
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Figure 5. Maximum horizontal displacement responses of
bridges with SB and FB bearings
900

Maximum value of M b (kN.m)

800
700

SD
FB
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300
200
100
0

0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0
PGA (g)

Figure 6. Maximum combined bending moment on
bearings (Mb) for SB and FB rubber bearings

(1)

Fig. 6 shows the comparison of maximum values of Mb
for different bearing bonding methods. It can be seen that
by bonding single side of the bearings, the combined
bending moments of bearing can be significantly reduced,
which is beneficial to the damage mitigation of bearings.
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5. Conclusions
Based on the seismic deficiencies of fully bonded bridge
rubber bearings, a new single-side bonded one is proposed
in this study and numerical investigations are conducted.
It is concluded that the proposed bearing bonding method
is able to release the complicated bearing stresses and
mitigate the damages to bearings. The sliding of
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Abstract
Corrosion damage, one of the significant damages in steel members of a bridge, can decrease fatigue strength.
Corrosion fatigue is more detrimental than that either one acting separately. Therefore, it is necessary to develop
a framework for corrosion fatigue life evaluation applied to the steel members in a bridge. In the present study, a
comprehensive probabilistic framework for evaluating the corrosion fatigue life of steel plates was proposed and
validated. Gaussian random field approach was applied to simulate the corroded surface more realistically. A
modified stress intensity factor range of 600 MPa√mm was adopted as the threshold for corrosion-to-fatigue crack
transition to determine whether fatigue cracks occurred on the corroded surface. Linear elastic fracture mechanicsbased crack propagation analysis was performed to estimate the fatigue life after the corrosion-to-fatigue crack
transition. The applicability of the proposed method was confirmed by comparing the estimated fatigue life with
the fatigue testing results of corroded steel members.
Keywords: Steel Bridge, Corrosion, Fatigue, Random Field
threshold for corrosion-to-fatigue crack transition, which
was experimentally confirmed in previous studies, was
applied. The corrosion fatigue life of the steel member
was estimated through crack propagation analysis based
on linear elastic fracture mechanics (LEFM). The
probability distribution of estimated fatigue life was
proposed using the Monte-Carlo method.

1. Introduction
Corrosion damage on the steel member of the bridge inservice may cause an unexpected decrease in fatigue
strength, as established from many precedent studies
(Albrecht et al., 1990; Hahin 1994). Corrosion fatigue
indicates the process in which a metal fractures
prematurely under conditions of simultaneous corrosion
and repeated cyclic loading (Coca and Javier, 2011). Since
the corrosion fatigue process inherent many uncertain
natures, a probabilistic approach is appropriate for
describing the behavior (Larrosa et al., 2018). Since the
fatigue evaluation method for corroded steel members in
the bridge is still insufficient, a probabilistic corrosion
fatigue life evaluation method according to the passage of
time is required.
Recently, as an alternative to the uniform reduction of
plate thickness due to corrosion, many studies have
actively adopted random field-based corrosion modeling
for evaluating the strength reduction of corroded steel
members, and their applicability has also been verified
(Teixeira and Soares, 2008; Woloszyk and Garbatov,
2020a, 2020b). Teixeira and Soares (2008) tried assessing
the ultimate strength of corroded plates using random
field-based simulations. Woloszyk and Garbatov (2020a,
2020b) explored the possibility of random field approachbased corrosion modeling for evaluating the mechanical
properties of thin and thick steel plates.
A probabilistic framework for corrosion fatigue life
evaluation using a random field approach was proposed in
this study. The corroded surface was modeled using the
Karhunen-Loeve expansion of a Gaussian random field
(Ghanem and Spanos, 2003). To determine whether
fatigue crack occurs from a corroded surface, the

2. Corrosion fatigue life evaluation using random field
In order to generate a Gaussian random field, statistical
information related to corrosion depth, i.e., mean,
variance, and correlation length, is required. The mean
and variance of the corrosion depth can be determined
using the power law for corrosion growth experimentally
proposed in a previous study as shown in Eq. (1) (Kayser,
1988).
𝑑(𝑡) = 𝑝 × 𝑡 𝑞

(1)

Here, d and t denote the corrosion depth (μm) and time
(years), respectively. Also, p and q are environmental
coefficients following a lognormal distribution (Kayser,
1988). The environmental coefficients depend on whether
the material is weathering steel or carbon steel and have
different distributions for rural, urban, and marine
environments. The PDFs of corrosion depth for varying
time and environmental conditions are shown in Figure 1.
The solid and dotted lines represent the corrosion depth
under marine and urban environments, respectively. The
black and red lines indicate the corrosion depth when t is
10 and 50 years, respectively. The gray lines represent the
PDFs of corrosion depth at t of 20, 30, and 40 years. It can
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An et al. (2021) experimentally confirmed that corrosionto-fatigue crack transition could occur if ΔKmod exceeds
600 MPa√mm. If ΔKmod exceeds 600 MPa√mm and
fatigue cracking occurs, LEFM-based crack propagation
analysis was then performed to estimate the fatigue life of
the corroded member. Here, the initial crack size is
identical to the size of corrosion damage at which the
corrosion-to-fatigue crack transition occurred.

be confirmed that the average and variation of the
corrosion depth increase as time increases. Also, the
degree of corrosion depth is more severe in the marine
environment than in the urban environment.

Figure 1. PDFs of corrosion depth for varying time
The correlation length, which shows the spatial
dependence of the distance between two points in a
random field, can be determined based on a variogram. In
this study, the relation between the average corrosion
depth-correlation length was established based on the
experimental data of a previous study, as shown in Figure
2 (Aryai and Mahmoodian, 2017). Non-linear regression
analysis for a Gaussian model was performed on
correlation length information according to the increase in
average corrosion depth. As a result, the average corrosion
depth can be determined given the service life, and then
the correlation length can also be calculated directly.

Figure 3. Process of probabilistic corrosion fatigue
evaluation
The Monte Carlo method was applied to estimate the
probability distribution of corrosion-fatigue life. The
number of samplings was determined to be 2000 as a
result of the convergence check. A 95% prediction range
of the corrosion fatigue life was estimated based on Kernel
density estimation. The process of the proposed
framework is demonstrated in Figure 3.

Figure 2. Relationship between correlation length and
average corrosion depth
After modeling the corroded surface based on a random
field approach, local maximum corrosion locations, where
the corrosion-to-fatigue crack transitions are expected to
occur, were searched. The modified stress intensity factor
range (ΔKmod), the range of stress intensity factor
considering the stress concentration effect caused by the
corrosion shape, was calculated at the searched locations.

3. Validation of the proposed framework
The proposed framework was validated using the
experimental results of Albrecht and Shabshab (1994).
They performed fatigue tests using rolled beams, which
were corroded for about six years.
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The experimental results of Albrecht and Shabshab (1994)
and the estimated fatigue life using the proposed
framework were compared in Figure 4. It was confirmed
that 12 cases out of 15 testing results exist within the 95 %
prediction range of the corrosion fatigue life estimated
through the framework proposed in this study.

Figure 4. Comparison of the results of fatigue testing
and estimated fatigue life
4. Conclusions
A framework for probabilistic corrosion fatigue life
evaluation using a random field approach was proposed.
The random field approach was applied to generate the
corroded surface of steel members. The necessary
information for generating Gaussian random fields, i.e.,
mean, variance, and correlation length of corrosion depth,
was empirically determined based on the experimental
results of previous studies.
The fatigue life estimated by the proposed framework was
compared to the fatigue testing results using corroded
steel members in the previous study. It was confirmed that
12 out of 15 experimental cases were within the 95%
prediction range.
By utilizing the framework for probabilistic corrosion
fatigue life evaluation proposed in this study, it is expected
that the fatigue life of steel bridges in which corrosion
may occur can be evaluated more precisely and
quantitatively.
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Abstract
Long-span cable-supported bridge design needs to deal with the reduction of self-weight for the main parts by using steel
structures. The digital design solution for this type of bridge is still in a minority in which there is no link between the
modeling tool and the analysis software. This paper proposes an integrated approach for the multiple purposes of the
digital model based on the interoperability between BIM (building information modeling) and FEM (finite element
method) for the suspension bridge. Initially, the data-schema for the suspension bridges is conducted, and algorithms
based on the dataset are defined in accordance with the international BIM standard. Data-driven design is seen as the key
refined for the creation of digital models. From one unique source of the database, the different algorithms will drive it to
different BIM models. Including generating the 3D information model for design purposes, fabrication, erection, or on
another hand, releasing the structural diagram for stability analysis and design check of the bridge system. Furthermore, it
is possible to extract the local FE analysis model for any certain member, such as a shell-model import for the live-load
analysis of a stiffening girder or collision impact of the steel fence. From the result of the analysis, any change of the
structural configuration or alignment profile can be fed back to the initial dataset, remodeling of the digital model can be
automatic upgraded without any reworks. A pilot application for a suspension bridge is introduced. It shows good
potential for the effective information delivery through life-cycle of the suspension bridges.
Keywords: BIM, FEM, interoperability, data-driven design, suspension bridge
Shim & Roh, 2021) and prestressed concrete bridge
(Dang & Shim, 2020; Shim et al., 2019). Taking
inspiration from those researches, this paper proposes an
integrated approach for the multiple purposes of the
digital model, based on data-driven design philosophy
and BIM and FEM interoperability. For the development
of a digital bridge information model, the
alignment-based object-oriented design philosophy
appears to be critical. The entire bridge model can be
realized without any discontinuity by using a combination
of parameter definitions and suitable algorithms. The
parametric design concept allows designers to adjust all of
the model's input parameters to meet the expected
requirements. Furthermore, the digital bridge model
greatly aids engineers in controlling the flow of
information for multiple purposes during its lifecycle. The
design platform's interoperability enables collaboration
among various stakeholders and project stages.

1. Introduction
BIM research and application development for
transportation infrastructure in general, especially bridges,
has recently improved. The state of the art of BIM
implementation was presented in a comprehensive review
and critical analysis of 198 publications in the field of
building information modeling for transportation
infrastructure (Costin et al., 2018). It summarizes the
critical need for current interoperability initiatives and
offers suggestions for future research.
For the advancement of bridge construction processes
from planning to operation, bridge information modeling
(BrIM) was proposed. The Federal Highway
Administration (FHWA), which is funded by the US
Department of Transportation, has detailed BrIM by
releasing the OpenBrIM Platform data schema.
(Bartholomew et al., 2015), which focuses on
transforming bridge delivery from paper to digital,
establishing digital
BrIM
standards,
enabling
interoperability across multiple platforms and life-cycle
stages, and maintaining software neutrality. The user can
freely adapt and create their own BrIM model for a
specific purpose, such as a bridge monitoring system,
based on that open XML data. (Jeong et al., 2017).
Depending on the originator's capabilities and resources,
3D geometrical models for existing bridge structures can
be generated in a variety of ways. The author of this paper
and his research team have recently helped popularize
digital information models for different types of bridges
using the BIM technique., such as cable-stayed bridge
(Dang et al., 2020; Dang & Shim, 2018; Shim et al., 2017;

2. Data schema for suspension bridges
In any scenario, when developing a BIM model for a
specific or multiple purpose, the designer should clearly
define the data schema for what he is going to make. The
type of information and documents and how the data can
be exchanged are both important. Since the bridge
information model consists of thousands of information
pieces, concentrating on producing only the necessary
information helps the engineer save time and resources.
All structural members of the suspension bridge are
categorized into an inventory system according to their
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stiffening girders are classified and defined as a separate
member with its own unique ID (on the left side). Then,
according to the different levels of information need, all
the necessary information is listed (on the right side). The
attribute information is specifically described according
to different LOD/LOI levels. Level 200 only includes
some general details for a "category," such as structural
type, location, and approximate dimensions, while level
300 includes several main features for a "individual
member," and level 400 includes all detailed dimensions.
The metadata for a higher level of LOD/LOI, on the other
hand, is more varied in type.

role in the overall bridge system, following the concept of
alignment-based object-oriented modeling for common
BIM projects. They could be produced separately by BIM
tools, then assembled through bridge alignments to form
the master model of the bridge. Metadata can be linked to
each structure and stored in the common data
environment (CDE) using the specific element ID.
2.1. Structural classification and Inventory
A typical digital inventory system and its ID system for
the suspension bridge are created at early state of design
task. It can be inventoried as a superstructure (such as
pylons, stiffening girders, main cables, hangers) or as a
substructure (such as bridge piers, abutments, bearings). It
should be noted that structural components should either
have similar features and properties in one category or be
further classified into more specific hierarchical
categories to pre-define the characteristics of each
category. Each structural member in a category of an
inventory system must be assigned a unique identifier
(ID). The final information model is constructed by
putting together all of the members' unique IDs obtained
from their orientation data, as well as their coordinates
and information constraints. A detailed code system, i.e. a
naming convention for each structural member, should be
implemented in this regard. The identification of
information containers within a common data
environment was suggested in response to ISO 19650.
2.2. Common Data Environment (CDE) definition
Each structural member has two characteristics, according
to the object-based concept of BIM: "attribute
information" and "archive metadata". The CDE's
"attribute information" characteristic is a kind of "active"
information that includes information on all general
physical properties, such as structure type, geometric
shape, nominal size, material property, and orientation
information. Most of organizations involved in the project
use this information piece frequently during the
production and delivery of information, as well as during
project implementation. The “archive metadata”
characteristic, on the other hand, is “inactive” information,
which means that it is only managed and carried out by
specific joined organizations or individuals who have the
granted access. This information is only available to the
most closely related organizations or engineers. The
metadata archive is continuously obtained and links to the
information system through the unique IDs of each
structural member throughout the bridge lifecycle. A
standard exchange protocol should be considered in this
regard. Furthermore, the format of information exchange
and data-drop delivery must be considered to ensure the
metadata is computer-readable and manageable from any
organization. Consequently, metadata must be stored in
primitive file formats.

Figure 1. Data schema for a suspension bridge.
3. Design approach
3.1. Data-driven design
A design strategy with multiple goals is needed to resolve
the challenges associated with suspension bridges. This
paper introduces a novel approach to developing an
integrated model that is based on and backed by data. It
supports designers in comprehending the target audience
before demonstrating that the design is on track. The
general process of data-driven design for multiple BIM
uses is demonstrated in Figure 2. The database is collected
using a pre-defined data schema, which includes all
known information as well as assumed relative
information based on engineering knowledge, which will
be corrected at a future stage. The database can be stored
as files on a BIM server, making it easy to find and
manipulate for any engineer with access permissions.
Various BIM protocols can be used to release different
applications depending on the target BIM use from this
single source of information.

2.3. Data schema example for the main structures
The data schema for the suspension bridge's main
structures is illustrated in the figure 1. For example, the
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Figure 4. Algorithm-based modeling for the digital model.

Figure 2. Data-driven design for multiple BIM uses.

The master digital model is the final model produced by
combining all of the information models from different
members and linking their metadata using the bridge
alignment and ID systems, respectively (Figure 5).
Throughout its life cycle, the data in the master digital
model is continually enriched and upgraded.

The database for suspension bridges is sets of information
that have been structured so that they can be easily
accessed, managed, and upgraded. In this regard, the data
template for the BIM creation needs to pay significant
attention to. In which data-set and algorithm-set can be
created and stored as the neutral file formats. They can be
further classified into one of the types or formats in the
following figure:

Figure 3. Data-driven digital modeling concept.

Figure 5. Assembly of the BIM master model

4. Interoperability between BIM and FEM
4.1. BIM authoring for digital model creation
The entire model, including the conceptual and geometric
definitions, can be implemented at any time due to the use
of parametric modeling. A parametric technique has the
advantage of being able to change the database after a
calculation in the detailed design stage or even after a
field-verified shop-drawing in the construction stage.
Furthermore, the primary goal of parametric modeling is
to optimize the final design. The algorithm for creating a
3D geometric model can be represented in a number of
ways, depending on the toolkit and API capability used by
the design team. In general, the algorithm can be divided
into two sets. One set is responsible for reading input data
and generating the required parameters, whereas the other
set forms the geometric model and is responsible for
yielding the design output (see figure 4).

4.2. FEM for stability analysis of entire bridge system
The structural diagram for system analysis of the
suspension bridge can be generated through the
interoperability of a BIM model. Data exchange can be
exported in various ways depending on the requirements
of the analysis tools. In this paper, the stability analysis of
the bridge system is performed by RM Bridge (v11.04).
Figure 6 explains the process of generating the structural
diagram by the imported database which is derived from
the BIM model. Firstly, the bridge alignment data is
converted to LandXML data and imported to RM as the
"axis". Then the main structures of the suspension bridge
are controlled by one cross-section, the so-called
suspended structure, along the bridge alignment. In which,
the stiffening girders are the main part, the main cables are
the sub-part, and they connect by the hangers as the
link-part. The profile of the suspended structure's
cross-section along the bridge alignment is defined by
some parameters which are imported from cos-section
TAB data. Finally, the type, material, and label of each
element are imported by the CSV data, including the
numbering value for those elements, start- and end-node
number. The further step of analysis including defining
the boundary conditions, rigid body links, load case and
load set, are handled in the RM. The stability analysis of
all the structural members at any stage of the erection task
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information between the various stages of the bridge
project. (2) During the operation of bridge structure, the
local analysis model for any certain structural member
can be extracted anytime. It helps engineer to timely
assess the service performance of bridge structure again
unexpected events. (3) The mechanical aspect is well
managed during the bridge’s life circle, it makes the BIM
model no longer just a rigid system, it becomes more
dynamic.

is available to perform, even at the operation stage later.
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Figure 6. Data import and structural diagram creation for
the stability analysis of bridge system.
4.3. FEM for local analysis of bridge structures
The finite element model for the local analysis of a certain
bridge structure mostly requires the 3D model in the
highest "level-of-detail" of that structure. Due to the
complexity of the suspension bridge structure, such as the
steel frame twin-box stiffening girder, the local FE model
for this kind of structure should be modeled as a shell
element to reduce the overburden of the meshing task.
Therefore, in the BIM creation, the shell-element
algorithm should be simultaneously developed with the
3D-element algorithm. In this regard, by the same data set,
both the 3D model and shell-element model can be
delivered. The following figure shows the shell-element
import procedure for the FE model of a twin-box
stiffening girder. The SAT data is created for a certain
thickness of steel members, then import to ABAQUS as
parts then assembly together (see Figure 7).

Figure 7. Shell-element FE model modeling and mesh
generating in ABAQUS.
5. Conclusions
A pilot application is applied to existing suspension
bridge and showing good potential for the structural
assessment during the operational management of the
bridge. Hopefully, this proposed approach can overcome
some limitations of the existing suspension bridge design
solution in terms of the following issues: (1) From
one-unique source of data, the BIM model and system
analysis model can be simultaneously generated. Aim to
address the existed gap in the collaboration among
different design team as well as the discontinuity of
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Abstract
Rectangular CFT columns have high strength and stiffness, but the connections between CFT column and H-shaped beam
are complicated and special care should be taken. Among their typical connection types, inner diaphragm connection type
is most efficient. In this paper, the new inner diaphragm connections between P-box column and built-up H-shaped beam
were proposed and their seismic performance evaluation were performed based on the experimental results. The exterior
column-beam assemblies with two proposed connection details and a typical inner diaphragm connection details were
tested under cyclic loading. The test results of the proposed connections showed good strength and stiffness, and rotational
capacity more than 0.04 radian to satisfy the seismic performance requirement for special moment frame.
Keywords: CFT, P-Box, Connection, Inner diaphragm, Seismic performance
1. Introduction
Various rectangular CFT columns have been recently
used for structural steel buildings because the interactive
behavior of steel and concrete provides high strength
and stiffness. However, the connections between CFT
column and H-shaped beam are more complicated than
the connections between H-shaped column and Hshaped beam. There are three typical types of
connections between CFT column and H-shaped beam:
outer diaphragm connection, through diaphragm
connection, and inner diaphragm connection. Even
though the inner diaphragm connection is most efficient,
many researches on the effective inner diaphragm
connection details have not been done in Korea.
In this study, the two new inner diaphragm connections
between P-box column and built-up H-shaped beam
were proposed (See Figure 1) and their seismic
performance evaluation were performed based on the
experimental results.

2. Test specimens
Three exterior column-beam assemblies were tested.
Three inner diaphragm types were applied: separated
inner diaphragm (SID) in Figure 1 (a), welded inner
diaphragm (WID) in Figure 1(b), and typical continuous
inner diaphragm (CID).
For SID and WID connections, a P-box column, which
was newly developed as rectangular CFT column, with
width of 500mm, depth of 600mm, and steel tube
thickness of 18mm was used. For CID connection,
rectangular tubular section column with same size was
used. A built-up H-shaped beam with depth of 692mm,
flange width of 300mm, web thickness of 14mm, and
flange thickness of 20mm was used for three test
specimens (See Table 1). For SID and WID connections,
vertical plates were attached to column steel tube flange
in order to prevent the out-of-plane deformation of
column steel tube flange. For SID connection, vertical
stiffeners were welded to diaphragm and column steel
tube web in order to transfer force from one diaphragm
to web and from web to the other diaphragm.
Table 1. Test specimen list

(a) SID connection

(b) WID connection
Figure 1. new inner diaphragm connection details
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Column
H-beam
Vertical
Plate
Vertical
stiffener

Specimen detail
PB1-SID-1
PB2-WID-1
RT-CID
PB1-SID-2
PB2-WID-2
500x600x18 (SM355)
BH-692x300x14x20 (SM355)
PL-100x255x12 (2EA) + PLX
100x652x12
PLX
X
100x80x20

Stud

∅ 16 − 90 (SS275)

(a) PB1-SID

(b) PB2-WID
Figure 2. Moment-rotation relationships and failure modes

(c) RT-CID

Table 2. Summary of test results
PB1-SID-1
Measured beam plastic
moment, Mpe (kN*m)
Maximum beam moment
(+/-), Mmax (kN*m)
Mmax / Mpe (+/-)

PB1-SID-2

PB2-WID-1

PB2-WID-2

RT-CID

+ 2525 / -2722

+ 2299 / - 2373

1965.5
+ 2390 / - 2646

+ 2469 / - 2650

+ 1.22 / -1.35

+ 1.26 / -1.35

3. Test results
As shown in Figure 2, all specimens showed similar
initial stiffness and elastic behavior. They reached the
measured beam plastic moment (Mpe), which is
calculated based on material coupon test results, at 0.015
radian connection rotation angle.
For both PB1-SID and PB2-WID connection
specimens, beam flange/web local buckling occurred at
0.04 radian rotation angle and strength decreased up to
Mpe at 0.05 radian rotation angle without weld fracture.
For PB2-WID connection specimen, strength
degradation occurred on the way to +0.04 radian
rotation angle. However, in the case of RT-CID
connection specimen, the fracture of beam top flange
occurred near column face at 0.03 radian rotation angle.
The strength ratios (Mmax / Mpe ) of maximum beam
moment to measured beam plastic moment for
specimens are listed in Table 2. All specimens showed
that maximum beam moment is at least 20% larger than
measured beam plastic moment.

+ 2374 / - 2524

+ 1.22 / - 1.28
+ 1.26 / - 1.36
+ 1.20 / - 1.21
the proposed connections have good stiffness, strength
and ductility, compared to typical inner diaphragm
connection. It was shown that they even have the
rotational capacity more than 0.04 radian, which
satisfies the seismic performance requirement for
special moment frame.
5. References
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4. Conclusion
In this study, seismic performance of two proposed inner
diaphragm connections between composite P-box
column and built-up H-shaped beam were evaluated
experimentally. The proposed connections have
separated inner diaphragm (SID) and welded inner
diaphragm (WID), respectively. Test results showed that
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Abstract
This paper presents a novel composite interface between raw bamboo and steel hoop(BHCI), of which the two
semi-circular steel hoops are fastened to the raw bamboo with high-strength bolts to improve the tribological properties. A
push-out experiment on thirty-six specimens was conducted considering the following two parameters: raw bamboo with
or without the epidermis and the interfacial pressure. The specimens exhibit two failure modes under certain conditions:
continuous longitudinal slip when the vertical load reaches its value; the steel hoop stuck in the bamboo skin when the
interface is provided with full sliding friction. It is found that the damage of BHCI specimens has brittleness
characteristics. The sliding friction is controlled by the interfacial pressure, and the greater the interfacial pressure is, the
greater the difference between the sliding friction force of the epidermal bamboo and the non-epidermal bamboo is.
Keywords: Steel hoop; Raw bamboo; Push-out test; Tribological properties
and the friction coefficient is not clear. Therefore, it is
necessary to investigate the tribological properties of
BHCI.
The tribological properties of this novel composite
interface between bamboo and steel(BHCI) were studied
considering raw bamboo with or without the epidermis
and interfacial pressure. The purposes of this study were
to investigate the possible failure modes and the
tribological properties of BHCI.

1. Introduction
Bamboo is an environmentally-friendly building material
with excellent mechanical properties, especially tensile
and compressive strength [1]. However, the connections
are the difficult parts of bamboo construction.
The methods of bamboo connection structure nodes are
various [2,3]. Traditionally, tying with natural fiber and
bamboo pins was the most common approach, as shown
in Fig. 1. But it is inadequate from a structural point of
view since it reduces the joint strength capability between
bamboo culms. Recent development introduced bolts in
bamboo connections [4-8], which changed the way the
bamboo structure is connected. They are based on
bamboo characteristics by employing modern tool electric
drill machines, which is widely used in modern
construction and has practical value. But it possesses the
following disadvantages: (1) The strength of the raw
bamboo is weakened due to drilling and cutting of raw
bamboo; (2) Need to be reinforced by grouting, outer
hoop, and other reinforcement, which increase
construction difficulty and cost; (3) The installation and
disassembly process is difficult and it can not be
reassembled after disassembly.
This paper presents a novel type of bamboo connection, of
which the two semi-circular steel hoop is fastened to the
raw bamboo with high-strength bolts. This type of
bamboo connection has the following features: (1) The
sliding friction is controlled by the interfacial pressure,
which can be calculated by the torque value of the torque
wrench to improve the tribological properties by
tightening the bolts; (2) It is simple and convenient to
install; (3) It can enhance integral behavior of the bamboo
structure. Moreover, the tribological properties of BHCI
have a significant influence on the behaviors of the joint

2. Experimental program
2.1 Specimen design
36 push-out specimens were designed and divided into 3
groups, namely the specimens PO-1-1~PO-1-13 under the
same positive pressure, the specimens PO-2-1~PO-2-15
under different positive pressures, and the specimens
PO-3-1~PO-3-8 of which raw bamboo removed the
epidermis under different positive pressures.
The raw bamboo is 4 years old, produced in the Shunan
Bamboo Sea, Yibin, Sichuan Province. The specimens
have the following common details as summarized in
Table 1: t (steel hoop thickness) = 0.8mm; d (steel hoop
diameter) = 100mm; b (steel hoop width) = 3mm; D
(bamboo diameter) = 110~120mm and H (bamboo height)
= 300mm. Considering that the inner surface of the steel
hoop is smooth and rubber pads are often used in practical
engineering to increase the interfacial friction force, the
rubber pad of 1 mm thick is attached to the inner side of
the steel hoop and then fastened the two semi-circular
steel hoop to the raw bamboo by tightening the
high-strength bolts with a torque wrench, as shown in Fig.
3.
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Specimen number
PO-1-1~PO-1-13
PO-2-1
PO-2-2、PO-2-3
PO-2-4、PO-2-5
PO-2-6、PO-2-7
PO-2-8~PO-2-10
PO-2-11、PO-2-12
PO-2-13
PO-2-14、PO-2-15
PO-3-1、PO-3-2
PO-3-3
PO-3-4
PO-3-5
PO-3-6
PO-3-7
PO-3-8

t
(mm)
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8
0.8

Table 1 Parameters and the peak load of specimens
d
b
D
H
N(kN)
(mm)
(mm)
(mm)
(mm)
100
3
110~120
300
4.60
100
3
110~120
300
3.45
100
3
110~120
300
6.90
100
3
110~120
300
10.35
100
3
110~120
300
11.50
100
3
110~120
300
13.80
100
3
110~120
300
17.25
100
3
110~120
300
18.40
100
3
110~120
300
20.70
100
3
110~120
300
5.18
100
3
110~120
300
6.90
100
3
110~120
300
10.35
100
3
110~120
300
13.80
100
3
110~120
300
17.25
100
3
110~120
300
20.70
100
3
110~120
300
24.15

Tc (N·m)

Pu(kN)

0.55
0.41
0.83
1.24
1.38
1.65
2.06
2.20
2.48
0.62
0.83
1.24
1.65
2.06
2.48
2.89

0.222
0.172
0.415
0.538
0.419
0.571
0.775
0.611
0.784
0.299
0.443
0.357
0.408
0.646
0.933
0.70

Note: Pu is the average value of the peak load of the repeated specimens.
fy(MPa)
276.34

Table 2 Measured material properties of steel
Es(MPa)
Elongation
Poisson's ratio
5
0.29
23.6%
1.9810

(a) Elevation view of the test model

fu(MPa)
334.42

(b) Section A-A of the test model

Fig. 3 Dimensions of specimens

（a）Layout of loading device

（b）Picture of test loading

Fig. 4 Loading device

435

2.2 Test model and measuring scheme
The steel hoop was installed horizontally on the bamboo
tube, and two side supports were placed on the pier and
fixed with heavy objects. As shown in Fig. 4, The
specimens were loaded vertically using a 1000kN
pressure tester and a 10kN force sensor. The loading was
applied in a hybrid load-displacement controlled scheme.
The load-controlled mode was adopted at a rate of
0.05kN/min during the initial stage of loading. The
loading
scheme
was
then
shifted
to
a
displacement-controlled mode with a rate of 1mm/min
after the load reached the peak and the test stopped until
the specimen slid significantly. Two linear variable
differential transformers (LVDTs) B1 and B2 were used to
obtain the longitudinal slip of the specimens; the
high-strength bolts were tightened with a torque wrench
to obtain the positive pressure of the interface which can
be calculated by torque.

to decrease, but the displacement keeps increasing. As
illustrated in Fig. 6(b), a few specimens shift to the second
load rising stage (stage 3), such as specimens PO-2-8,
PO-2-12, and PO-3-7, due to the steel hoop stuck in the
raw bamboo skin.

(a) Specimen PO-2-15

3. Test results
3.1 Failure modes
The deformation process of all specimens can be divided
into two categories for description according to the failure
modes of specimens: (1) During the initial stage of
loading, there is no obvious phenomenon in the specimens,
and the axial displacement is little. When the specimens
reach the peak load Pu, obvious slippage occurs in BHCI,
as shown in Fig. 5 (a). (2) After a period of slippage in
BHCI such as the specimens PO-2-5, PO-2-12, and
PO-3-7, the bearing capacity increases again due to the
rough surface and heterogeneous diameters of bamboo
tubes, as shown in Fig. 5(b). All these indicate that the
failure of the specimens has obvious brittle characteristics.
Although these are defects of the bamboo material, it is
beneficial for improving the bearing capacity and
structural safety. Therefore, The impact of this factor is
not taken into account.

(b) Specimen PO-2-8
Fig. 6 Different stages of the whole loading process of
specimens

(a)N=6.90kN

(a) Specimen PO-3-2
(b) Specimen PO-2-5
Fig. 5 Failure modes of specimens
3.2 Load-deflection curves
Comparing the whole loading process of specimens, it
could be divided into two categories corresponding to two
failure modes respectively, as shown in Fig. 6. The whole
loading process of all specimens includes the load-rising
stage (stage 1) and the sliding stage (stage 2). During the
load rising stage, the increase in load is proportional to the
increase in displacement since there is still a small gap
between the top of the specimen and the loaded plate, and
the bamboo tube is compressed. When the load reaches
the peak load Pu, the specimens shift to the sliding stage
(stage 2), in which the load no longer increases or begins

(b) N=13.80kN
Fig. 7 Load-displacement curves of specimens
As shown in Fig. 7, when the positive pressure on the
interface is relatively small, the gap between the bearing
capacity of the epidermal bamboo specimen and that of
the non-epidermal bamboo specimen is little. As the
positive pressure on the interface increases, the gap

436

gradually increases. Since the surface of the raw bamboo
without the epidermis is smooth and flat, it fits well with
the steel hoop, while the surface of the raw bamboo with
the epidermis is rough and uneven(Fig. 8). Therefore,
when the positive pressure on the interface is relatively
small, the gap between the two is little. Afterward, the
steel hoop gradually fits with the raw bamboo with the
epidermis completely, so the gap increases.

Glued Laminated Guadua Bamboo [J]. Journal of
Materials in Civil Engineering, 2012, 24(11):
1378-1387.
Zhou, Junwen, et al. Experimental Investigation on
Embedding Strength Perpendicular to Grain of Parallel
Strand Bamboo [J]. Advances in Materials Science &
Engineering, 2018: 1-8.
Thomas, Reynolds, Bhavna. Dowelled structural
connections in laminated bamboo and timber [J].
Composites Part B: Engineering, 2016, 90: 232-240.
Awaludin, V. Andriani. Bolted Bamboo Joints Reinforced
with Fibers [J]. Procedia Engineering, 2014. 95: 15-21.

Fig. 8 Bamboo without the epidermis (up) and Bamboo
with the epidermis (down)
4. Conclusion
Thirty-six specimens were tested to investigate the
tribological properties of a novel composite interface
between raw bamboo and steel hoop(BHCI), to find
proper methods for calculating the sliding friction force,
and to provide reasonable design details for the BHCI.
The parameters considered include raw bamboo with or
without the epidermis and interfacial pressure. The
primary study findings are summarized as follows:
1) There are two failure modes for the BHCI: continuous
longitudinal slip when the vertical load reaches the peak;
the steel hoop is stuck in the bamboo skin when the
interface is provided with full sliding friction.
2) The damage of BHCI has brittleness characteristics.
3) After a period of slippage in BHCI such as the
specimens PO-2-5, PO-2-12, and PO-3-7, the bearing
capacity rises again due to the rough surface and the
heterogeneous diameters of the bamboo tube.
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Abstract
Several design methods have been proposed to consider the effect of brace angle on the strength of RHS X-joint.
However, it is still necessary to further investigate the brace angle effect with including key affecting parameters.
Especially, relevant experimental and numerical data are quite limited in high strength steel joints. In this study, extensive
test-backed parametric analyses were conducted to better understand the brace angle effect with considering the brace to
chord width ratio, the chord height to thickness ratio, and steel grades as the key parameters. It was found that the brace
angle effect is quite different between full-width joints and partial-width joints and is also affected by the chord height (or
width) to thickness ratio and chord yield strength. A more rational brace angle function which can rationally account for
the key affecting parameters in a simple form needs to be developed.
Keywords: Brace angle, High strength steel, Rectangular hollow section (RHS), X-joint, Numerical
depends on the brace to chord width ratio, or β. If β is 1.0,
CSF is the dominant failure mode. In this case, joint
design strength is generally calculated based on the
bearing-buckling resistance of the chord sidewall. The
governing failure mode switches from CSF to CFP as β
becomes smaller than 1.0. In general, a mixed mode of
CSF and CFP is assumed when β is close to 1.0, whereas a
complete CFP is assumed when β becomes more smaller.
A value of βbo = 0.85 has been assigned as the borderline
between CFP and CSF in leading design standards (e.g.,
CEN, 2005), although this value was found to be too high
(Kim and Lee, 2021). The following section briefly
reviews the design provisions and relevant studies on the
brace angle effect for joints undergoing CSF and CFP.

1. Introduction
X shaped joints between rectangular hollow sections
(RHSs) are frequently used in steel tubular structures. The
angle between chord and brace member, or the brace
angle (θ1), has a great effect on the strength of RHS
X-joints. Several design methods have been proposed to
consider the brace angle effect, however, it is still
necessary to investigate the brace angle effect more
thoroughly with considering possible coupled effects of
key affecting parameters (for example, β, 2γ (2γ*), and fy0
shown in Figure 1.). In this study, extensive test-backed
numerical analyses were conducted to better understand
the combined effect of brace angle and relevant affecting
parameters.

2.1. Chord sidewall failure (CSF, β = 1.0)

Figure 1. Geometric shape and definition of symbols for RHS
X-joint
Figure 2. Bearing width assumed for CSF design resistance
according to EN 1993-1-8

2. Brace angle considerations in literature
The effect of brace angle has been considered somewhat
differently for the two governing failure modes of RHS
X-joints, that is, chord sidewall failure (CSF) and chord
face plastification (CFP). The failure mode primarily

When β = 1.0, EN 1993-1-8 (CEN, 2005) recommends a
complicated relationship between the CSF resistance and
brace angle, as shown in Eqs. (1-3).
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𝜆𝑐 = 3.46(
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𝑓

√ 𝑦0
𝐸
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2ℎ1 /𝑏0

(

𝑠𝑖𝑛𝜃1

+ 4√1 − 𝛽)

(4)

The term 2h1/(b0sinθ1) represents the increase of yield line
length in the chord longitudinal direction due to inclined
brace. The term 1/sinθ1 outside the parenthesis is
multiplied to calculate the joint strength along the
direction of the brace axis from its normal component.
Preliminary numerical study indicated that the two
θ1-related
terms
together
result
in
the
inclined-to-orthogonal joint resistance ratio falling
between 1/sinθ1 and (1/sinθ1)2.
Within the author’s knowledge, it seems that the brace
angle effect under the limit state of CFP has rarely been
evaluated based on experimental or numerical evidences.

(3)

where χc is the buckling reduction factor, which is a
function of the normalized slenderness λc given in the
column curve ‘c’ in EC3. The λc-θ1 relationship in Eq. (3)
is based on a theoretical study by Davies et al. (1982),
which showed that the normal component of elastic
critical buckling load is almost constant irrespective of the
brace angle.
In Eq. (1), the term 2h1/sinθ1 reflects the increased bearing
length due to the inclined brace (see Figure 2), while the
term 1/sinθ1 outside the parenthesis is multiplied to
calculate the joint strength along the direction of the brace
axis from the vertical component.
The physical meaning of the term sinθ1 in Eq. (2) is
difficult to interpret based on the analytical buckling
model. However, introducing this term to the formula
gives a better correlation with the experimental
observation made by Packer (1984) wherein the
inclined-to-orthogonal joint resistance ratio generally fell
between 1 and 1/sinθ1 (Kim and Lee, 2021).
Kim and Lee (2021) pointed out that the effect of the
brace angle assumed in EN 1993-1-8 may be
unnecessarily complicated and confusing, and suggested
to conservatively calculate the CSF resistance of inclined
joint as that of the orthogonal joint comprising the same
members.

3. Parametric study on brace angle effect

Figure 4. FE analysis model (a half joint model)

In this study, finite element (FE) analyses were performed
using ABAQUS 6.14 (Simulia, 2014). A half joint was
modeled considering symmetry in the geometry and
loading (Figure 4). The end of the lower brace was given a
fully fixed condition, while the end of the upper brace was
rotationally restrained but translationally free. The joint
loading was applied at the upper brace end. Chord ends
were not restrained. Please refer to Kim and Lee (2021)
for more details and experimental validation of the
modeling scheme.

2.2. Chord face plastification (CFP, β ≤ 0.85)

Table 1. Parameters considered for analysis
Steel grade

SM490 (𝐹𝑦 = 338.40 MPa),
HSA800 (𝐹𝑦 = 715.32 MPa)

𝑏0 = ℎ0 = ℎ1

300 mm

𝛽

1.0, 0.6

2𝛾 (= 2𝛾 ∗ )

20, 40

𝜃1, in degrees

90, 60, 45, 30

The key parameters for analysis are listed in Table 1. Two
values of β, 1.0 and 0.6, correspond to the joint behavior
pertaining to CSF and CFP, respectively. The width ratio
of β = 0.6 was selected such that a complete CFP mode
can be developed in the joint. Please see Table 2 for the
borderline width ratio (βbo) calculated based on the
suggestion by Kim and Lee (2021).

Figure 3. Yield line model for CFP limit state

The design strength formula for CFP according to EN
1993-1-8 (β ≤ 0.85) is shown in Eq. (4). This equation was
derived based on the yield line theory. The assumed yield
line pattern is shown in Figure 3.
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Packer (1984). On average numerical results agree well
with the brace angle function of (1/sinθ1)0.5 recommended
by Lan et al. (2021).
In Figure 6, it is observed that Nθ/N90 becomes larger with
larger 2γ* and higher steel grade.

The steel grade (or material yield stress) and the
slenderness of the chord section (2γ or 2γ*) were selected
as the key analysis parameters.
Only square hollow sections were included in the
parametric analysis, and therefore, the slenderness of the
chord face (2γ = b0/t0) and chord sidewall (2γ* = h0/t0)
were identical. 2γ* should be referred when discussing the
analysis results of β = 1.0 but 2γ is relevant for β = 0.6.

3.2 Brace angle effect under CFP (β = 0.6)

Table 2. Borderline width ratios for considered geometries
2𝛾 (= 2𝛾 ∗ )
20

SM490
0.73

40

0.84

Steel grade

HSA800
0.71
0.80

3.1 Brace angle effect under CSF (β = 1.0)
Figure 7. Load-indentation relationship (CFP, β = 0.6)

Load-indentation diagrams obtained from the numerical
analysis for joints with β = 0.6 are presented in Figure 7.
Different from CSF limit state, the ultimate strength is
determined as the load at 3% indentation for all joints
when β = 0.6.

Figure 5. Load-indentation relationship obtained from analyses
(CSF, β = 1.0)

Figure 5 shows the load versus joint indentation diagrams
obtained for RHS X-joints with β = 1.0. It should be first
noted that the ultimate strength of tubular joint is
determined as the preceding one between the peak load
and the load corresponding to a limiting joint indentation
equal to 3% of the chord width (or diameter, in the case of
circular hollow section joints). For all full width (β = 1.0)
joints, the ultimate strength was determined as the peak
load before reaching the 3% indentation limit.

Figure 8. Inclined-to-orthogonal joint strength ratio
(CFP, β = 0.6)

In Figure 8, Nθ/N90 of partial-width joints lies between
1/sinθ1 and (1/sinθ1)2. Similar to when β = 1.0 (Figure 6),
Nθ/N90 for β = 0.6 becomes larger with larger 2γ as shown
in Figure 8. However, high-strength steel (HSA800) joints
exhibit lower Nθ/N90 ratios than mild steel (SM490) joints.
3.3 Evaluation of EN 1993-1-8 design formulae
The EN 1993-1-8 chord sidewall strength formula is
based on the assumption of rotationally free boundary
condition along the longitudinal edges of the chord. The
sidewall is therefore regarded as a column with the
effective length factor of K = 1.0. However, researchers
have long agreed that rotationally fixed assumption or K =
0.5 is more consistent with the actual boundary condition
along the longitudinal edges (Kim and Lee, 2021).
Considering this, in plotting Figure 9, the EN 1993-1-8
design resistance was calculated with taking the effective
length factor as K = 0.5; this is the same as reducing the
column slenderness of Eq. (3) by half (i.e., the coefficient

Figure 6. Inclined-to-orthogonal joint strength ratio
(CSF, β = 1.0)

The inclined-to-orthogonal joint strength ratio (which will
be denoted as Nθ/N90 hereafter) of the full-width joints are
shown in Figure 6. Nθ/N90 lies between 1 and 1/sinθ1,
which agrees with the experimental observation made by
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joints with high 2γ. The design resistance even
overpredicts the strength of orthogonal joints (θ1 = 90°). It
should be noted that slight overprediction may be justified
for the joints undergoing CFP considering reserve
strength that develops after the 3% deformation limit.
Even so, more thorough investigation is warranted for
high-strength steel joints.

was changed from 3.46 to 1.73). No material factor was
applied because in Eq. (3), higher yield stress gives higher
slenderness and lowers the strength (Kim and Lee, 2021).
The modified design resistance will be denoted as N1,Rd*.
Figure 9 compares the modified CSF design resistance
(N1,Rd*) with the FE analysis results (β = 1.0). N1,Rd*
becomes highly conservative as the brace angle decreases
when 2γ* is high and high-strength steel (HSA800) is
used.

Figure 11. Evaluation of EN 1993-1-8 design resistance
(CFP, β = 0.6)
Figure 9. Evaluation of EN 1993-1-8 design resistance with
using K = 0.5 (CSF, β = 1.0)

4. Conclusions
In this study, test-backed numerical parametric analysis
was conducted to investigate the effect of brace angle on
the ultimate strength of RHS X-joint. Steel grade and
chord section slenderness (2γ or 2γ*) were included as the
key factors in the parametric study.
It was found that the increase of joint strength with
decreasing brace angle is not satisfactorily captured by the
EN 1993-1-8 design resistance formulae.
Under CSF limit state, the design formula becomes
largely conservative for inclined joints when chord
section is slender and high-strength steel is used, even
when the design formula is modified based on recent
research findings.
Under CFP limit state, the effect of brace angle was
reasonably well captured by the design equation.
However, when high-strength steel is used, the design
resistance becomes unconservative for both inclined and
orthogonal joints with high 2γ.

In plotting Figure 10, the design resistance with adopting
K = 0.5 (N1,Rd*) is further modified by removing all the
brace angle terms and multiplying a single brace angle
function of (1/sinθ1)0.5 to Eq. (1). The further modified
design resistance will be denoted as N1,Rd**.
Compared to N1,Rd* (Figure 9), the conservatism given to
2γ* = 40 and θ1 = 30° is slightly reduced by using N1,Rd**
(Figure 10). However, the design resistance is still very
conservative with the prediction ratio of about 2.0. A more
rational brace angle function, considering the combined
effect of θ1 and 2γ*, seems desirable for more economical
and safe design of inclined joints.

5. References

CEN (European Committee for Standardization) (2005). Design of steel
structures. Design of joints. EN 1993-1-8, Brussels, Belgium: CEN.
Packer, J.A., Wardenier, J., Zhao, X.L., van Der Vegte, G.J., and
Kurobane, Y. (2009). Design Guide for Rectangular Hollow Section
(RHS) Joints Under Predominantly Loading (CIDECT Design Guide
No.3, 2nd ed.), Committee for International Development and
Education on Construction of Tubular structures, Geneva,
Switzerland.
Lan, X., Wardenier, J., and Packer, J.A. (2021). “Design of chord
sidewall failure in RHS joints using steel grades up to S960.”,
Thin-Walled Structures, 163 (2021) 107605.
Kim, S.H. and Lee, C.H. (2021). “Chord sidewall failure of RHS
X-joints in compression and associated design recommendations.”
Journal of Structural Engineering, 147(8), 04021111.
Davies, G. and Roodbaraky, K. (1987). “The effect of
angle on
the strength of RHS joints.” Proceedings of the international meeting
on safety criteria in design of tubular structures., Tokyo, Japan.
Davies, G., Platt, J.C., and Snell, C. (1982). The buckling of long simply
supported rectangular plates under partially distributed skew pinch
loads. Report No. NUCE/ST/10-1982, Dept. of Civil Engineering,
Univ. of Nottingham, Nottingham, UK.

Figure 10. Evaluation of EN 1993-1-8 design resistance with
using with K = 0.5 and single brace angle function of (1/sinθ1)0.5
(CSF, β = 1.0)

Figure 11 compares the EC3 CFP design resistance (N1,Rd)
with the FE analysis results (β = 0.6). When calculating
N1,Rd, the material factor of 1.0 and 0.8 were applied,
respectively, to SM490 (Fy = 338.40 MPa) and HSA800
(715.32 MPa). It is clearly seen that the design resistance
gives non-conservative results. In particular, a huge
unconservatism is observed for the high strength steel
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Abstract
Recently, by increasing the demand of shortening the construction period and single-person furniture modular system
buildings are increasing. Most of the current modular systems use C-shaped steel, with excellent assembling, but poor
structural performance. On the other hand, the modular system using square steel pipes has more advantages such as
securing structural strength than the existing modular connection using C-shaped steel. But it has also constructional
limitations. In this study, a new component, the nut cap, was developed for a modular system connection to solve the
problem of decrease structural strength and construction efficiency. Also, a block-shaped connection was developed to
improve workability and structural strength. For the experiment, the connection using C-shaped steel and the developed
connection using the nut cap and block-shaped connection were designed. Therefore it is considered that the square steel
pipes can be used for modular connection and the efficient design of the modular system connection will be possible by
improving the constructability.
Keywords: Nut Cap, Modular System, Connection, Square Shape Steel Pipe, Block-Shaped Connection
1. Introduction
Recently, the number of buildings using modular systems has been increasing, with the preference for shortening the construction period and single-person furniture.
The existing modular system mainly uses C-shaped steel
with excellent assembling properties, but poor structural
performance. On the other hand, the modular system
using a square steel pipe has advantages in structural
performance, but problems that occur during construction
must be considered. In this study, a new component, the
nut cap is intended to solve the structural strength and
construction efficiency problems occurring in the existing
modular system. Then the evaluation is proceeded by
comparing the strength of the existing connection and the
developed connection.

(a) Nut Cap

(b) Nut Holder

(c) Combined
Nut Holder

(d) Combined Nut

(e) Combined
Large Washer

(f) Actual Construction

Fig 1. Shape of the nut cap
In the case of modular connection using existing
C-shaped steel, the effect of lateral buckling is large, so
that sufficient strength is not exhibited. Thus, it is judged
that the use of the developed nut cap enables to use
block-shaped connection and improve structural strength
and construction efficiency. Fig 2 is a form of the developed block using a nut cap. The developed block has a
space to hide the bolt head for assembling, and a nut cap is
welded to the lower block.
The existing connection was manufactured by welding
the C-shaped steel to the column of a square steel pipe as
shown in Fig 3.
On the other hand, the developed connection is a method
of welding a beam and a column to the development block
of the connection. The developed connection was
pre-welding the back-strip to the base material. Fig 4 is
the connection detail of the developed connection.

2. Plan of experiment
2.1. Specimen design
In this study, the evaluation of the developed connection
using the nut cap and the existing connection was proceeded. Fig 1 shows the shape of a nut cap developed to
apply a block-shaped connection to a modular connection.
Fig 1. (a) is a nut cap, and there are two holes to create gap
in the nut. Fig 1. (b) is a nut holder designed to have
movement while fixing the nut. Fig 1. (c) shows the nut
holder combined to the nut cap. Fig 1. (d) shows the
combined nut. Fig 1. (e) shows a large washer combined.
Fig 1. (f) shows the actual construction.
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Table 2. Theoretical calculations of the Specimen
No.

Specimen

1

Existing
connection

2

Developed
connection

Mpb

Mpc

(kN·m)

(kN·m)

167.76

Rv
(kN)

Number of
bolts(EA)

1357.74
277.15
877.50

2.2. Experimental design
Fig 5 shows the installation of the specimen, and the
loading was applied with a universal testing machine with
a capacity of 500 kN referring to the loading history of the
structural design standard (KDS 41 31 00). The loading
speed was 0.05 mm/sec by displacement control. All
specimen was subjected to repeated loading up to 4% of
story drift, and the monotonic loading was performed up
to 5% of story drift after repeated loading in consideration
of the column range of the actuator. The strain measurement of the specimen was measured using a strain gauge
and LVDT as shown in Fig 5.

Fig 2. Developed block detail

Ceiling Beam

Ceiling Beam

243.02

2 (M24)

Back-Strip
30°

9
7
30°

250 100
150

Strain guage
3-Axial strain guage

Floor
Beam

Fig 3. Existing connection detail

Ceiling
beam

4300

Column

Actuator

Column

1500
1500
Upper Column Special Lower Column
Block

LVDT 1

LVDT 2

Detail

CJP

Ceiling Beam

9
7
60°

Ceiling Beam
Back-Strip

Fig 5. Installation of specimen and measurement detail

60°

Special Block

Column

CJP

Special Block

Fig 6 shows the actual specimen installation. The guide
frames were installed as shown in Fig 6 to hold the lateral
displacement of the specimen. Then in order to visually
check the failure shape of the specimen, lime was applied
to the main part of the specimen.

12
7
30°

Fig 4. Developed connection detail
Table 1 shows the details of each member of the connection.
Table 1. Connection detail
No.

Specimen

Beam
Floor

Ceiling

Column

1

Existing
connection C-250×150×9 C-250×150×6 □-250×150×12

2

Developed
connection □-250×150×9 □-250×150×6 □-250×150×12

Fig 6. Installation of specimen

Table 2 summarizes the theoretical calculations of the
specimen.
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2.3. Material tests and test result
Prior to this experiment, the steel material used for the
specimen was SM355, and it was manufactured according
to plate-shaped regular specimen No. 5 suggested in
tensile test for metallic materials (KS B 0801), and the test
method is according to the method suggested in the method of tensile test for metallic materials (KS B 0802).
From the material test, results satisfy the mechanical
properties suggested in KS D 3515.

not satisfied.
300

Moment (kN·m)

200

3. Result of experiment
In the case of the existing connection, there was no significant deformation up to the 2% of story drift, but later
lateral buckling occurred as shown in Fig 7. No additional
deformation occurred up to the 4% of story drift, and it
was confirmed that compression buckling occurred in the
flange of the lower beam as shown in Fig 7 when the story
drift occurred up to 8% through an additional loading test.

100

-0.08

-0.06

-0.04

-0.02

0

0

0.02

0.04

0.06

0.08

-100
-200
-300
Story drift ratio (rad)

Fig 9. Moment-story drift ratio curve of existing
connection
Fig 10 shows the moment-story drift ratio curve of the
developed connection. The specimen started yielding
when the story drift was 6%. In addition, the story drift
angle satisfied the special moment frame standard of 0.04
rad. The moment at that time also satisfied 194.42 kN·m,
which is 80% of the plastic moment of the beam.
300

Moment (kN·m)

200

Fig 7. Existing connection failure shape
The developed connection showed no local yield until
the specimen yielded as shown in Fig 8. As a result of the
additional loading test, when the story drift reached 8%,
buckling occurred in the compression flange of the floor
beam as shown in Fig 8.

100

-0.08

-0.06

-0.04

-0.02

0

0

0.02

0.04

0.06

0.08

-100
-200
-300
Story Drift ratio (rad)

Fig 10. Moment-story drift ratio curve of developed
connection
As a result of the experiment, compared to the existing
connection from table 3, it can be seen that the strength of
the developed connection increased about 200% at the
same story drift.
Table 3. Summary of the experiment result
Specimen
Existing
connection
Developed
connection

Fig 8. Developed connection failure shape
Fig 9 shows moment-story drift ratio curve about existing connection started yielding when story drift ratio was
4%. In addition, the story drift angle satisfied the special
moment frame standard of 0.04 rad. But it was found that
134.21 kN·m, which is 80% of the plastic moment, was

Positive (+)
My
Ry
(rad)
(kN·m)

Negative (-)
My
Ry
(rad)
(kN·m)

0.21

116.06

0.039

-96.13

-0.038

0.39

238.26

0.046

-258.63

-0.048

k
(kN/mm)

4. Conclusion
In this paper, the test was proceeded to evaluate the
strength of the developed connection using the nut cap
and existing modular connection. Then the following
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results were obtained.
1. In the case of the existing connection, the story drift
angle satisfies the special moment frame standard of
0.04rad, but the moment at that time did not satisfy 80%
of the plastic moment of the beam.
2. In the case of the developed connection, the story drift
angle satisfies the special moment frame standard of
0.04rad, and the moment at that time also satisfies 80% of
the plastic moment of the beam.
3. Because the cross-sectional shape of the existing
connection and the developed connection is different,
there is a big difference in stiffness and strength. And it
can be seen that the developed connection has about 200%
increase in stiffness and strength compared to the existing
connection.
4. Efficient design of modular connections with excellent assembling and structural performance is possible by
using a development block-shaped connection using a nut
cap.
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Abstract
The application of high-strength steel to hollow section joints has been forbidden or restricted in most of the
internationally representative design standards. Moreover, for longitudinal plate-to-rectangular hollow section (RHS)
joints, flexural design joint strength under bending moment and interactive strength equation under combined axial force
and bending moment are not available yet, even though such loading conditions can often be encountered in practice. In
this study, test-calibrated numerical analyses were conducted to investigate the behavior and strength of longitudinal
plate-to-RHS X-joints with a mild steel and a 460-grade high-strength steel. Through the analysis results, the applicability
of high-strength steel to such joints were examined, and a new P-M interaction equation was proposed for plate-to-RHS
X-joints.
Keywords: High-strength steel, Rectangular hollow section (RHS), Longitudinal plate-to-RHS joint, X-joint, Finite
element (FE), P-M interaction
1. Introduction
The application of high-strength steel to hollow section
joints has been forbidden or restricted in most of the
internationally representative design standards such as
AISC 360-16 (AISC, 2016) or EN 1993-1-8 (CEN, 2005).
Moreover, for longitudinal plate-to-rectangular hollow
section (RHS) joints, design provisions are not available
when in-plane bending (IPB) moment is involved. In this
study, the interaction relationship of longitudinal plate-toRHS X-joints under combined axial force and IPB is
investigated through finite element (FE) analyses, with
taking account of both mild and high-strength steel.
Figure 2. Test calibration of FE modeling scheme

As shown in Figure 1, a roller support was given at one
end of the chord section, and the loads were applied
through the concentrated load at the top of the branch plate.
In order to evaluate the interactive strength under axial
force and IPB, five types of loading conditions were
considered: pure axial compression, pure IPB, and three
different patterns of combined loading (i.e., three different
Px:Pz ratio in Figure 1)
For the steel material, one mild steel SS275 (fy = 343 MPa
and fu = 468 MPa) and one high strength steel SM460 (fy
= 557 MPa and fu = 648 MPa) were included. The material
hardening in the corner region of (cold formed) RHS
chord was not incorporated in the numerical joint models.
The same material properties of the RHS chord were used
for the branch plate and weldment.

.
Figure 1. Typical FE model

2. FE modeling and analysis
2.1 Modeling details
FE analyses were performed using a general-purpose
analysis code ABAQUS. Considering the geometric and
loading symmetries in longitudinal plate-to-RHS X-joints,
a quarter model was utilized (Figure 1). Please refer to
Han et al. (2021) for detailed modeling options. The
modeling scheme was validated using the experimental
load-deformation diagram of a tension-loaded joint
reported in Kosteski et al. (2003), as shown in Figure 2.

2.2 Selection of joint geometries
Typical geometry and definitions of symbols of
longitudinal plate-to-RHS X-joint are shown in Figure 3.
The joint geometry and material used for each FE model
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are presented in Table 1. The width-to-thickness ratio of
the chord 2γ(=b 0 /t 0 ) was considered as the key geometric
parameter for longitudinal plate-to-RHS joints. Four
different values of 2γ were selected for the FE models
within the range of applicability specified in the CIDECT
design guide (Packer et al., 2009). The longitudinal length
of the branch plate was identical to the chord width (h1 =
b0), or the plate length to chord width ratio η was 1.0 for
all FE joints.

When subjected to combined axial force and IPB (Figure
4), Han et al. (2021) recommended to use the rotation
angle limit of Eq.(2) in combination with an additional
joint indentation limit. The joint indentation limit
suggested by Han et al. corresponds to the average joint
indentation (Eq.(3)) equal to 3%b0; please note that this
limit is different from the widely accepted 3% limit
criterion which corresponds to the maximum (not average)
joint indentation equal to 3%b0.
Under combined loading, the ultimate joint deformation is
assumed to be reached when either δavg (Eq.(3)) reaches
3%b0 or φ (Eq.(4)) reaches φlim of Eq.(2). The joint
strength is determined as the load at the ultimate
deformation if the joint is flexible such that peak load does
not occur before the ultimate deformation.

Figure 3. Geometric conﬁguration and deﬁnition of symbols for
longitudinal plate-to-RHS joint

Table 1. Geometric properties of joint models
Model (XP2-η-2γ-grade)

Steel grade

t0 (mm)

2γ

XP2-1-12.4-275
XP2-1-18.5-275
XP2-1-24.7-275
XP2-1-40.0-275

SS275
SS275
SS275
SS275

7.2
4.8
3.6
2.2

12.4
18.5
24.7
40.0

XP2-1-12.4-460
SM460
7.2
XP2-1-18.5-460
SM460
4.8
XP2-1-24.7-460
SM460
3.6
XP2-1-40.0-460
SM460
2.2
Note: b0 = h1 = 178mm (η = 1.0), h0 = 127 mm, t1 = 13.1mm.

Figure 4. Kinematics under combined axial force and IPB

 avg =

12.4
18.5
24.7
40.0



2.3 Deformation limit criterion
The 3% deformation limit criterion has been widely
adopted for the evaluation of the strength of axially loaded
hollow section joints (Packer et al., 2009). The joint
ultimate strength is determined as the preceding one
between the peak load and the load corresponding to the
deformation limit. For the joints subjected to bending
moment, some other limiting criteria in terms of joint
rotation angle have also been suggested.
Recently, Kim and Lee (2021) proposed a new rotation
angle limit for CHS-to-CHS joints under IPB as Eq.(1),
and the equation has been extended to plate-to-CHS joints
under IPB by Han et al. (2021), as Eq.(2). The rotation
angle limit of Eq.(2) was adopted in this study because it
has been validated to be applicable to high-strength steel
as well as mild steel.

1  fu 0 

 (rad)
15  f y 0 
fu 0  1  fu 0 
 
 (rad)
f y 0  15  f y 0 

lim, Kim 

(1)

1 

15 

(2)

lim, Han 

1   2
2

1   2
h1

(3)
(4)

3. Discussions on interaction relationship
Since FE analysis is less reliable for brittle failure modes,
the analysis results were first checked whether there was
any possibility of brittle punching shear failure in the
chord. It was assured that ductile failure had occurred in
all joint models, based on a simple check of Eq.(5) which
is recommended by the CIDECT design guide (Wardenier
et al., 2008).

t 
P
M

 1.16 f y 0  0 
A1 Wel ,1
 t1 

(5)

In Eq.(5), A1 and Wel,1 represent the section area and
section modulus of the branch plate, respectively, and fy0
is the yield strength of the chord member.
It was further confirmed that the failure modes of all joints
pertain to chord plastification, considering that their joint
strengths were determined at the deformation limit due to
high joint flexibility. Typical axial load vs. joint
indentation or IPB moment vs. joint rotation angle
diagrams obtained from the FE analysis are shown in
Figure 5 and Figure 6.
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Table 2. Interactive joint strength (mild steel SS275)
P

M

Plim/Pn

Mlim/Mn

Model XP2-1-12.4-275: Pn = 122.3 kN, Mn = 14.0 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
0.85
0.28
0.50Pn
0.50Mn
0.62
0.62
0.25Pn
0.75Mn
0.29
0.86
0
Mn
0.00
1.00
Model XP2-1-18.5-275: Pn = 50.6 kN, Mn = 7.2 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
0.94
0.31
0.50Pn
0.50Mn
0.73
0.73
0.25Pn
0.75Mn
0.30
0.90
0
Mn
0.00
1.00

Figure 5. Load vs. joint indentation diagram under pure axial
compression (XP2-1-12.4-460)

Model XP2-1-24.7-275: Pn = 26.7 kN, Mn = 4.6 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
1.02
0.34
0.50Pn
0.50Mn
0.77
0.77
0.25Pn
0.75Mn
0.31
0.92
0
Mn
0.00
1.00
Model XP2-1-40.0-275: Pn = 8.7 kN, Mn = 2.2 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
1.27
0.42
0.50Pn
0.50Mn
0.83
0.83
0.25Pn
0.75Mn
0.31
0.94
0
Mn
0.00
1.00

Figure 6. Moment vs. joint rotation angle diagram under pure
IPB (XP2-1-12.4-460)

Table 3. Interactive joint strength (high-strength steel SM460)
P

M

Plim/Pn

Mlim/Mn

Model XP2-1-12.4-460: Pn = 176.9 kN, Mn = 18.9 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
0.88
0.29
0.50Pn
0.50Mn
0.64
0.64
0.25Pn
0.75Mn
0.29
0.86
0
Mn
0.00
1.00
Model XP2-1-18.5-460: Pn = 68.1 kN, Mn = 8.7 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
0.97
0.32
0.50Pn
0.50Mn
0.75
0.75
0.25Pn
0.75Mn
0.30
0.90
0
Mn
0.00
1.00

Figure 7. P-M interaction diagram (mild steel SS275)

Model XP2-1-24.7-460: Pn = 33.6 kN, Mn = 5.0 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
1.05
0.35
0.50Pn
0.50Mn
0.81
0.81
0.25Pn
0.75Mn
0.31
0.92
0
Mn
0.00
1.00
Model XP2-1-40.0-460: Pn = 10.0 kN, Mn = 2.0 kN·m
Pn
0
1.00
0.00
0.75Pn
0.25Mn
1.17
0.39
0.50Pn
0.50Mn
0.87
0.87
0.25Pn
0.75Mn
0.31
0.94
0
Mn
0.00
1.00

Figure 8.P-M interaction diagram (high strength steel SM460)

The FE analyses results are summarized in Table 2 and
Table 3, and the P-M interaction curves are illustrated in
Figure 7 and Figure 8. In Table 2 and Table 3, Pn and Mn
represent the joint strength under pure axial force and pure
IPB, respectively, and the first two columns indicate the
ratio of axial force and IPB applied to the joint.

For example, P:M = Pn:0 corresponds to the pure axial
compression, while P:M = 0.75Pn:0.25Mn corresponds to
a combined loading profile where the axial load and IPB
load are both increasing but their magnitudes should be
maintained as 0.75Pn:0.25Mn. Plim and Mlim, in the last two
columns of the
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Figure 8.P-M interaction diagram (high strength steel SM460)

The FE analyses results are summarized in Table 2 and
Table 3, and the P-M interaction curves are illustrated in
Figure 7 and Figure 8. In Table 2 and Table 3, Pn and Mn
represent the joint strength under pure axial force and pure
IPB, respectively, and the first two columns indicate the
ratio of axial force and IPB applied to the joint.
Table 2 and Table 3. represent respectively the axial load

and IPB moment at the ultimate state (i.e., the interactive
strength).
In Figure 7 and Figure 8, overall, the interaction behavior
is similar between mild steel (Figure 7) and high-strength
steel joints (Figure 8). The P-M interaction diagram
shrinks as 2γ becomes smaller (i.e., as chord thickness
increases). On the contrary, with larger 2γ, higher
interactive strength can be developed, or the joint is less
affected by the load interaction. The lowest curves from
2γ = 12.4 appear to follow the trend of a parabolic
interaction of Eq.(6). From practical viewpoint, Eq.(6)
may be used for the combined loading case when 2γ ≥ 12.4,
although this would result in conservative design for the
joints with high 2γ.
2

 M ip 

  1.0
Pn  M ip , n 
P

(6)

4. Conclusions
In this study, test-validated FE analyses were performed
for the longitudinal plate-to-RHS X-joints subjected to
axial compression, IPB moment, and their combination.
Both mild steel (275 grade) and high-strength steel (460
grade) were taken into account.
The interaction behavior under the combined loading
showed little difference was comparable between mild
steel and high strength steel joints. The interaction
relationship was significantly different among the joints
with different chord width-to-thickness ratios. For thick
chord sections, the interaction curve followed a parabolic
(convex) trend.
Further investigation with including various joint
geometries is required to draw general conclusions.
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Abstract
This paper presents an experimental research on a new type of joint for both, beam-column and column-based joints
involving rectangular hollow sections as column. The proposed joint is based on welded threaded studs. It is cheap,
demountable, reusable, and easy to execute behaving as semi-rigid to allow a good structural behavior. To avoid the
problem of accessing the inner part of the tube to tight the bolts, treaded studs welded to the tube faces are used instead. To
connect the tube to the open section beam, angle cleats bolted to beam flanges and the tube are used. In case of the column
base joints angle cleats are bolted to the tube end and to the base plate. In this paper some experimental results are
presented showing the actual behavior of these joints and as a necessary data base to later propose some analytical
approaches to characterize the joints. The developed research in this field will guide and help further work to better
knowledge of the behavior in terms of both strength and stiffness of these joints.
Keywords: Tubular joints, Threaded studs, semi-rigid joints
paper is framed within a wide research program
(Serrano-López et al. 2021) on the characterization of a
new type of bolted joint covering both beam-column and
column-base joints in which the column is a rectangular
hollow section. The proposed joints are based on welded
threaded studs. They are cheaper, demountable, reusable,
and easy to execute behaving as semi-rigid allowing a
good structural behaviour and at the same time able to
provide more sustainability with an improved life cycle
when compared with the traditional welded connections.

1. Introduction
Hollow sections have become an interesting alternative to
open sections in ordinary construction of steel structures.
Some advantages of using rectangular or square hollow
sections (RHS or SHS) as columns, instead of the
traditional equivalent H or I sections as a higher load
capacity, a better behavior in case of fire or a lower
external surface to be protected may justify the change
(Eekhout 2011), (Wardenier et al. 2010). One concern
regarding the use of hollow sections as columns in
buildings is that in their connection with open section
profiles as typical beams, the I beam-RHS column joints
should be characterized. This is because it is necessary to
know the actual stiffness and moment resistance of the
joint to conduct the appropriate structural analysis of the
building allowing savings in the global design when
semi-rigid joints are involved. Some codes of design for
steel structures as the European (Eurocode 3-1.8 2005)
proposes „The component method’ to characterize many
type of joints involving open section profiles. Although
there have been some initiatives to spread the use of this
method to hollow sections, to date these codes of design
do not include a unified approach when a tubular section
is one of the members in the beam-column joint because
some components have not been characterized yet. Most
of these beam-column joints involving RHS are welded
(Serrano-López et al. 2016), (Serrano-López et al. 2019),
(López-Colina et al. 2019) because of difficulties to
access the inner part of the tube to tight the ordinary bolts.
Some solutions to avoid this problem have been explored
by using intermediate pieces (Wang et al. 2013) or by
means of the expensive blind bolts (Elghazouli et al.
2009).
Another important issue nowadays, regarding the global
efficiency in construction is to focus in achieving a more
sustainable construction by means, for example, of
demountable and reusable structures. With these ideas in
mind and as an attempt to contribute with the scientific
community to fill these gaps, the proposed work in this

2. Experimental
The experimental program was focused into the two main
joints present in an ordinary low to midrise building
(Figure 1), the beam-column and the column-base joints.
To connect the tubular column to the open section I beam,
a pair of non-symmetric angle cleats are bolted by its long
leg to any flange of the beam using ordinary standard
bolts. The short leg of both angle cleats is bolted to the
frontal face of the tube using welded threaded studs.

Figure 1. Beam-column and column base joints
In case of the column base joints, four angle cleats are
used connecting now each of the short legs to the plate by
means of two welded threaded studs while the long legs of
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the angle cleats are bolted with four ordinary bolts to
every tubular face as long as the inner part of the tube is
accessible in this type of joint.
Joints could be executed on site because just two simple
processes are necessary. To drill the holes on the beam
flanges and angle cleat legs that would had been made in
advance at the workshop and to weld the studs on site
using a portable welding machine. To finish the execution
the parts of every joint should be assembled and the bolts
and the studs should be tighten. Because there is no
connection to the web of the beam, the beam can be
placed horizontally without any obstruction.

The set-up of these tests is showed in figure 2. By means
of a servo-controlled hydraulic actuator with a maximum
load capacity of 500 kN that was attached to a reaction
frame, a vertical downwards displacement was applied on
the top of the upper flange of the I beam in the free end
section of the cantilever. The horizontal movements of the
column were prevented at the upper and lower ends by
means of four threaded rods fixed to the reaction frame. A
digital image correlation (DIC) equipment synchronized
with the applied load was used to measure deformation on
the focused area of interest. The recorded pair of data of
load and displacements in many points of the specimen
surface is later used to obtain the bending moment and the
rotation to plot the moment- rotation curves of the joints.

2.1. Beam-column joints
Six one side, full-scale beam column joints (Figure 2)
were tested with the main aim of obtaining experimentally
their rotational stiffness as an important part in the process
of characterization of the joints to later be able to propose
some analytical approaches. The tested beam-column
combinations are included in Table 1. Three SHS with
thicknesses of 6, 8 and 10 mm were connected to an open
section beam HEB200 while another three RHS also with
thicknesses of 6, 8 and 10 mm were conneted to an
IPE300 beam. The nominal steel grade for tubes, beams
and angle cleats was S275. Two non-symmetric angle
cleats LD120.80.10 with the same length than the beam
flanges width, were connected by four M16 Grade 10.9
ordinary bolts to the top and the bottom flanges of the
beam. The bolts were pre-stressed with torque of 250 Nm
The short leg of any of these two angle cleats were
connected by a pair of threaded studs M16x40 of Grade
K800 that previously had been welded to the frontal face
of the tube by a portable welding machine (model
INOTOP 1704). The nominal length of columns was 900
mm while the nominal beam span was 790 mm.

2.2. Column-base joints
The same six tubular sections that had been used in the
beam-column joints were connected to a large and thick
plate as it is showed in figure 3 for the column-base joints.

Figure 3. Column-base joint test
The 40 mm thickness plate was firmly connected to the
reaction frame with twelve threaded rods of 24 mm on
diameter. Four non-symmetric angle cleats LD120.80.10
with the same length than the corresponding tube face
width, were connected on its long leg by four pre-stressed
M16 Grade 10.9 ordinary bolts to the frontal and lateral
faces of the tube at one end of it. The short leg of any
angle cleat was connected to the plate by two threaded
studs M20x35 (20 mm diameter and 35 mm long) of
Grade K800 that previously had been welded to the plate
in the appropriate location. The column length was 854
mm. The same hydraulic actuator than before was used to
introduce a vertical load on the free end of the column (see
figure 3) that was positioned horizontally to carry out

Figure 2. Beam-column joint test
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easier tests. An intermediate double pinned connecting
rod was fabricated ad hoc to avoid any damage in the
actuator because of horizontal movements of the column
end after its rotation. Displacements of many points of the
surface on a wide area were measured and registered by a
DIC equipment Aramis model 5M. On the upper right
corner of figure 3 a screen capture of the process is
showed. The DIC equipment synchronized with the
applied load allowed to plot the moment-rotation curve
and to obtain the initial rotational stiffness of the joints

section. The results confirmed that the studied
column-base joints behaved as semi-rigid with noticeable
stiffnesses that ranged from a minimum of 33% to a
maximum of 65% of the stiffness for a full rigid joint.
Therefore, the proposed joint for the column base using
the afore mentioned threaded welded studs can also be
considered as semi-rigid in the structural analysis
allowing a more efficient global structural behaviour of
the building using these joints.
4. Conclusions
A new type of bolted joint is proposed on this research. It
is based on threaded studs welded to the tube faces to
avoid the problem of accessing to the inner part of the
tubular sections acting as columns, when they are
connected to open section beams in the beam-column
joints or when the tubular column is connected to a plate
in the column base joints. Some experimental results as
part of a large research program are presented in this paper.
From this work, some conclusions can be drawn:
1. The proposed joint is cheap, easy to execute without
laborious on site operations neither specialized workforce
2. The joint is demountable and then could be reused
contributing therefore to a more sustainable construction.
3. The beam-column joints present a semi-rigid behaviour
allowing to stand some bending moments through the
joint and therefore reducing internal forces in the beam.
4. The column base joints also behaves as semi-rigid
presenting noticeable stiffness that make them an
interesting option in sustainable construction.

3. Results and discussion
Table 1 presents the results of the initial rotational
stiffness for the six beam-column joints tested in the first
step of this research. Stiffness values of boundary limits
for pinned (Spin) or rigid (Srigid) connections, according
Eurocode 3 ((Eurocode 3-1.8 2005), are included in the
last column of the table. To calculate the stiffness
boundaries, a nominal beam span/depth ratio of 20 was
used for the deep IPE beams or 30 times for the shallow
HEB beams. These results confirm that all the
beam-column joints behave as semi-rigid ranging from
13% to 43% of the full rigid joint. Then this type of joints
can be considered as semi-rigid in the corresponding
structural analysis allowing a design optimization.
Table 1. Rotational stiffness for beam-column joints
Sini
Spin/Srigid
Column
Beam
[kNm/rad] [kNm/rad]
SHS 200.6
HEB200
1973
956/15303
SHS 200.8
HEB200
2801
SHS 200.10
HEB200
3671
RHS 200.150.6 IPE300
3828
1340/21445
RHS 200.150.8 IPE300
5886
RHS 200.150.10 IPE300
9303
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Table 2 presents the results of the initial rotational
stiffness for the six column-base joints that were tested in
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Abstract
Finite element (FE) models were developed using the ABAQUS software package, and were validated against previously
reported experimental results including static and cyclic loading tests on stainless steel beam-to-column joints with
double extended end-plate connections. Based upon the validated FE models, parametric studies were carried out to
examine the impact of key factors, such as the stainless steel grade, the bolt pretension force, the column axial force, the
end-plate thickness, the bolt diameter and the presence or absence of rib stiffeners on the end-plates, on the structural
behaviour of stainless steel beam-to-column joints under monotonic and cyclic loading. The component method specified
in EN 1993-1-8 for the design of joints was used to develop a modified design method, which accounts for the strain
hardening characteristics of stainless steels and the strengthening effects of the rib stiffeners. It can be found that the
newly proposed design approach based on the component method leads to more accurate predictions of the monotonic and
hysteretic behaviour of stainless steel beam-to-column joints with end-plate connections.
Keywords: Stainless steel, Beam-to-column joint, End-plate connection, Numerical modelling, Design method
joints reported in the previous study (Gao et al., 2021).
Parametric studies were carried out to examine the
influences of key parameters on structural behaviour of
stainless steel beam-to-column joints. Based on the
component method codified in EN 1993-1-8 (CEN, 2010),
a newly modified calculation method was presented for
predictions of the initial rotational stiffness and moment
resistance of stainless steel joints.

1. Introduction
The introduction of stainless steel can offer a satisfactory
solution to the corrosion problem of carbon steel
structures and provide relatively low life cycle costs. The
significant differences in material properties between
stainless steels and carbon steels highlight the necessity of
separate studies on stainless steel structures. Over the last
two decades, numerous research studies on structural
stainless steel members have been conducted, while
relatively less attention has been paid to stainless steel
beam-to-column joints.
Elflah et al. (2019a, 2019b, 2019c) conducted the first
monotonic loading tests on twelve austenitic stainless
steel beam-to-column joints with bolted connections and
subsequent comprehensive parametric studies. Hasan et al.
(2017, 2019) carried out numerical modelling on
austenitic stainless steel top-seat angle bolted connections,
and investigated the monotonic behaviour of austenitic
stainless steel top-seat double web angle connections by
experiment testing and numerical analysis. Bu et al.
(2019) explored the seismic behaviour of five austenitic
stainless steel beam-to-column joints by testing and
numerical modelling. Gao et al. (2020, 2021) tested ten
stainless steel full scale extended end-plate
beam-to-column joints and two carbon steel counterparts
under monotonic and cyclic loading, and assessed the
design provisions in EN 1993-1-8 (CEN, 2010). Yuan et al.
(2019, 2020, 2021) conducted monotonic and cyclic
loading tests on stainless steel T-stubs, and introduced the
3.0% proof stress for predicting the plastic resistance of
stainless steel bolted T-stubs, which contributed to the
improvement in the accuracy prediction with the
component method.
In this paper, elaborate FE models were developed and
validated against the experimental results of stainless steel

2. Numerical Studies
2.1. FE Modelling
Advanced FE models for simulating the monotonic
behaviour stainless steel end-plate beam-to-column joints
have been presented in the previous study (Gao et al.,
2020), which were further improved and extended to
predict the hysteretic performance of stainless steel
end-plate beam-to-column joints subject to cyclic loading
as reported in Gao et al. (2021). The solid element C3D8I
was introduced into the FE models, and a finer mesh was
achieved in the vicinity of the end-plate connections,
whilst a relatively coarser mesh with overall sizes of 25
mm and 30 mm was adopted for the beams and the
columns, respectively. The generated FE model of
beam-to-interior column joints is shown in Figure 1,
where the boundary conditions were carefully defined to
replicate those adopted in the tests. The pin-ended
boundary conditions were achieved at both column ends
and the column axial force was applied at the bottom end,
and cyclic loading protocols used in the tests were applied
to the reference points at the beam ends.
The “BOLT LOAD” was used to generate the
experimentally measured bolt pretension forces. The
contact interactions of the end-plat connections were
carefully prescribed, as illustrated in Figure 1. The normal
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behaviour was simulated with hard contact, and the
tangential response of contact surface was modelled by
the Coulomb friction model with penalty method. The
friction coefficient was taken as 0.2 (Bu et al., 2019) for
the three contact pairs, while the tangential behaviour of
the contact pair of the bolt shank and hole wall was
assumed to be frictionless.
The engineering stress-strain curves of stainless steel
bolts and high strength bolts that previously obtained
from the standard tensile coupon tests (Gao et al., 2020)
were firstly converted into true stress versus logarithmic
plastic strain relationship, and were input into ABAQUS
to represent the nonlinear material properties afterwards.
Moreover, the Chaboche model was selected for stainless
steel plates and carbon steel plates to simulate the
hysteretic behaviour of materials, and the parameters for
austenitic and duplex stainless steel grades were obtained
from Chang et al. (2019), and those for carbon steel grade
Q345B were acquired from Wang et al. (2013).
Bolt
End-plate

1 1 1 


 0 1 1

Nut

RP4

1 0 0 


0 1 1 

Nut

Penalty method

 ux uy uz 


 x  y z 

Hard contact

0=free, 1=restrained

1 0 0 

 RP3
0 1 1 

 1 0 1



RP2  0 1 1

Figure 1 FE model of beam-to-interior column joints
2.2. Comparison with Experimental Results
The nonlinear FE analysis of stainless steel end-plate
beam-to-column joints was carried out with the geometric
nonlinearity taken into account, and the obtained
numerical results were compared with the experimental
results (Gao et al., 2021).
As shown in Figure 2, it can be seen that the numerical
hysteresis curves are in close agreement with the test ones.
Meanwhile, the numerically simulated deformed shapes
and failure modes agree well with the experimental results
(see Figure 3), and it can be noted that the shear
deformations of the panel zone of interior column joints,
and the bending deformations of end-plate and the local
buckling of rib stiffeners of exterior column joints were
accurately predicted by FE modelling.
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2.3. Parametric Studies
Based on the validated FE models, the influences of key
parameters on monotonic and hysteretic behaviour of
stainless steel end-plate beam-to-column joints were
explored. Both austenitic S30408 (EN 1.4301) and duplex
S22253 (EN 1.4462) stainless steel grades were
considered. Varied values of the column axial force and
the bolt pretension were employed, and the ratio of
column axial force over the cross-section yield resistance
ranged from 0-0.8 at an interval of 0.2, whilst the bolt
pretension changed from 0 to 0.9 times of the bolt
ultimate resistance. The end-plate thickness lay within the
range from 6 mm to 18 mm, and the bolt diameter varied
from 8 mm to 36 mm. Besides, the impact of the presence
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Moreover, the FE predicted values of the initial rotational
stiffness Sj,ini,FE, the plastic moment resistance MRd,FE and
the ultimate moment resistance Mu,FE of the joints are
summarised in Table 1, and are compared with the
experimentally determine ones. The initial rotational
stiffness was determined by regression analysis of the
elastic range of the M-φ hysteresis curve, where the joint
rotation φ is the sum of the shearing rotation of the panel
zone and the gap rotation between the end-plate and
column flange. The plastic moment resistance MRd,FE was
taken as the intersection point between the initial
rotational stiffness line and the tangent line of the
hardening part of the skeleton curve, whist the ultimate
moment resistance Mu,FE corresponded to the peak point
of the curve. The mean values of MRd,Exp/MRd,FE and
Mu,Exp/Mu,FE are equal to 1.00 and 1.03 with standard
deviations of 0.05 and 0.13, respectively, and the average
ratio of Sj,ini,Exp/Sj,ini,FE is 0.83 with the standard deviation
of 0.07. Therefore, it can be concluded that the developed
FE models are able to provide accurate predictions of the
hysteretic behaviour of stainless steel end-plate
beam-to-column joints.
Table 1 Comparison of FE and experimental results

RP1

Shank
Column flange

(a) S30408-ESC-r

Figure 3 Comparison of failure modes

150

(b) S22253-ESC-r

Figure 2 Comparison of hysteresis curves
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compression centre shifts to the centroid of the T-shape
section composed by the beam flange and the
corresponding rib stiffeners for the stiffened end-plate
joints. Consequently, the modified formulae for predicting
the moment resistance of joints were presented by
introducing stress σ3.0 and the revised lever arm, and the
calculation formulae for the initial rotational stiffness in
EN 1993-1-8 can be applied to stainless steel joints after
taking the revised lever arm into account.

3. Calculation Methods
The component method codified in EN 1993-1-8 has been
widely used to predict the structural properties of carbon
steel beam-to-column joints. By referring to the previous
studies (Gao et al., 2020, 2021), underestimated resistance
of the stainless steel joints can be obtained due to the
significant strain hardening properties of stainless steels
and the considerable strengthening effect of rib stiffeners.
The design formulae in EN 1933-1-8 were modified
herein to achieve more accurate predictions for the initial
rotational stiffness and the moment resistance for stainless
steel end-plate beam-to-column joints.

σ3.0

h/4 h/4

of the end-plate rib stiffener was also examined.
Hence, a total of 314 FE models were generated to
investigate the influence of key parameters on the
monotonic behaviour of stainless steel end-plate joints,
whilst 48 FE models were developed to explore the
impacts of the panel zone thickness and the end-plate
thickness on the hysteretic performance of stainless steel
beam-to-column joints. The obtained FE results can
therefore be utlised to develop calculation method in the
subsequent section.

σ3.0

h

b
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Rectangluar
cross-section
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stress distribution
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stress distribution

Figure 4 Stress distribution

M pl,i,Rd =0.25tf2 f 3.0  leff,i i =1 or 2

h2
z
h1

h2,m
zm
h1,m

3.1. Component Method
The basic components of each stainless steel end-plate
beam-to-column joint can be identified according to the
component method. The formulae for calculating the
stiffness and resistance of the basic components were
incorporated in EN 1993-1-8 and P398 (SCI and BCSA,
2013), and the initial rotational stiffness and the moment
resistance of the joint can be determined from the
assembly of basic components.

(1)

Unstiffened
end-plate joints

Stiffened
end-plate joints

Figure 5 Location of compression centre
3.3. Evaluation of Proposed Design Formulae
2.0

1.5

1.5

MRd,Exp(FE)/MRd,cal

Sj,ini,Exp(FE)/Sj,ini,cal

3.2. Proposed Formulae
In the previous study on stainless steel T-stubs (Yuan et al.,
2020), the 3.0% proof stress σ3.0(f3.0) was recommended to
replace the nominal yield strength σ0.2(f0.2) for calculation
of the plastic moment resistance of T-stub flange, as
shown in Figure 4. This design proposal was further
verified by the study on stainless steel end-plate
beam-to-column joints (Gao et al., 2020). The
numerically obtained stress distributions through
thickness can be further simplified as shown in Figure 4 (b)
(i.e. full plastic condition through flange plate thickness).
Therefore, the calculation formulae for the plastic
moment resistance of T-stub flange is given by Eq. (1),
which can be used to compute the resistance of the
equivalent T-stub as listed in Table 6.2 of EN 1993-1-8.
The plastic shear resistance of the column web panel
should be taken as 0.9 times of the plastic shear resistance
of web Vbw,Rd (SCI and BCSA, 2013), and the formula for
Vbw,Rd of stainless steel web was provided in EN
1993-1-4+A1 (CEN, 2015). The resistances of the other
components should be determined from the provisions
specified in EN 1993-1-4+A1.
It can be seen from Figure 5 that the location of
compression centre lies in the mid-thickness plane of
beam flange for unstiffened endplate joints, while this
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Figure 6 Comparison of test (FE) results with proposed
method
The calculated initial rotational stiffness values and
moment resistances by the modified formulae were
compared with the previously obtained experimental and
FE results, and the ratios are illustrated in Figure 6 (a). It
can be seen that the mean values of Sj,ini,Exp(FE)/Sj,ini,cal and
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MRd,Exp(FE)/MRd,cal are 1.04 and 1.13, respectively, and the
corresponding standard deviations are 0.08 and 0.11 for
the stainless steel end-plate beam-to-column joints under
monotonic loading. For the joints under cyclic loading,
the ratios of Sj,ini,Exp(FE)/Sj,ini,cal and Mj,Rd,Exp(FE)/MRd,cal are
shown in Figure 6 (b), where the average values of both
ratios are equal to 1.03 with standard deviations of 0.09
and 0.07, respectively.

Part 2: Numerical modelling and parametric study.”
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(2019c). “Structural behaviour of stainless steel
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Hasan, M. J., Ashraf, M., and Uy, B. (2017).
“Moment-rotation behaviour of top-seat angle bolted
connections produced from austenitic stainless steel.”
Journal of Constructional Steel Research, 136, pp.
149–161.
Hasan, M. J., Al-Deen, S., and Ashraf, M. (2019).
“Behaviour of top-seat double web angle connection
produced from austenitic stainless steel.” Journal of
Constructional Steel Research, 155, pp. 460–479.
SCI and BCSA (2013). Joints in steel construction,
moment-resisting joints to Eurocode 3 (P398), The
Steel Construction Institute and The British
Constructional Steelwork Association.
Wang, M., Shi, Y. J., Wang, Y. Q., and Shi, G. (2013).
“Numerical study on seismic behaviour of steel frame
end-plate connections.” Journal of Constructional
Steel Research, 90, pp. 140–152.
Yuan, H. X., Hu, S., Du, X. X., Yang, L., Cheng X. Y., and
Theofanous, M. (2019). “Experimental behaviour of
stainless steel bolted T-stub connections under
monotonic loading.” Journal of Constructional Steel
Research, 152, pp. 213–224.
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4. Conclusions
Based upon previously conducted monotonic and cyclic
loading tests on stainless steel end-plate beam-to-column
joints, elaborate FE models were developed and validated.
Parametric studies on key parameters including the
column axial force, bolt pretension, end-plate thickness,
bolt diameter and rib stiffeners were further carried out.
The component method in EN 1993-1-8 was modified by
introducing the 3.0% proof stress and the revised lever
arm. It has been verified that the proposed design method
can provide accurate predictions for the initial rotational
stiffness and moment resistance of stainless steel double
extended end-plate beam-to-column joints under
monotonic and cyclic loading.
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Abstract
Recently, various construction methods have been developed in the construction industry in order to shorten the
construction period and reduce costs. In this study, we introduced the concept of Gerber beam and developed PC(Precast
Concrete) composite beam, a structure that maximizes the advantages of steel and concrete. The developed PC composite
beam has advantages such as economic efficiency and quality assurance by using connecting plates and PC beam. Also,
the developed PC composite beam can optimize bending moment distribution by applying Gerber beam, can assemble
on-site by the precast concrete method, and can improve workability. However, the current design specification does not
provide specific information about the height of the connecting plate or the embedded length, so the design is difficult. A
finite element analysis was performed to evaluate the effect of the height of the connecting plate or the embedded length.
As a result of the analysis, the greatest influence on the structural performance of the developed PC composite beam is the
embedded length of the connection plate. The results of this research can be utilized as the basis for the details of the
developed PC composite beam and the structural design method.
Keywords: PC composite beam, Gerber beam, Embedded length, Connecting plate
details of the steel beam and PC composite beam
assembled at the site are shown in Figure 1(b).
The developed PC composite beam can be classified
into two types. One is in the form of a continuous plate in
which the connecting plate is embedded in the entire
section of the PC composite beam, and the other is in the
form of a discontinuous plate in which the connecting
plate is embedded only in the end of the PC composite
beam. The continuous plate type has the advantage of
improving the structural performance of the PC composite
beam, but it has the disadvantage that it is difficult to
secure economic efficiency due to excessive use of the
connecting plate. On the other hand, the discontinuous
plate type can have the advantage that economic
efficiency can be secured according to the appropriate use
of the plate, and efficient cross-sectional design is
possible. However, there are currently no specific design
criteria for the height or embedded length of the
connecting plate, which are many difficulties when
designing the connection plate.
In this study, the research scope was divided into two
types: continuous PC composite beam and discontinuous
PC composite beam. In addition, the influence variables
were set as plate height and embedded length, and finite
element analysis for each variable was performed (Figure.
2). As a result of finite element analysis, the most
significant influence on the structural performance of the
developed PC composite beam is the embedded length of
the connecting plate.

1. Introduction
Various construction methods have been develop in
construction industry recently to shorten the construction
period and reduce costs due to an increase in labor costs, a
shortage of technical personnel, and difficulty in securing
building materials. According to this trend, the study aims
to develop PC composite beams that introduce the
concept of Gerber beam, and the developed PC composite
beam is a structure that maximizes the advantages of steel
and concrete.
The PC composite beam developed in this study is a
construction method that maximizes the mechanical
properties of Gerber beam while taking advantage of steel
structure and reinforced concrete structure.
In this study, as a fundamental study on the
development of PC composite beams, the structural
behavior of PC composite beams, the structural
performance of PC composite beams and the integrity of
the connecting plate were studied according to the method
of reinforcing the connecting plate embedded in concrete
for the connection of steel beams and pin connections
through finite element analysis.
2. Research Scope and Results of PC Composite Beam
The PC composite beam proposed in this study consists
of a connecting plate and a PC for bolting to steel beam as
shown in Figure 1(a). After being manufactured by a PC
at the factory, it is transported to the site, pinned to the
steel beam using high-strength bolts, and then operated
integrally with the concrete slab placed on site. The
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3. Conclusions
This study examines the structural performance of PC
composite beams including continuous and discontinuous
connecting plates. In order to evaluate the influence of
each of the influence variables on the structural
performance of the PC composite beam by setting the
height and embedded length of the connecting plate,
experiments and finite element analysis are required. As a
result of finite element analysis, the most significant
influence on the structural performance of the developed
PC composite beam is the embedded length of the
connecting plate. The results of this study will be
available as a fundamental result of the development of
PC composite beam detail and structural design methods.
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Figure 1. PC Composite Beam

Figure 2. Finite element analysis modeling
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Abstract
Steel structures have been used more and more widely for buildings in China because of the increasing labor cost and
regulations on prefabrication ratio of building structure. Standard for design of high strength steel structure JGJ/T
483-2020 has been effective in China since October 2020, covering the design of structures with high-strength steel from
Grade Q460 to Grade Q690 which have significantly higher strength than the most used Grade Q355 in China. This paper
summarizes the utilization of Q690 steel in the structure of a 110m tall office building in Shanghai, China. The major
office areas are suspended by hanging columns from the roof trusses. There are very high tensile forces in the hanging
columns and some of the truss members, so Q690 steel is used for the hanging columns at the upper floors and the roof
truss members in tension, to limit the section sizes of these elements. A performance based seismic design approach has
been adopted for this building. The critical members are design to remain „elastic‟ in moderate earthquakes and
„non-yielding‟ in rare earthquakes, and elasto-plastic dynamic analyses using the code-specified time-history records as
input have been done to verify the performance of the structure. Finite element analyses have been done to verify the
performance of the key connections. After completion, this building is expected to be the first tall building in China to
utilize high-strength steel Q690.
Keywords: Q690, High-strength steel, Transfer truss, Tall building, Performance based seismic design
taller than 60m, based on JGJ 3-2010, 50-year wind load
is used for drift check, and 1.1 times 50-year wind load is
used for strength check. Site roughness category is B.
Basic seismic intensity is 7. Design basic acceleration is
0.10g. Damping ratio for linear analysis is assumed to be
0.05.

1. Introduction
The LinGang Landmark Tower is located in Shanghai
Free Trade Zone LinGang New Area, Shanghai, China.
This 110m tall office tower has a rectangular floor plan
that is 75.6m long and 33.5m wide, with a concrete shear
wall core at each end of the plan as shown in Figure 1a.
The office floors between the two cores are supported by
four steel hanging columns on a 18mx18m grid,
suspended from the roof transfer trusses spanning 54m
between the two cores. The steel hanging columns stop at
level 2 and do not go down to the ground, so the only
vertical elements at the ground floor are the two cores as
shown in Figure 1b. The roof transfer trusses are
connected to the core walls at 8 points as shown in Figure
1c, and huge forces are transferred at each of the nodes.
Due to the high tensile forces in the hanging columns and
the roof truss members, Q690 steel is used for columns
above L10, and roof trusses members in tension.
A special construction sequence is specified for the
suspended structure. Pre-cambering of each floor has
been accurately calculated considering the suggested
construction sequence.
The structural design needs to pass the expert panel
review process for seismic design as required by local
regulation, so a performance based seismic design
approach was adopted.

2.2. Structural System
Figure 1a shows typical floor framing plan of the Tower.
With all columns hung from the roof trusses, the lateral
system mainly consists of the shear walls, which take
about 95% of the lateral loads. Exterior wall thicknesses
range from 600mm to 1000mm, interior wall thickness is
300mm. Steel RBS (“dog-bone”) link beams are utilized
at the west core to improve the capability to dissipate
earthquake-induced energy, and to keep seismic damages
away from the walls.
The gravity system comprises one-way bar truss deck
slabs using LC30 light-weight concrete (with a density of
19 kN/m3) supported by the secondary beams, which
transfer the loads to girders and floor trusses, then to the
columns and cores. In north-south direction, 1000mm
deep composite built-up floor trusses are spaced at 9m
typically with a span of 18m and a cantilever of 6.2m at
each end. In east-west direction, 1000mm deep built-up H
girders are used at the 18m spans. 68% of the floor gravity
loads are transferred to 4 hanging columns at a typical
floor then up to the roof trusses, 32% of gravity loads are
transferred directly to the two cores.
Column sections are typically built-up H800x800 (depth x
width) with two or three flanges. Figure 1c shows the 3D

2. Structural Design
2.1. Design Criteria
The basic wind pressure corresponding to 50-year return
wind is 0.55kPa in Shanghai. Because the building is
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view of the roof trusses. The top chord is a rectangular
CFT, which is a 1800x1300 steel tube filled with C70
concrete. The truss bottom chord and diagonal members
are built-up H sections ranging from H1000x1000mm to
H1300x1000mm, with two to three flanges.
2.3. Utilization of Q690 Steel
Due to the high tensile, Q690 steel is used for columns
above L10 and roof trusses members in tension as shown
inside the dash line in Figure 1b. To facilitate procurement,
all Q690 plates are 50mm thick. Based on JGJ/T
483-2020 „Standard for design of high strength steel
structure‟, for 50mm thickness, the design strength f is
605MPa, which generally doubles the design strength of
Q355. High strength steel is ideal for these tension
members, as stability is not a problem. The utilization of
Q690 steel essentially reduces the steel tonnage of these
members by 50%, saving about 519 tonnes of steel.

c. 3D View of Roof Trusses
Figure 1. Structural System
2.4. Key Analysis Results
The analysis model is built with ETABS v19.0.2 finite
element design package. The first mode (T 1=2.21s) is
translational mode in X direction; the second mode
(T2=1.89s) is translational mode in Y direction; and the
third mode (T3=1.43s) is torsional. Maximum inter-story
drift due to seismic action is 1/1075 in X direction and
1/1111 in Y direction. Maximum inter-story drift in wind
loads is 1/6173 in X direction and 1/3953 in Y direction.
All drifts are under the code limit 1/1000.
Most seismic shear and overturning moment are taken by
the core walls. On average, the columns take 5.0% / 1.6%
of the shear in X / Y directions, and 7.7% / 2.5% of the
overturning moment in X / Y directions, respectively.
The maximum nominal tensile stress of some wall piers at
bottom and roof truss level in unfactored moderate
earthquake combination is over ftk but below 2.0ftk. Steel
shapes have been embedded in those walls to take the
tension. All walls are checked for shear in factored
moderate earthquake combinations and found OK. All
roof truss members and hanging columns are designed to
be „elastic‟ in moderate earthquake (using material design
strength and factored combinations), and „non-yielding‟
in rare earthquake (using material standard strength and
unfactored combinations), as part of the performance
based seismic design in JGJ 3, Technical Specification for
Concrete Structures of Tall Buildings.

a. Typical Floor Framing Plan

2.5. Floor Vibration
The floor with 18m span and 6.2m cantilever is sensitive
to walking excitation. Floor vibration check is done based
on CCIP-016 published by The Concrete Centre (UK).
The floor mass is defined as (DL+0.1LL), and the
damping ratio is assumed to be 2.5%. Based on the
recommendation in CCIP-016, the limit for response
factor is 8. It is found that the response factor with 95%
probability of no-exceedance is about 7.5. The probability
of a response over 8 is about 4.5%, which is considered
acceptable.

b. Building Elevation
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program automatically calculates structural response
according to the loading history and time dependent
material properties.

3. Construction Sequence Simulation
The tower columns are suspended from the roof trusses,
so temporary propping is provided during construction,
and removed after the roof trusses are installed.

3.3. Suggested Pre-cambering
Table 1 shows maximum vertical deflection at the bottom
of the hanging columns on L2 in each construction step,
and the suggested pre-cambering, which is upward with a
magnitude of the deflection in load combination
DL+0.75(CLAD+SDL). Pre-cambering at every floor can
be determined in a similar way. The target is to let all the
floors generally come down to design elevation after the
removal of temporary propping, pouring of concrete floor
slabs, installation of curtain wall, MEP systems and
interior fittings.

3.1. Suggested Construction Sequence
1) Finish basement structure and provide temporary
propping at ground floor.
2) Construct tower structure up to L2. For office areas
outside the cores, floor framing and decking are installed,
but slab concrete is not poured.
3) Construct tower structure floor by floor to the roof, for
office areas the floor framing and decking are installed,
but slab concrete is not poured.
4) Install roof trusses.
5) Remove temporary propping, columns are now
suspended from roof trusses, changing from compression
to tension.
6) Pour slab concrete at office areas from roof down to L2
using LC30 light-weight concrete.
7) Install façade (CLAD), MEP systems and interior
fittings (SDL).
The slabs of office areas are poured after propping is
removed, so the temporary propping only need to take the
weight of steel structure in office area. This helps to
reduce the capacity and stroke of the jacks, as well as the
number of additional piles needed for the propping.

4. Performance Based Seismic Design
Different performance objectives for various members
have been defined for performance based design and
verified in elastic analysis and Elasto-plastic (EP) time
history analysis. FEA analyses have been performed at
critical connection nodes. Slab stress analysis has been
performed at level 2, typical level and roof level.
4.1. Performance Objectives
The structural members of the tower are classified into 3
categories, critical members, typical vertical members,
and energy dissipating members, and performance
objectives are defined for each category.
1) critical members include roof truss and connection,
hanging columns, wall bottom strengthened zone and top
strengthened zone. Their performance objectives are to be
elastic in moderate earthquake and not yielding in rare
earthquake.
2) Typical vertical members are the shear walls at typical
floors. Their performance objective is that the concrete
compression strain and rebar tensile strain should be less
than LS limit in rare earthquake.
3) Energy dissipating members include the link beams.
Their performance objective is that plastic rotation should
be less than LS limit in rare earthquake.

Table 1. Vertical deflection on L2 at bottom of hanging
column and suggested pre-cambering
step

activity

1

temp propping

uz
/mm
---

18

install L17

uz
/mm
-4.9

2

install L1

-0.3

19

install L18

-5.2

3

install L2

-0.6

20

install L19

-5.5

4

install L3

-0.8

21

install L20

-6.1

5

install L4

-1.1

22

install truss

-6.7

6

install L5

-1.4

23

remove propping

-72.1

7

install L6

-1.7

24

pour slab concrete -131.3

8

install L7

-2.0

25

pour delayed strip -134.9

9

install L8

-2.3

26

rmv. constr. loads

-118.3

10

install L9

-2.6

27

add CLAD

-124.8

11

install L10

-2.9

28

add SDL

-147.9

12

install L11

-3.2

29

add LL

-178.8

13

install L12

-3.5

30

in 1 year

-188.9

14

install L13

-3.7

31

in 5 years

15

install L14

-4.0

32

in 10 years

-200.0
-206.7

16

install L15

-4.3

33

in 10000 days

-218.8

17

install L16

-4.6

suggested pre-cambering

141

step

activity

4.2. Elasto-Plastic Analysis
Performance of the structure in rare earthquake is verified
in nonlinear time history analysis in ETABS. The
elasto-plastic (EP) inter-story drift should not exceed
1/120 as recommended by GB50011-2010 section 5.5.5.
The seismic mass is calculated based on load combination
DL+SDL+0.5LL. Rare earthquakes with 2% probability
of exceedance in 50 years are used for the analysis.
Ground acceleration time histories specified in Shanghai
design code are scaled (in amplitude) to have a peak
ground acceleration (PGA) of 220cm/s2, and applied in
three directions including H1, H2 and V.
The shear walls are modeled using shell and fiber hinge
elements; The nonlinear characteristics of this element are
modeled through the inelastic behavior of its materials as
defined by their stress-strain curves. The link beams and
steel frame beams are modelled with beam elements,

3.2. Assumptions for Simulation
Geometric nonlinearities (P-delta effects) and creep &
shrink of concrete are considered in the construction
sequence analysis. Construction period of each floor is
assumed to be 7 days. Time dependent properties of
concrete including modulus, shrinkage strain and creep
coefficient are defined based on CEB-FIP-2010. The
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whose moment-rotation curves follow the chord rotation
method, assuming an inflection point at the mid-span of
the member and plastic hinges forming at 0.25*section
height from both ends. The top chords of roof trusses are
CFT beams which also use the chord rotation model with
plastic hinges at two ends considering P-M-M interaction.
Hanging columns and roof truss tension members are
modelled with steel column elements following plastic
formulation in ASCE41-06. 5% Rayleigh damping has
been used in the analysis.
Periods of EP analysis model (T1=2.36s; T2=1.90s;
T3=1.54s) are close to periods of Elastic model. The ratios
of rare earthquake EP base shear to elastic base shear are
in the range of 70%-80%. The inelastic energy dissipation
is about 10% of the total energy.
The maximum story drift is 1/174 in X direction and
1/178 in Y direction. Most of the link beams (88%) yield
in rare earthquake. Some link beams (37%) exceed
immediate occupancy (IO) limit state, but still within life
safety (LS). All wall piers pass the shear check in rare
earthquake. Roof truss members, hanging columns and
steel frame beams remain elastic. Performance of the
tower meets the performance target set up in design.
Time-history records with different PGA are used as input
to compare the hysteretic behavior of steel link beams and
RC link beams. When PGA is 220 cm/s2, the steel link
beams dissipate 44% of total inelastic energy. When PGA
is 440 cm/s2, this ratio increases to 76%. RBS steel link
beams demonstrate much higher capability than RC link
beams in energy dissipation in strong earthquakes.

moderate earthquake. Slab stress analysis has been
conducted at L2, L15 and the roof, L21. For L2 and L15,
principal tensile stress of most floor area under gravity,
wind, frequent EQ and moderate EQ load combinations
are below ftk, the standard tensile strength of light-weight
concrete LC30, which is 2.00MPa.
For roof level L21, principal tensile stress under gravity,
wind and frequent earthquake load combination are over
ftk near the bottom chord of the roof truss. The slabs would
crack and transfer the tensile force to reinforcing steel.
Extra two-way longitudinal tensile reinforcing steel
HRB500 Ф14@100 are provided for those areas,
corresponding to 1.0% reinforcing ratio. Based on
GB50010-2010 7.1.2, the crack width of the slab is
expected to be within 0.3mm. Most reinforcing steels are
found to be non-yielding in moderate EQ.
5. Conclusions
This paper summarizes the design of a 110m tall office
building in Shanghai, China, which utilizes Q690 steel.
1) Q690 steel is used for the hanging columns at the upper
floors and the roof truss members which have tremendous
demand in tension. The high design strength of Q690 has
made the design possible with reasonable member sizes.
2) A special construction sequence has been specified for
the suspended structure and analyses have been done to
simulate the deflection and forces in the structure,
pre-cambering for every floor is suggested based on the
results.
3) Performance based seismic design approach has been
adopted for this building including EP time-history
analysis, finite element analysis of key connections and
slab stress analysis. Results of the analyses show that
performance of the tower meets the performance target.
After completion, this building is expected to be the first
tall building in China to utilize high-strength Q690 steel.

4.3. Finite Element Analysis of Connections
As shown in Figure 1c, the roof truss nodes have complex
geometry with multiple members connecting in. Stress
analysis has been performed at these critical connection
nodes in gravity load combinations, wind load
combinations, moderate earthquake load combinations
and rare earthquake combinations to verify the
performance objectives. Rhino is used for modeling the
nodes and Strand7 is used for the analysis. Steel plate is
simulated with 4-noded quadrilateral shell elements, and
concrete fill inside the CFT truss chord is simulated with
4-noded tetrahedral brick elements. The typical size of the
mesh is 100mm.
Results show that the stresses flow in the connection node
without significant stress concentration and that the
performance targets of the connection node to be (1)
elastic under wind loads and (2) elastic in moderate and
rare earthquakes are met. In some area there are concrete
tension issues, stresses in steel plates are acceptable after
the concrete cracks. Minor stress concentrations are
visible in some areas, but can be considered acceptable as
the affected area is small in size, and the steel plates
remain elastic.
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4.4. Slab Stress Analysis
Performance target of slab is the principal tensile stress <
ftk under gravity, wind and frequent earthquake
combinations, and the slab reinforcement does not yield in
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Abstract
Low yield point (LYP) steels have the characteristics of low yield strength, good ductility, and excellent energy
dissipation capacity, as well as low cycle fatigue performance. As ideal energy dissipation materials, they have broad
application prospects in the field of seismic design. However, as a new type of high-performance structural steel, there is
currently no corresponding specification in China for guiding the design and application of LYP steels. After a brief
introduction of early studies, recent research advances of LYP steels in Tsinghua University are comprehensively
reviewed. Systematic research into LYP steels, including materials, components, and structural systems, has been
conducted by the authors’ team. At the material level, the basic mechanical properties, design parameters, constitutive
models, and low-cycle fatigue characteristics of LYP steels were studied. At the component level, the research on
buckling-restrained braces (BRBs) was carried out. At the structural system level, buckling-restrained braced frames
(BRBFs) using LYP steel BRBs were studied. To promote the application of LYP steels in China, Tsinghua University has
been charged with codifying the Technical specification for application of low yield point steels. The participating
institutes have also conducted a lot of research, such as steel plate shear walls and BRBs. This paper reports these research
advances of LYP steels and introduces the content of this specification.
Keywords: low yield point steel, Steel structure, Research advance, Technical specification
1. Introduction
As an ideal material utilized for energy dissipation, low
yield point (LYP) steel has been widely used in the field of
seismic design and structural vibration control. As early
as the 1990s, Japan began to produce and study LYP steels
(Kozaburo, 1992; Mamoro et al., 1990; Tanemi et al.,
1998). Then, after a period of time, LYP steels were
widely used in earthquake-prone countries and Chinese
researchers also developed domestic LYP steels LY100,
LY160, and LY225 with the nominal yield strength of 100
MPa, 160Mpa, and 225Mpa, respectively. Although the
domestic LYP steels have been widely used in practical
engineering in recent years, there is still no relevant
specification for their design and application in China.
Therefore, studies and specifications for LYP steels are in
urgent need.
In recent years, the authors’ team has conducted many
studies on LYP steels, including materials, components,
and structural systems. Because our abundant research

2.1. Materials
The research on the material level of LYP steels includes
partial factors for resistance, fundamental mechanical
properties, constitutive relationships, low cycle fatigue
properties and fracture behaviors, and mechanical
properties of cyclically-damaged material. Specifically,
the related studies are as follows:
(1) An extensive range of mill test data collected from
major steel manufacturers in China was analyzed using a
mathematical statistical method, and suggested partial
factors for resistance of LYP steels were provided based
on the results of reliability analysis (Shi et al., 2019).
(2) Axial coupons machined from LYP steel plates were
tested under monotonic and different cyclic loading
protocols, the fundamental mechanical properties and
constitutive models were investigated (Shi et al., 2018a).
(3) Axial steel coupons were tested under different
constant strain amplitudes to investigate the low cycle
fatigue properties and fracture behaviors of LYP steels,
the cyclic hardening behavior and the cyclic stress-strain
response were thoroughly analyzed. Based on the test
results, the material parameters of the Coffin- Manson
relationship and Kuroda model for predicting the low
cycle fatigue life were determined (Yang et al. 2018).
Moreover, an energy-based low cycle fatigue analysis of
LYP steels was performed and a simplified method for
fatigue life prediction based on energy was proposed (Shi
et al., 2018b).
(4) To obtain the mechanical properties of

results on LYP steels, Tsinghua University has been
charged with codifying the Technical specification for
application of low yield point steels, with the purpose
of promoting the application of LYP steels in China. In
this paper, recent research advances of LYP steels in
Tsinghua University are reviewed and the content of this
specification is introduced.
2. Recent research advances of LYP steels in Tsinghua
University
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technical characteristics
design principles
connections and details
fabrication, installation, quality acceptance, and
maintenance
At present, this specification has passed the review and is
waiting for promulgation.

cyclically-damaged LYP steels, coupons were tested
under various cyclic loading protocols to model
seismic-induced damage and then monotonically
tensioned until to fracture. The effect of prior cyclic
loading on the subsequent monotonic tensile properties of
LYP steels compared to that of virgin material was
investigated (Gao et al., 2021).






2.2. Components
The research on the component level of LYP steels
conducted by the authors’ team mainly focuses on BRBs.
BRBs with three different grades of LYP steels, namely
LY100, LY160, and LY225 were designed, fabricated, and
tested pseudo-statically using different loading protocols.
The failure mode and hysteretic behavior were discussed
and the seismic performance was evaluated. In addition,
participating institutions of this specification have also
carried out some studies. For example, Wang et al. (2020)
have done a lot of work in the seismic performance of low
yield point steel plate shear walls.

4. Conclusions
This paper reviews the recent research advances of LYP
steels in Tsinghua University and introduces the
codification of specification for LYP steels in China. As
an ideal material for seismic design, the codification of
specification for LYP steels will promote their application
in China.
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2.3. Structural systems
For the structural system level, the buckling-restrained
braced frames (BRBFs) using LYP steel BRBs were
studied. Furthermore, an innovative high-performance
structural steel system composed of high strength steel
columns, ordinary strength steel beams, and low yield
point steel BRBs was proposed by the authors’ team, and
its seismic performance and design method were studied.
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3. Codification of specification
Tsinghua University has been charged with codifying the
Technical specification for application of low yield point
steel, due to its comprehensive and systematic research
into LYP steels, with the purpose of promoting their
application in China. The specification mainly includes
seven sections:
(1) General provisions
(2) Terms and symbols
(3) Material
 selection of materials
 design strength and parameters
(4) Basic requirements
 design principles
 structural analysis
 connections and joints
(5) Buckling-restrained braces
 general requirements
 mechanical performance
 calculation of joints
 fabrication, installation, quality acceptance, and
maintenance
(6) Steel plate shear walls
 general requirements
 unstiffened low yield point steel shear walls
 stiffened low yield point steel shear walls
 fabrication, installation, quality acceptance, and
maintenance
(7) Other types of energy dissipation devices
 general requirements
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Abstract
Advances in modern steel construction promote widespread application of high performance steels, which are distinct
from the conventional low-strength carbon steels in mechanical behavior. Those high performance steels have been
targeted as solutions to attain better reliability, economy and sustainability in structural engineering. Typical
representatives of those steels are high-strength steels and low-yield-point steels, which are more and more popular
especially in earthquake-resistant steel structures. High-strength steels are characterized with high yield strength but low
capacity of strain hardening and ductility, and vice versa for low-yield-point steels. To address these differences,
experimental investigations have been conducted to clarify their stress-strain responses under monotonic loading to
fracture and various cyclic loadings. The test results revealed the prominent diversity in their cyclic hardening and yield
plateau behavior. Based on these observations, a unified constitutive model was developed to describe the stress-strain
responses under various loadings. Isotropic hardening evolving exponentially was used to account for the transient
response under cyclic loading, while kinematic hardening of Armstrong-Frederick type served to trace the significant
Bauschinger effect in unloading-reloading cycles. Both isotropic and kinematic hardening rules were decomposed into
short-range and long-range components to capture the stress-strain responses in yield plateau and strain-hardening regions,
respectively, using formulations of different parameters. In addition, an impermanent bounding surface in stress space and
a memory surface in plastic strain space were established to correctly describe the yield plateau stress and duration. The
developed constitutive model was implemented for numerical analysis through user-defined subroutines. Calibration
method was proposed based on tension coupon test result so as to facilitate practical application of this model. Good
agreement between the experimental stress-strain curves and the predicted ones was obtained. Therefore, the developed
constitutive model can be used for further nonlinear analysis of high performance steel structures to yield accurate
prediction of their structural behavior.
Keywords: High performance steel, High strength steel, Low-yield-point steel, Stress-strain model, Constitutive model
R j  b j  Q j  R j  ε p

1. Introduction
It is generally recognized that cyclic plasticity models of
innovative steel materials are inevitably necessary for
analysis and simulation of their structural members and
systems. With the widespread application of high
performance steels such as high strength steels and
low-yield-point steels in structural engineering nowadays,
it is imperative to develop their constitutive models,
especially cyclic plasticity models for accurate evaluation
of their seismic performance. This paper is mainly
devoted to the modeling of cyclic stress-strain relations of
high strength steels with nominal yield strength higher
than 460MPa, which are quite different from conventional
low carbon or low alloy steels in that they generally have
no yield plateau and higher yield-to-tensile strength ratio
than the latter ones (Shi et al., 2014).

where R is the total change rate of the radius of yield
surface and it is decomposed into multiple components
each with independent hardening parameters b j and Q j ,
and ε p is equivalent plastic strain rate. Note that Q j
represents the saturated value of R j and a positive value
of that indicates isotropic hardening, and softening
otherwise, while b j represents the rate of evolution.
Kinematic hardening is described by the evolution law
proposed by Armstrong and Frederick (1966) in the form
    j
(3)
j

2
(4)
3
where  is the total backstress rate and it is also
decomposed into multiple tensor components each with
independent hardening parameters C j and  j , and  p is
plastic strain rate.

 j  C j  p   j j ε p

2. Cyclic Plasticity Model
2.1. Hardening rules
Classical nonlinear isotropic and kinematic hardening
rules are used for modeling, as well as von Mises yield
surface. Isotropic hardening is described by
(1)
R   R
j

(2)

2.2. Parameter calibration
A concise calibration procedure for isotropic and
kinematic hardening parameters by monotonic true

j
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stress-plastic strain curve is established. Except for the
elastic modulus E which can be directly determined, a
nearly proportional limit stress  0.01 corresponding to a
residual plastic strain of 0.01% is adopted as the initial
radius of yield surface. The engineering stress-strain
relation should be transformed into a true relation to
characterize true material behavior. Since necking
initiates at peak load, the true stress and plastic strain can
be computed from nominal ones by a weighted average
method by Jia and Kuwamura (2014), by assuming that
the true stress is linearly corelated with the true strain after
the ultimate true stress  u . The linear hardening modulus
with respect to the plastic strain is
 w u 
H  w u 1 
(5)
E 

where w is a factor calibrated based on the descending
part of nominal stress-strain curve.
The derived monotonic true stress-plastic strain curve
by the above procedure represents the upper bound of
elastic range. However, the lower bound of elastic range is
generally unknown. Thus, a critical assumption is made
that the reversal yield cyclic under moderate strain
amplitudes  0 is the same, and approximately as 0.2  0.01
after the increase starting from  0.01 ., as shown in
Figure 1. When the plastic strain exceeds  up , the lower
bound is parallel to the upper true stress-plastic strain
bound, which means the yield surface saturates in size and
translates only. Based on such an assumption, the
evolution of the radius of yield surface is described by
using two short-range isotropic softening components
with parameters
2
 0
Q sj   0.01
 0.4 0.01 and Q1s  Q2s
(6)

2
j 1
to capture the cyclic softening under small strain
amplitudes. To ensure the consistency of positive
hardening modulus, two short-range nonlinear backstress
components 1s and  2s evolve along with the above two
isotropic softening components with equivalent
parameters
C sj
Q sj  s and b sj   sj  j  1, 2 
(7)
j

 u   0.01
(10)
2
2
j 1
j 1
where it is empirically assumed that Q1l : Q2l  2 :1 and
C1l  1l : C2l  2l  2 :1 . The rate parameters  lj  j  1, 2 
and blj  j  1, 2  are then calibrated to fit the monotonic
stress-strain curve shape.
2

Q

l
j



u 0

2

  0.01   Q sj 

Stress

Slope H = wσu/(1-wσu/E)

u
Saturated

 0.01
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Elastic
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2

α +α

l
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Figure 1. Decomposition of hardening components
In addition, a memory scalar c to define the evolution of
memory surface in plastic strain space is optional to
model hardening stagnation, which generally ranges from
0 to 0.5 (Ohno, 1982).
Using the calibration method illustrated above, the
material parameters of Q550 (fy=550MPa) and Q690
(fy=690MPa) high strength steels in China were
determined using mechanical parameters as shown in
Table 1 based on material tension coupon tests. It is
interesting to find that the short-range rate parameters
 1s  b1s  3000 and  2s  b2s  300 as well as a memory
scalar c  0.2 are viable to arrival at accurate simulation
of stress-strain relations under various loadings for both
steels, as shown by selected results (Hu et al., 2018) in
Figure 2 and Figure 3. Close agreement evidences the
proposed model’s accuracy.

where the rate parameters b sj or  sj should be empirically
determined to fit the cyclic stress-strain relations. The
linear hardening modulus at final stage makes it natural to
build a long-range linear backstress component  3l with
hardening parameters
(8)
C3l  H and  3l  0
Thus, the rest hardening components, including
long-range backstress and change of radius of yield
surface, can be derived by the geometric relations in
Figure 1. Two components are still used for both, with the
following derived expressions for parameters
s
2 Cl
u 0 2 Cj
   0.01
j


H  up  u
 H  up (9)


l
s
2
2
j 1  j
j 1  j

Steel
Q550
Q690
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Table 1. Mechanical parameters
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Figure 2. Stress-strain curves of Q550 steel
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Figure 3. Stress-strain curves of Q690 steel
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2.3. Comparison with
Experiment steels
600 conventional
Simulation
A big difference between
high strength steel and
400is yield plateau phenomenon. When
conventional steels
modelling the stress-strain
relations of conventional steels,
200
the cyclic response within the plateau region should be
0
taken into account. The authors have developed a specific
constitutive model
for those steels with yield plateau, by
-200
using an impermanent bounding surface in stress space
-400
and a memory surface in plastic strain space to correctly
describe the yield-600
plateau stress and its duration (Hu et al.,
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0.04 0.05
2016, 2018), while -0.02
similar
and0.03isotropic
Nominalabove
strain for high
hardening rules to those introduced
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strength steels were employed. Selected stress-strain
relations both in test and simulation are shown in Figure 4
for Q235 (fy=235MPa) low carbon steels in China. Good
agreement is clearly observed.
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Figure 4. Stress-strain curves of Q235 steel
3. Conclusions
Cyclic plasticity models for conventional and high
strength steels are developed to model their stress-strain
behavior under monotonic and various cyclic loadings.
Both models are validated against the experimental
responses and can be used further for seismic or dynamic
analysis of high performance steel structures.
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Abstract
High strength steels have offered solutions to design lighter and safer structures in modern buildings, and are more and
more popular in steel construction. Although these steels have much higher strength and larger elastic deformation than
conventional steels, their inelastic behavior has not been well understood, especially under earthquakes. A test program
including several full-scale specimens was carried out to investigate the seismic behavior of conventional unreinforced
beam-to-column joints but with unconventional 690MPa high strength steels applied in both beams and columns, or in
columns only. The studied parameters include different types of beam-to-column flange welding and different panel zone
strength. The failure mode and hysteresis responses of these full-scale tests were reported, analyzed, and discussed. Test
results showed that high strength steel joints were able to sustain elastic drift ratio of 3% to 4%, but with lower plastic
deformation capacities. The maximum plastic drift ratio that could be developed in complete cycles, ranged from 1% to
4%, mainly depending on the panel zone strength. Inelastic shear distortion in the panel zone contributed substantially to
the plastic deformation capacity of the joint. However, the weakest high strength steel panel zone with a thickness of 8mm,
exhibited shear fracture at the end of the test. The result evidenced the balanced design for panel zone in steel frames. The
specimens with moderate or strong panel zones failed with fracture near to the weld access hole in high strength steel
beams. In addition, welding details should take into account the expected steel and weld material strength to guarantee
adequate welding quality and to avoid premature brittle failure.
Keywords: High strength steel, Connections, Seismic behavior
beam (SCWB) check, which reads

1. Introduction
High strength steels (HSSs) are superior construction
materials to design structures with high performance due
to their advantages in saving material cost and designing
much lighter and safer structures compared with
conventional steels (Shi et al., 2014). However, HSSs
have much lower deformation capacity, thus giving rise to
the possible structural unsafety under extreme conditions
such as strong earthquakes. Several studies have been
conducted on seismic behavior of HSS reinforced
connections (Chen and Shi, 2019a, 2019b; Hu and Shi,
2021). In order to promote the understanding on inelastic
behavior of HSS connections and structures, unreinforced
HSS beam-to-column connections, which are the primary
components to dissipate energy in typical moment
resisting frames under earthquakes, are examined in this
paper with respect to their cyclic behavior.

W

f

pc yc

1  N

p

f yc Ac   1.1y Wpb f yb (1)

where Wpc and Wpb are plastic section moduli of the beam
and column; fyc and fyb are the specified nominal yield
strength of the beam and column materials; Ac is the area
of column section and Np is the axial force developed in
column by the seismic load combination;  y is 1.1, a
factor to include the effect of material overstrength,
should be satisfied for all specimens. The SCWB check
depends on the assumed column axial stress ratio
Np f yc Ac , which was taken as 0.3 for all specimens
representing a conservative estimate even under very
strong earthquakes, thus the resulting SCWB ratios are
shown in Table 1. In addition, current design provisions
generally require that panel zone should be strong enough,
which means,

f y 3   pz Wpb f yb
(2)
where hpz and bpz are the height and width of the panel
zone, respectively, and they are determined based on
the centerlines of column flanges and continuity plates
or beam flanges; tpz, the thickness of the panel zone,
equals to the column web or doubler plate thickness, or
total thickness if doublers are plug welded;  pz is a
factor taken as 0.95 in Chinese standard for exterior
beam-to-column connections to reduce the shear
demand and thus allowing inelastic deformation in

 4 3 hpzbpztpz

2. Test Program
2.1. Design of specimens
A test program was carried out including six T-shaped
full-scale welded unreinforced flange-bolted web
(WUF-B) moment connections with 690MPa high
strength steels applied in both beams and columns, or in
columns only, as shown in Table 1. The beam span is
3000mm while the column height is 3000mm. H-shaped
welded sections were used and each specimen is labeled
by the nominal yield strength of beam and column steels
as well as the panel zone thickness. Strong column-weak
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panel zone. In order to investigates the effect of panel
zone deformation in high strength steel moment
connections, the panel zone (PZ) strength ratio varies

3. Test results
3.1. Failure modes
Specimen B355-C690-PZ12 was first tested and fracture
of top and bottom continuity plate fillet welds were
observed at the cycles of 5% (Figure 3(a)). It was
concluded that the original fillet welds of 6mm were not
strong enough. Therefore, for the rest specimens, those
fillet welds were reinforced to 12mm. The second tested
specimen was B690-C690-PZ16, in which fracture of top
CJP weld between the beam and column flanges was
observed at cycles of 4% (Figure 3(b)). At this point the
specimen developed quite little inelastic deformation and
barely showed any energy dissipation. Therefore, it was
decided to reinforce the CJP weld by removing backing
plates and adding fillet welds underneath the CJP welds
for the specimens using HSS beams, as shown in Figure 4.

among the specimens as shown in Table 1. Note that a
one-sided doubler plate of 8mm in thickness was used for
the last specimen B690-C690-PZ20.
Specimen
No.
B355-C690
-PZ8
B355-C690
-PZ10
B355-C690
-PZ12
B690-C690
-PZ12
B690-C690
-PZ16
B690-C690
-PZ20

Table 1. Specimen matrix
Beam
Column SCWB
ratio
H320×16 H240×16 1.53
0×8×14 0×8×12
H320×16 H240×16
1.6
0×8×14 0×10×12
H320×16 H240×16 1.67
0×8×14 0×12×12
H280×16 H220×16
1.6
0×8×10 0×12×16
H280×16 H220×16 1.69
0×8×10 0×16×16
H280×16 H220×16
1.6
0×8×10 0×12×16

PZ
ratio
1.03
1.28
1.54
1.17
1.56
1.95

2.2. Test setup
As shown in Figure 1, the specimens were placed into a
test frame assembly and two hinges were used at the top
and bottom of the column. Constant axial load was
applied using a jack on the hinge at the top of the column,
while the subsequent cyclic loading was applied by an
actuator at the beam tip using displacement control as
shown in Figure 2 (AISC, 2016), where the drift angle is
defined as the ratio between the beam tip displacement,
and the distance from the beam tip loading point to the
column centerline (3000mm).

(a) B355-C690-PZ12

(b) B690-C690-PZ16

(c) B355-C690-PZ8

(d) B355-C690-PZ10

(e) B690-C690-PZ12

(f) B690-C690-PZ20

Figure 1. Test setup
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Figure 2. Loading protocol
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Figure 3. Failure modes
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Figure 4. CJP weld details

(b) B690-C690-PZ16

Then specimen B355-C690-PZ8 was tested until its
panel zone fractured at the third cycle of 8% (Figure 3(c))
since its panel zone was the weaking among all specimens.
And specimen B355-C690-PZ10 was tested until the first
cycle of 7%, when the beam exhibited lateral-torsional
buckling (Figure 3(d)). Performance of these two
specimens also evidenced the effectiveness of previous
reinforcement of fillet welds between continuity plates
and column flanges.
The next specimen was B690-C690-PZ12 tested until
the second cycle of 7%, when the top beam flange
fractured at a sudden (Figure 3(e)). The last specimen
B690-C690-PZ20 also exhibited fracture, but at the
bottom beam flange (Figure 3(f)), at the first cycle of 6%.
Performance of these two specimens demonstrated the
well-behaved CJP welds after reinforcement.

(c) B355-C690-PZ8

3.2. Moment-drift angle hysteresis loops
Hysteresis loops for all specimens are shown in Figure 5,
where the moment is measured at the column face. For
comparison, the first yield and fully plastic moment
capacities of the connected beams are also indicated in
these figures. Once the failure of fillet welds at continuity
plates was avoided, the hybrid steel connections exhibited
satisfactory seismic performance. The maximum drift
angle (or drift ratio) reached at least 7%, indicating
superior inelastic deformation capacity. Cyclic shear
response of high strength steel panel zone is quite stable,
as shown in Figure 5(c).

(d) B355-C690-PZ10

(a) B355-C690-PZ12

(e) B690-C690-PZ12
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(f) B690-C690-PZ20
Figure 5. Hysteresis loops
If the CJP weld details were improved as shown in
Figure 4, the maximum drift angle of high strength steel
connections reached 6%-7% (Figure 5(e)(f)), but about
half of which was elastic deformation. This means high
strength steel connections can be qualified with some
(about 2%-4%) inelastic drift capacity, but the welding
detail or quality may have a great negative impact on this.
Comparison between Figure 5(c) and (f) or (e) indicates
again that energy dissipation by cyclic shear in high
strength steels is preferred.
4. Conclusions
Six cyclic tests on hybrid and high strength steel moment
connections were conducted. High strength steel
connections were able to sustain elastic drift ratio of 3% to
4%, but with lower plastic deformation capacities. The
maximum plastic drift ratio that could be developed in
complete cycles, ranged from 1% to 4%, mainly
depending on the panel zone strength. Inelastic shear
distortion in the panel zone contributed substantially to
the plastic deformation capacity of the connection, and
was quite stable. High strength steel panel zone can be
exploited to dissipate energy under earthquakes, which is
much more reliable than the plastic hinge in high strength
steel beam adjacent to the column.
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Abstract
Columns made with circular concrete-filled double skin steel tubes (CFDSTs) possess many advantages over other
tubular columns due to their superior structural behavior mainly from confinement effect from the tubes to the infill
concrete. Strength and ductility of such columns need to be well determined as these are significant for buildings to be
designed in seismically vulnerable areas. In this study, a total of 8 circular tubes including 2 DSTs (double skin steel tubes
without infill) and 6 CFDSTs (concrete-filled double skin steel tubes with various parameters) were tested under axial
compression to failure to explore their potential structural benefits. Impact of presence/absence of infill concrete,
section’s hollow ratio (χ= 0.50 ~ 0.75), and sandwiched concrete type (plain, polypropylene, and steel fibers added) were
the experimental parameters. The test results indicated that, compared to DSTs, the CFDSTs had higher strength and
ductility. Independent of the fiber reinforced concrete composition, fiber reinforced CFDST specimens with χ= 0.50
hollow ratio have generally better strength than the counterparts with χ= 0.75 hollow ratio.
Keywords: Concrete-filled Tubes, Ultimate Strength, Compression Behavior, Ductility
could be explained by the fact that reduction of column
strength by reducing cross sectional area of sandwiched
concrete (i.e. increasing χ) neutralizes the internal tubes’
contribution of flexural rigidity on the increasing axial
strength.Therefore, χ has an insignificant effect on the
axial strength of intermediate length CFDST columns.
These investigations reveal that impact of the hollow ratio
on the axial performance of the CFDST columns should
be further studied especially for buildings in high seismic
zones.
Although structural performance of CFDSTs with normal
and high strength sandwiched concrete has been
investigated in some previous studies, studies regarding
concrete reinforced with any type of fibers are limited.
Results from the previous studies indicated that steel fiber
reinforced concrete delayed the local buckling of steel
tube and increased the ductility and energy dissipation
capacity of the CFST columns (Liu et al., 2019).
To provide a comparative insight into the behavior and
elucidate the robustness of the proposed CFDST, both
polypropylene and steel fiber reinforced concrete filled
double skin steel tubes are produced and axially tested.

1. Introduction
In recent times, columns made with circular
concrete-filled double skin steel tubes (CFDSTs) have
been extensively studied (both theoretically and
experimentally) in literature. Such columns have found
implementation potential in structures such as bridges,
high-rise buildings especially located in seismic zones
due to their numerous structural advantages over other
tubular columns. Regarding this issue, circular plain,
polypropylene and steel fiber reinforced concrete-filled
double skin steel tubes are investigated in this study to
explore their potential structural benefits.
There are some studies in the entire literature about
improving the strength of CFDST columns incorporating
numerous significant parameters. For example, the
hollow section ratio (χ) is one of the important parameters
that affects the performance of the CFDST columns but
there is no clear consensus on the effects of the χ on the
ultimate strength (Ayough et al., 2020). Experimental and
numerical studies show that increasing the hollow ratio
decreases the axial compressive strength of CFDST short
columns significantly due to reduced cross-sectional area
of the sandwiched concrete (Tao et al., 2004; Huang et al.,
2010). On the contrary, for very slender CFDST columns,
a high value of hollow ratio increases the load carrying
capacity of the column owing to larger flexural resistance
provided by the increased inner steel tube diameter (An et
al., 2012). Interestingly, it was found that increasing χ
almost does not affect the ultimate axial strength of
intermediate length columns while it increases the axial
strength of very long columns and decreases the strength
of short columns (Hassanein and Kharoob 2014). This

2. Experimental Setup and Specimens
A total of 8 circular tubes have been fabricated and tested.
The main parameters were presence/absence of infill
concrete, sandwiched concrete type (plain, polypropylene
and steel fibers added) and section’s hollow ratio χ from
0.50 to 0.75 (defined as χ= Di/(Do - 2to)), where Di and Do
are the diameters of inner and outer tubes, respectively.
Here, to stands for the thickness of outer tube. The
schematic diagrams of the specimens are shown in Fig. 1.
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All specimens used a height of 300 mm and an outer steel
tube diameter of 170 mm.

rate of 0.01 mm/sc, such that the local buckling behavior
of the specimens could be carefully observed. All
specimens were loaded to 80% of their ultimate loads in
the descending stage. Axial shortenings of the specimens
were measured with four linear variable displacement
transducers (LVDTs). Six (two on the outer surface of
inner steel tube and four on the outer surface of outer steel
tube) longitudinal strain gauges were mounted on each
specimen’s mid-height to measure axial strains. Data
gathered from these strain gauges were used to validate
LVDT measurements at the early stages of loading. The
arrangement of strain gauges and LVDTs was shown in
Figure 2.

a) χ =0.50
b) χ =0.75
Figure 1. Geometrical properties of specimens
The diameter-to-thickness ratios of outer and inner tubes
(D/t) are 47.5, 32.6, and 21.3. Thicknesses and grades of
the steel tubes were kept as the same to be t=3.58 mm and
S235JRH, respectively. Further information of the
specimens is listed in Table 1. Also, the measured material
properties are given in Table 2 where ƒyo, ƒyi, ƒuo, ƒui, ƒ’c
represent the yield stress of outer steel tube, the yield
stress of inner steel tube, the tensile strength of outer steel
tube, tensile strength of inner steel tube, and compressive
strength of concrete used, respectively. From the concrete
compression tests, compression strengths of plain
concrete, concrete with added polypropylene (4.5 kg/m3)
and steel fibers (25 kg/m3) were obtained to be 35 MPa,
49 MPa, and 41 MPa, respectively.

Figure 2. Strain gauge and LVDT locations
Typical failure modes of the specimens were elephant’s
foot and local buckling failures as shown in Figure 3.
There was no obvious deformations for all specimens
before their yielding loads except for vertical
deformations. When the load has reached the yield point,
whitewash flaking was observed around the top yielded
portions of the specimens. After reaching the maximum
load, specimens start to locally buckle from the top first
and this buckling propagates over a limited area. Inner
steel tubes of CFDST specimens buckled or bulged
inward due to the confining pressure of the sandwiched
concrete. Note that buckling of DST specimens’ inner
tubes were outward. Buckling modes of inner steel tubes
are shown in Figure 4.

Table 1. Details of specimens
Specimen
Label
DST-75
DST-50
CFDST-R-75
CFDST-R-50
CFDST-D-75
CFDST-D-50
CFDST-P-75
CFDST-P-50

Do
(mm)
170
170
170
170
170
170
170
170

to
(mm)
3.58
3.58
3.58
3.58
3.58
3.58
3.58
3.58

Di
(mm)
114.1
76.1
114.1
76.1
114.1
76.1
114.1
76.1

ti
(mm)
3.58
3.58
3.58
3.58
3.58
3.58
3.58
3.58

χ
0.75
0.50
0.75
0.50
0.75
0.50
0.75
0.50

Sandwiched
Concrete Type
Plain
Plain
Steel Fiber
Steel Fiber
Polypropylene
Polypropylene

Table 2. Details of materials
Specimen
Label

ƒyo
(MPa)

ƒyi
(MPa)

ƒuo
(MPa)

ƒui
(MPa)

ƒ’c
(MPa)

DST-75
DST-50
CFDST-R-75
CFDST-R-50
CFDST-D-75
CFDST-D-50
CFDST-P-75
CFDST-P-50

400
400
400
400
400
400
400
400

380
320
380
320
380
320
380
320

460
460
460
460
460
460
460
460

430
400
430
400
430
400
430
400

35
35
41
41
49
49

Labelling of the specimens is as follows: Taking
CFDST-R-50 as an example, the first letters CFDST refer
to concrete filled double skin steel tube (DST refers to
double skin steel tubes without concrete infill), “R” refers
to reference (plain) sandwiched concrete, “D” refers to
steel fiber added sandwiched concrete, “P” refers to
polypropylene fiber added sandwiched concrete, and the
last two digits “50” indicate the hollow section ratio of
0.50.

a) DST-75

3. Testing, Observations, and Failure Modes
Each specimen was tested axially using a 5000 kN
compression test machine with a slow stroke control at a

d) CFDST-R-50
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b) DST-50

e) CFDST-D-75

c) CFDST-R-75

f) CFDST-D-50

compared with the counterparts having χ=0.75, increasing
the hollow ratio slightly decreases the maximum axial
strengths of the specimens (1.8%, 4.9%, and 893%,
respectively). It is recognized that the higher the hollow
ratio, the higher the ductility ratio of the plain and steel
fiber reinforced concrete filled DSTs (8% and 49%,
respectively). On the contrary, higher hollow ratio reduces
ductility of the polypropylene reinforced concrete filled
DST specimens (43.5%) due to relatively rapid
degradation of the specimen capacity.

g) CFDST-P-75 e) CFDST-P-50
Figure 3. Typical failure modes of specimens

a) CFDST specimens

b) DST specimens
a) DST specimens

Figure 4. Buckling modes of inner steel tubes

b) CFDST-R specimens

4. Test Results and Discussion
4.1. Axial Load-Axial Displacement Curves
The measured axial load-axial displacement curves of all
tubes are shown in Figure 5. Note that the displacements
given in these curves are the average values measured by
the four LVDTs. It is clear that the axial strength of DSTs
is significantly enhanced with the presence of sandwiched
concrete no matter what the section hollow ratio of
specimens or sandwiched concrete type are. Compared to
DSTs, the CFDSTs have higher maximum strengths (up to
35~86%) and ductilities (up to 61~64% at 0.8Pmax) due to
the presence of sandwiched concrete.

a) χ =0.50

c) CFDST-D specimens

d) CFDST-P specimens

Figure 6. Effect of hollow section ratio on axial load-axial
displacement curves
Axial load-axial displacement relations of CFDSTs
having various infill concrete compositions are shown
in Figure 7. It is seen that fiber (both steel and
polypropylene) reinforced concrete filled CFDSTs have
slightly more axial load carrying capacities and enhanced
ductilities than plain concrete filled CFDSTs.

b) χ =0.75

Figure 5. Effect of concrete infill on axial load-axial
displacement curves
a) χ =0.50

The effect of hollow ratio (χ) on the axial load-axial
displacement curves of all tubes are shown in Figure 6. It
can be seen that, in DST specimens, increasing the hollow
ratio increases both the axial load capacity (26.9%) and
ductility (19.2%) mainly from larger steel cross-section
areas used. Independent of the fiber reinforced concrete
composition, the higher value of the hollow ratio has
slight reducing effect on the axial load carrying capacity
of the CFDST specimens due to the decreasing
cross-sectional area of sandwiched concrete. It was found
that when plain concrete, polypropylene, and steel fiber
reinforced concrete filled CFDSTs with χ=0.50 are

b) χ =0.75

Figure 7. Effect of concrete type on axial load-axial
displacement curves
4.2. Ductility Evaluation
To quantify the effect of different parameters on section
ductility, general yield method is used to determine the
approximate yield and failure point. Calculated values are
summarized in Table 3. The ductility index (DI) is defined
as
DI = µ = Δ u / Δ y
(1)
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where Δ u is the axial displacement when the load fell to
0.80Pmax, Δy is axial displacement corresponding to the
yielding load (Py). Independent of the hollow ratio,
computed ductility values from the tested CFDST
specimens are larger than the DST specimens. This
reveals that the sandwiched concrete could enhance the
ductility by its confinement effect. CFDST-R-75 and
CFDST-D-75 specimens behaved more ductile than their
counterparts with χ=0.50. This could be attributed to the
fact that larger inner steel tube diameter improved the
restriction of the lateral deformation (or confining
pressure) of the sandwiched concrete.

composition (i.e. with or without fibers) and hollow
section ratio, concrete infill has significantly improved
axial strength (up to 85.5%) and ductility (up to 342%) by
delaying local buckling.
b) Slightly different behavioral values are obtained both
for steel and polypropylene fiber reinforced concrete
filled specimens when optimum volumetric values are
used.
c) For concrete filled specimens, increasing the hollow
ratio slightly decreases the maximum axial strengths of
the specimens (max. 9%). The higher the hollow ratio, the
higher the ductility ratio of the plain and steel fiber
reinforced concrete filled DSTs (max. 49%). On the
contrary, higher hollow ratio reduces ductility of the
polypropylene reinforced concrete filled DST specimens
(max. 43.5%) due to relatively rapid degradation of the
specimens’ axial capacity.

Table 3. Ductility values of specimens
Specimen
Label
DST-75
DST-50
CFDST-R-75
CFDST-R-50
CFDST-D-75
CFDST-D-50
CFDST-P-75
CFDST-P-50

Δy
(mm)
1.9
1.9
2.2
2.2
1.6
1.4
2.4
2.1

Δu
(mm)
10
8.2
41.5
38.5
36.5
21.5
18
26.4

Δmax
(mm)
34.1
37.9
41.5
44.5
36.5
42
46
43.9

µ
(Δu / Δy)
5.26
4.31
18.9
17.5
22.8
15.3
7.5
12.75
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4.3. Prediction of Load Carrying Capacities
Axial load capacities were calculated with Eq. (2)
proposed by AISC-360-16.
Pno = Pp = Asƒy + C2Acƒ’c

(2)

Here, As is cross sectional area of steel section (mm2), ƒy
is specified minimum yield stress of steel section (MPa) ,
Ac is area of concrete (mm2), ƒ’c is specified compressive
strength of concrete (MPa), and C2 is the coefficient of
effective rigidity of CFST column (e.g. 0.95 for compact
circular sections). Note that AISC regulations ignore the
effect of concrete confinement.
Calculated maximum axial strengths of the CFDST
specimens calculated per Eq. (2) (Pp) and experimental
maximum strengths (Pmax) are given in Table 4. It can be
seen that there is a good agreement (max. variation is
about 10%) between the calculated and experimental
values.
Table 4. Comparing AISC predictions and test results of
specimens
Specimen
Label
DST-75
DST-50
CFDST-R-75
CFDST-R-50
CFDST-D-75
CFDST-D-50
CFDST-P-75
CFDST-P-50

Pp (kN)
(Predicted)
1221.1
1010
1564.5
1536.8
1636.3
1647.1
1718
1772.6

Pmax (kN)
(Tested)
1226.25
966.3
1667.7
1687.7
1648.1
1795.2
1712
1795.2

Pp/Pmax
1.0
1.1
0.94
0.91
0.99
0.92
1.0
0.99
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5. Conclusions
Observed failure modes and axial load-axial displacement
relationships of CFDST specimens were recorded and
analyzed. Parameters influencing the strength and
ductility are discussed. The following conclusions can be
drawn from this experimental study:
a) Test results shows that, independent of the concrete
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Abstract
Cover-plate beam-to-column joint is one of the improved welded joint configurations. Three-dimensional numerical
models, with different Q345 or Q460 beams and Q345, Q460 or Q690 columns, were established in ABAQUS and
validated with existing experimental data. Finite element analysis was conducted and the main mechanical behaviors of
the connections and the panel zone were analyzed. Based on the results, the cover-plate could efficiently reinforce the
joints and shift the plastic region away from the field complete-joint-penetration welds, and the internal force distributions
between beam flanges and cover plates would be influenced by the panel zone stiffness. The phenomenon of shear-force
reversal was found in the web connections of the cover-plate joints. Based on the results, recommendations for design and
were proposed.
Keywords: high strength steel, cover-plate joint, seismic behavior, finite element analysis
1. Introduction
The structural high strength steel (HSS), with the yield
strength exceeding 460MPa (Bjorhovde, 2004), has
become a rapidly-promoted material type in steel
constructions (Shi and Chen, 2018). According to the
existing investigations on the behaviors of HSS structures,
the constitutive relationship of HSS could be obviously
different (Ban and Shi, 2018). The seismic performance of
HSS structures, therefore, should be specially concerned
in design of HSS structures (Hu, et al., 2017). In the
seismic design of HSS structures, the design of the
beam-to-column joints should be regarded as a critical
part because reliable joints are the basis to utilize the
advantages of HSS members (Chen and Shi, 2019a). The
cover-plate (CP) joint (Engelhardt and Sabol, 1998), as
show in Figure 1, is one of the improved joint
configurations that are expected to have potentials for
applications in HSS seismic frames (Chen and Shi,
2019b). Although a few of suggestions have been
proposed for design of CP joints (SAC Joint Venture,
2000), there has not been a practical design procedure for
the CP joints in typical steel frames in the Chinese code,
the American code or the Eurocode. Also, because of the
changes of material properties, the existing design
suggestions should be further discussed in design of HSS
CP joints (Chen and Shi, 2019b).
To propose reasonable procedures for practical design
of HSS CP joint, a series of analysis on the yielding
mechanics and the internal-force distributions in typical
HSS CP joints, as well as parametrical studies on the
resistance and stiffness, have been conducted numerically
in this investigation. Finite element models (FEMs) were
adopted in the analysis after validated by the experimental
results, and the design methods for the HSS CP joints
have been proposed accordingly.

panel zone
cover plate

CJP weld

shear plate
high strength bolt

fillet weld
continuity plate

Figure 1. Cover-plate joint
2. FEMs
2.1. Modelling
FEMs were established in the software ABAQUS, based
on the practically designed CP joints in existing
experimental study (Chen and Shi, 2019b), with the
typical configurations shown in Figure 1. All the FEMs
were built by three-dimensional solid elements with three
different types: C3D6 in the regions with irregular planer
shapes and mesh-transition regions, C3D8 in regular
shaped regions with contact or connection properties, and
C3D8R in regular-shaped regions without contact or
connection properties. The typical meshes of the FEM are
shown in Figure 2. All the contact or connection
relationships were simulated based on the real
configurations. The slip coefficient for the contacts was
set as 0.35 according to the Chinese code (JGJ, 2011).
The boundary conditions are shown in Figure. 2(a).
Three loading steps are assigned. In the first loading step,
the boundary conditions are activated and the pretension
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forces of 225kN in the Grade 10.9 M20 bolts are applied
(JGJ, 2011). In the second loading step, the axial forces Nc
are applied in the column. Then in the third loading step,
anti-symmetrical vertical loads are adopted on the beam
end. The constitutive models proposed by Hu and Shi
(2018) were adopted to simulate the material properties.

Furthermore, the main mechanical indexes of the CP
joint FEMs were calculated, with the same methods in the
experimental programmes (Chen and Shi, 2019b), and
compared to the experimental results as summarized in
Table 1, where Kd is the stiffness of the joint assembly, Qy
is the effective yield shear force in the column, and Kpz
and My are the stiffness and effective yield moment of the
panel zone, respectively. According to Table 1, Kd of the
FEMs is slightly smaller than the test results with the ratio
changing from 0.857~0.949 and an average ratio of 0.916,
whereas Kpz of the FEMs is larger than the test results with
the ratio changing from 1.010~1.253 and an average ratio
of 1.142. The differences in the stiffness results are
mainly caused by the idealized boundary conditions and
the unconsidered local imperfections in FEMs, but the
accuracy of the stiffness results obtained by the FEMs are
acceptable. For Qy and My, the FEM results showed good
agreement with the test results, with the average ratios of
0.997 and 1.040, respectively. Generally, the FEMs could
provide reliable results.

Np

H=3000
mm

F

F

z

x
y

column
(b)

(a)

Figure 2. Typical meshes: (a) global view; (b) joint region
2.2. Validations
The story shear force-story drift angle (Q-θ) relationships
obtained from the FEMs and the tests (Chen and Shi,
2019b) are compared as shown in Figure 3. The Q-θ
curves of the FEMs substantially coincided with the test
results, indicating that the FEMs could simulate the
resistance and hardening behaviors of the cyclic loaded
CP joints in a satisfactory accuracy.
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Kd
0.949
0.913
0.920
0.943
0.916
0.929
0.901
0.857
0.916

Qy
0.994
1.048
0.985
0.987
0.985
1.027
0.983
0.970
0.997

Kpz
1.151
1.043
1.094
1.010
1.253
1.228
1.189
1.166
1.142

My
1.100
1.095
0.956
0.946
1.130
1.011
1.040

3. Internal-force distributions
3.1. Axial forces in beam flanges and cover plates
In the FEM results, the axial forces in the beam flanges
Fbft and Fbfc, and the axial forces in the cover plates Fcpt
and Fcpc, as shown in Figure 4, have been recorded, as
illustrated in Figure 5, where the moments corresponding
to Qy and Mpz.y, marked Mcy.d and Mcy.pz, as calculated by
Eqs. (1) and (2), respectively, are also provided. Further,
the theoretical axial forces, Fcpt.t, Fcpc.t, Fbft.t and Fbfc.t, are
shown in Figure 5. According to the changes of the axial
force distributions, the yielding of the panel zone would
obviously influence the axial force distributions. Before
the yielding of the panel zone, the axial forces in the beam
flanges and cover plates show linear growth. After the
yielding of the panel zone, however, the axial forces in the
cover plates develop sharply growth while the axial forces
in the beam flanges decreased rapidly in models with
weak panel zones, as observed in Figure 5 (a), (c) and (d).
The trends could also be observed in Figure 5 (b), (g) and
(h), the panel zones corresponding to which are not
typically weak but still yielded during the loading
progress.
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Figure 3. Comparison of Q-θ curves from tests and FEMs.
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internal forces are caused by the panel zone plastic
deformations, rather than the yielding of the beam flanges
or cover plates. Therefore, in the seismic design of the
HSS CP joints, weak panel zone would increase the risks
of CJP weld fracture, so the resistance of the panel zone
should be concerned and guaranteed, and the cover plates
should be thickened if the deformability of panel zones
are expected to be considered in balanced design.

CJP
weld
Fcpt top cover plate
top beam flange
Fbft

Beam
web

3.2. Shear forces
The vertical shear force distributions on the CJP-weld
section, including the shear forces in the top and bottom
cover plates Vcpt and Vcpc, the shear forces in the top and
bottom beam flanges Vbft and Vbfc, and the shear forces in
the shear plate Vsp, are analyzed, and the relationships
between the shear force distributions and the total shear
force Vs are shown in Figure 6, where the shear forces are
defined as positive when the direction is coincident with
the total shear force, and the shear forces corresponding to
Qy and Mpz.y, marked as Vcy.d and Vcy.pz and calculated by
Eqs. (3) and (4), respectively, are also provided.
H
Vcy.d = Qy
(3)
L
2H
Vcy.pz =
M
(4)
H

h
 b  tp  L pz.y

M

Fbfc

bottom beam flange
bottom cover plate

Figure 4. Axial forces in the beam flanges and the cover
plates on the CJP-weld section.
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Figure 5. Axial force distributions of CJP-weld section.
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It is noted that the axial forces in the cover plates and
the beam flanges, when the internal force distributions
develop remarkable changes, are still obviously smaller
than the maximum elastic axial force resistances of the
plate sections, indicating that the redistribution of the
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Figure 6. The shear force distributions.
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Chen, X. and Shi, G. (2019a). “Cyclic tests on high
strength steel flange-plate beam-to-column joints.”
Engineering structures. 186, pp. 564-581.

From Figure 6, the shear force distributions in the CP
joints show significant differences with the assumptions
for traditional welded joints. Specially, the shear forces in
the shear plates are negative, i.e. in inverse directions of
the total shear force in the beams, which is different from
the expectation. As a result, the total shear forces in the
cover plates and the shear plates are larger than the total
shear forces in the beams, indicating that the CJP welds
would transfer not only axial forces but also considerable
shear forces from the beam flanges and the cover plates.
Further, the shear-force inversions in the shear plates
become severer after the yielding of the panel zone,
causing even larger shear forces in the beam flanges and
the top cover plate, as shown in Figure 6 (a)~(d) and
(g)~(h). When strong panel zones are adopted and do not
yield, as shown in Figure 6 (e)~(f), the inverse shear force
in the shear plates would decrease and turn to positive as
the beam shear force increase.
Generally, the distributions of the internal forces in
the CJP weld sections in the CP joints, including the axial
force distributions and the shear force distributions, show
different characteristics compared to the common
assumptions and would be significantly influenced by the
panel zone performances. Particularly, the shear-force
inversions in the shear plates were observed, which would
change the stress state of the CJP weld and should be
specially concerned in practical seismic design.

Chen, X. and Shi, G. (2019b) “Experimental study of
seismic behaviours of the cover-plate joints in high
strength steel frames.” Engineering structures, 191: pp.
292-310.
Engelhardt, M. D. and Sabol, T. A. (1998). “Reinforcing
of steel moment connections with cover plates: benefits
and limitations.” Engineering Structures, 20(4-6), pp.
510-520.
Hu, F., Shi, G. and Shi Y. (2017). “Experimental study on
seismic behavior of high strength steel frames: global
response.” Engineering Structures, 131, pp. 163-179.
Hu, F. and Shi, G. (2018). “Constitutive model for
full-range cyclic behavior of high strength steels
without yield plateau”. Construction and Building
Materials, 162, pp. 596-607.
JGJ 82-2011. (2011). Technical Specification for High
Strength Bolt Connections of Steel Structure. Beijing:
China Architecture & Building Press. (in Chinese)
SAC Joint Venture. (2000). FEMA-355D. State of the art
report on connection performance. Sacramento,
California, U.S.: SAC Joint Venture, 2000.
Shi, G. and Chen, X. (2018). “Research advances in HSS
structures at Tsinghua University and codification of
the design specification.” Steel Construction – Design
and Research, 11(4), pp. 286-293.

4. Conclusions
FEMs of high strength steel cover-plate joints were
established and validated by experimental results. With
the finite element analysis, the internal force distributions
on the CJP-weld sections of the joints were analyzed. The
main conclusions are as follows.
(1) The yielding of the panel zone would obviously
influence the internal force distributions in the beam
flanges and the cover plates. After the yielding of the
panel zone, the axial forces in the cover plates develop
sharply growth while the axial forces in the beam flanges
rapidly decrease, so weak panel zone would increase the
risks of CJP weld fracture that is expected to initiate at the
fusion faces of the cover plates.
(2) The CJP welds in cover-plate joint corresponding to
the beam flanges and the cover plates may transfer
considerable shear forces, while the shear plate in
cover-plate joints may develop shear forces with an
inverse direction of the total shear force in the beam. The
unexpected shear force distributions cause an even more
dangerous stress state of the CJP welds, which should be
considered in the cover-plate joint design.
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Abstract
Stainless steel has been widely utilized in civil and offshore constructions for its corrosion resistance and sustainability.
Because stainless steel bolted connections commonly featured low slip factors, all-welded beam-to-column joints seem to
provide more reliable moment resistance. This paper reports the numerical simulation on the performances of welded
beam-to-column joint panel zone made of duplex stainless steel S22053. With the consideration of material and geometry
nonlinearities, finite element models (FEMs) under monotonic loads were established, and parametric analyses were
carried out by changing the stainless-steel grade, panel zone thickness, panel zone width, and axial column compression
ratio. Their influences on the moment resistance were investigated, and the yield resistance by FEMs was compared with
that predicted by the American, European, Japanese, and Chinese codes. The results showed that the American, European,
and Chinese methods overestimated the moment resistance by 1%-17%, 1%-29%, and 8%-26%, respectively. The
reduction factors in various codes could not reasonably describe the adverse effect of column compressive forces. The
modified formula for checking the yield resistance of panel zones was proposed and verified against FE results,
recommended in the panel zone design for stainless-steel all-welded beam-to-column joints.
Keywords: Stainless steel, Panel zone, Welded joint, Beam-to-column joint, Numerical simulation
1. Introduction
The increasing demands of corrosion resistance, life-cycle
costing control, and sustainability have led to an increased
interest in the use of stainless-steel structures. In
stainless-steel frames, the beam-to-column joint is a
critical component transferring the axial and shear forces
as well as moments. The previous studies into
stainless-steel beam-to-column joints mainly focused on
bolted joints, including end-plate joints (Gao et al., 2020),
top-seat double web angle joints (Hasan et al., 2017), and
welded flange-bolted web joints (Bu et al., 2019).
Because bolted connections with stainless steels
commonly featured low slip factors (Wang et al., 2013),
all-welded joints would provide more reliable moment
resistance, which has not been fully investigated.
Moreover, the joint resistance primarily depended on the
panel zone resistance in all-welded joints. Current design
codes for stainless steel structures do not provide special
calculations but refer to relevant ordinary steel design
methods instead. However, these methods cannot be
directly utilized in the design of panel zones with stainless
steel for the significant difference in nonlinear material
properties. Their applicability has not been concerned in
existing research.
For analyzing the monotonic behavior and design of
stainless-steel panel zones, FE parametric analyses were
conducted with different stainless-steel grades, panel zone
geometries, and axial column compression ratios. The
moment resistance of panel zones was further evaluated
by the American, European, Japanese, and Chinese codes
for comparisons. After that, a modified method was
proposed and recommended for design.

2. Finite element analysis
2.1. Development of FEMs
The FEMs of double-sided joint substructures were
established by ABAQUS with solid elements C3D8R and
C3D6. Geometries, typical mesh, loads, reactive forces,
and boundary conditions were shown in Figure 1.

(a) Joint substructure

(b) Panel zone

Figure 1. Finite element model (unit: mm)
The axial compression load Np was applied to the column.
Then, monotonic loads (i.e., PN and PS) were applied to
the control points coupled with beam end sections, whose
translational degrees of freedom in the x-direction were
constrained. Based on the Eurocode (EN 1993-1-4, 2015)
and Chinese code (CECS 410, 2015), the nonlinear
constitutive model of stainless steel was expressed
through Eq. (1), and the parameters were listed in Table 1.
n

  
  0.002 
 ,    0.2
 E0
  0.2 
(1)
=
m

    0.2 
 0.2    0.2

 u 
 ,  0.2     u
0.002 
E0
E0.2
  u   0.2 
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In stainless-steel beam-to-column joints, the panel zone
yielding is a critical failure mode. Therefore, the yield
resistance of panel zones (My) was determined by the
ECCS method (ECCS, 1986), as shown in Figure 2. Then,
the FE results were compared with predictions (My.d) by
the American (ANSI/AISC 360, 2016), European (EN
1993-1-8, 2005), Japanese (AIJ, 2012), and Chinese codes
(GB 50017, 2017), as summarized in Table 3.

Table 1. Material properties of stainless steel
E0
E0.2
σ0.2
σu
εu n m
(GPa) (GPa) (MPa) (MPa)
S22053 200 105.88 450
620 0.27 5 3.54
S30403 193
59.01 170
485 0.65 6 2.23
S31608 193
66.95 205
515 0.60 7 2.39
Steel

2.2. Parameters
Totally 12 FEMs were divided into four groups with
different stainless-steel grades, thicknesses and widths of
panel zones (tpz and bpz), and axial compression ratio (np),
as listed in Table 2, where J1 is the benchmark specimen.
Table 2. List of FEMs
Specimen
J1
J2a
J2b
J3a
J3b
J3c
J4a
J4b
J4c
J5a
J5b
J5c

Steel
S22053
S30403
S31608

tpz (mm) bpz (mm)
12
384

np
0

12

384

0

S22053

8
16
20

384

0

S22053

12

261
507
630

0

384

0.4
0.6
0.8

S22053

12

(a) Stainless-steel grades

(c) Panel zone widths (d) Axial compression ratios
Figure 2. M-φ curves
Results indicated that for most specimens with np≤0.4, the
American and Chinese methods overestimated the
moment resistance of stainless-steel panel zones by
1%-17% and 8%-26%, respectively. However, for joints
with high axial column compression ratios (np=0.6 or 0.8),
these two methods would provide conservative
predictions. In contrast, the Eurocode method showed
overestimations by 1%-29%, especially for models with
different np by 12%-29%. The Japanese method produced
underestimations with discrepancies of 6%-34%.

3. Results and discussions
For analyzing the effect of different parameters on the
panel zone performance, moment-rotation (M-φ) curves
were obtained, as shown in Figure 2, where M denotes the
sum of moments at column faces. Moreover, the joint
rotation (φ) mainly came from the shear rotation of panel
zones, as calculated by Eq. (2), in which Δ represents the
average increments of the diagonal lengths in panel zones.

 = hpz2  bpz2 / hpz bpz

(b) Panel zone thicknesses

(2)

Table 3. Comparison between FE results and predictions by various codes
Specimen
J1
J2a
J2b
J3a
J3b
J3c
J4a
J4b
J4c
J5a
J5b
J5c

My
(kN·m)
476.0
161.2
206.9
322.0
624.5
760.0
339.3
609.1
732.7
448.3
432.5
389.2

My.dA
(kN·m)
498.2
188.2
227.0
332.1
664.2
830.3
344.0
653.4
809.7
498.2
398.5
298.9

My.dE
(kN·m)
501.9
189.6
228.7
343.1
660.7
819.5
341.7
663.2
825.5
501.9
501.9
501.9

My.dJ
My.dC
(kN·m) (kN·m)
425.9
539.5
160.9
203.8
194.0
245.8
290.3
359.7
556.9
719.4
684.1
899.2
294.9
366.7
553.5
712.4
678.6
885.2
390.4
539.5
340.7
431.6
255.5
323.7
Average value
Standard deviation
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My.dA
/ My
1.05
1.17
1.10
1.03
1.06
1.09
1.01
1.07
1.11
1.11
0.92
0.77
1.04
0.10

My.dE
/ My
1.05
1.18
1.11
1.07
1.06
1.08
1.01
1.09
1.13
1.12
1.16
1.29
1.11
0.07

My.dJ
/ My
0.89
1.00
0.94
0.90
0.89
0.90
0.87
0.91
0.93
0.87
0.79
0.66
0.88
0.08

My.dC
/ My
1.13
1.26
1.19
1.12
1.15
1.18
1.08
1.17
1.21
1.20
1.00
0.83
1.13
0.11

4. Modified design method
Based on the Chinese code, a modified method was
proposed for calculating the moment resistance of
stainless-steel panel zones, as expressed through Eq. (3),
where Q is the story shear force, and fy is the yield
strength (herein taken as the strength with a residual
plastic strain of 0.2%). Moreover, the height and width of
a panel zone (hpz and bpz) are the distances between
centerlines of beam flanges and column flanges,
respectively. For joints with np greater than 0.4, a
reduction factor 1  np2 is used according to the code.
hpz
1
(3)
M y.d 
hpz tpz bpz f y +
Q
2
3
Predictions by the proposed method were validated
against FE results, as shown in Figure 3 and Table 4. The
moment resistance obtained by the modified formula was
in better agreement with FE values, indicating that the
proposed method could be utilized in the panel zone
design of stainless-steel joints. Moreover, it should be
noted that the reduction factors in the above method and
codes could not reasonably describe the adverse effect of
axial column forces, required to be investigated further.

5. Conclusions
In this paper, the FEMs of stainless-steel beam-to-column
joints were undertaken. The monotonic behavior and
design resistance of panel zones were investigated. The
key conclusions are summarized as follows:
(1) The American, European, and Chinese methods
overestimated the yield moment resistance by 1%-17%,
1%-29%, and 8%-26%, respectively. The Japanese
method showed underestimations of 6%-34%, providing
more conservative predictions.
(2) Based on the Chinese method, a modified formula was
proposed and verified against FE results so as to be
recommended for panel zone design in stainless-steel
beam-to-column joints.
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Figure 3. Predictions by the proposed method
Table 4. Comparison between FE results and
predictions by the proposed method
Specimen
J1
J2a
J2b
J3a
J3b
J3c
J4a
J4b
J4c
J5a
J5b
J5c

My (kN· My.d (kN·
m)
m)
476.0
460.2
161.2
173.9
206.9
209.7
322.0
306.8
624.5
613.6
760.0
767.0
339.3
311.9
609.1
609.5
732.7
759.8
448.3
460.2
432.5
368.2
389.2
276.1
Average value
Standard deviation

My.d / My
0.97
1.08
1.01
0.95
0.98
1.01
0.92
1.00
1.04
1.03
0.85
0.71
0.96
0.09
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Abstract
Based on the requirements for the urbanization construction of the new cities, an innovative ductile and dissipative steel
frame system with post-earthquake resilience function was proposed. By means of superposition of prefabrication
function, damage control function and post-earthquake replaceable function, a quality solution was provided for
satisfying the two-stage resilience design goal of “damage is controllable to achieve safety during earthquake, and
structural function is restorable after earthquake”. This study focused on the overall seismic performance of steel frame
system with four types of replaceable low yield point steel connection components and aimed to verify the effect of the
structural fuses subjected to actual earthquake records. The analysis results demonstrated that the well-designed
replaceable LYP connected components were able to concentrate plasticity and damage, to give full play to the role of
structural fuses, which effectively controlled the position of plastic hinge. The larger weakened degree can effectively
extend the contributing coverage of structural fuses. With the increase of the widening degree of the beam flange, the
desirable fuse effect can be realized with smaller required weakened degree.
Keywords: low yield point steel (LYP), replaceable connection component, structural fuse, numerical method, nonlinear
dynamic history analysis
1. Introduction
With the vigorous promotion of the new urbanization
process, the prefabricated steel structures are developed
rapidly. Due to the application of prefabricated steel
structures, the excess production capacity of the steel
industry was alleviated and the construction duration was
effectively reduced (Zhang 2014). In 2011, an earthquake
in Christchurch, New Zealand, caused brittle damage to
many steel structures and resulted in incalculable
economic losses (Stephen 1998; Zhou 1996; Lv et al.
2014; Lv et al. 2011; Lv et al. 2019). As a result, it is
necessary to develop the resilient structures with two
phases. In the first phase, during the earthquake, structural
damage can be controlled to ensure structural ductility
and improve structural safety. In the second phase, after
the earthquake, structural functions can be quickly
recovered to reduce repair costs. Based on the
combination of high-performance materials and
high-performance structures, and the combination of
load-bearing members and energy-dissipation elements. A
new steel frame structure system with replaceable
low-yield-point connection components was proposed.
The connection components can be replaced quickly after
the earthquake. Six three-storey steel frame structure
models with different connection details were established
by the finite element software ABAQUS to investigate the
structural fuse effect of low-yield-point connecting
components, as shown in Figure 1. Static elastoplastic
analyses and nonlinear dynamic history analyses were

carried out to above specimens. The bearing capacity,
hysteresis behavior, energy dissipation performance and
deformation capacity were compared.
Dog-bone
connection

beam

T-stub
connection

Angle steel connection

Cover plates
Cover plates Connection with
Connection widening beam flange

Low yield point
steel (LYP)
Connection
components:
Structural fuse
Ordinary or
high strength
steel

Beams and columns
remain undamaged

Column

Figure 1. Description of the steel frame structure with
different connection details
2. Description of test specimens
The nonlinear finite element models were developed to
predict the behavior of six three-storey steel frame
structures. The storey height is 3600mm and the span is
6000mm. The parameters of different type connection are
described in Table 1.
The design resistance capacity coefficient  d of the
connection was defined in Eq. (1), which was defined as
the weakened degree of the connection.
d 

M pl,fuse

M pl,beam

(1)

Where M pl,beam is the plastic resisting moment of the
cross-section of the beam without weakening; M pl,fuse is
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desirable cyclic behavior and ductility. The slight
pinching phenomenon are observed in specimens AS,
CP-0.60 and EC. It is due to the reciprocating slippage of
the high-strength bolts.
Table 2 shows the comparison of bearing capacity of the
specimens according to the Figure 3. The table shows that
the AS has the lowest bearing capacity, 85% of RBS. It
reveals that the bearing capacity of the steel frame
structures with bolted low-yield-point steel components
are sufficient.
Table 2 Bearing capacity
Bearing capacity
Bearing capacity
ratio of
Name
(kN）
specimen
to RBS
RBS
697.455
100%
TS
648.844
93%
AS
592.443
85%
CP-0.77
642.185
92%
CP-0.60
604.386
87%
EC
669.849
96%

the plastic resistant moment of all the connection plates at
the splicing position.
Table 1 Parameters of specimens
Connection
Connection
d
Type
component Name
forms
materials
Dog-bone
Q345
1.0
Welded
RBS
connection
(fy=345MPa)
T-stub
0.77
TS
connection
Angle
0.77
AS
connection
CP0.77
Cover
High
0.77
LYP160
plates
strength
(fy=160MPa) CPconnection 0.60
bolted
0.60
Beam end
expanded
wing with 0.77
EC
cover plate
connection

3.2. Energy dissipation performance
The ED / ETotal is the energy dissipation of each
component to the overall structure. Figure 4 displays the
ED / ETotal of the first floor of the specimens. The results
reveal that the proportion of energy dissipation of each
low-yield-point connection component in specimen TS
and AS is over 80%, indicating that the structural fuses
performed well. The energy dissipation ratio of the
low-yield-point cover plates of specimen CP-0.77
decreases rapidly. The proportion of energy dissipation of
each component in specimen EC and CP-0.60 is over 80%.
It is demonstrated that the strategies of expanding the
flanges at the beam ends and reducing the design
resistance capacity coefficient are effective.
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Figure 2. Static cyclic loading system
3.1 Hysteresis behavior
Figure 3 shows the force - rotation hysteresis curves of the
specimens.

ED/ETotal

3. Static elastic-plastic analysis
The lateral loading of the specimens was of displacement
control type and applied as cyclic quasi-static, as Figure 2
indicated. The loading protocol satisfies the FEMA-350
ductility requirements(FEMA). The displacement load
was applied at the top of the frame with a maximum
displacement of 591 mm and the rotation of 0.05 rad.

0.07

Figure 3. Hysteretic curve of the whole frame

0.0
0.00

The results show that all specimens exhibit stable
spindle-shaped hysteresis curves without significant loss
of strength and stiffness, indicating that the steel frame
structures connected by high-strength bolts exhibit

Cover plates
Short beam
Long beam EC
Column
θ (rad)

0.05

Figure 4. Comparison of energy proportion of each
component
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3.3. Deformed shape and plasticity concentration
The equivalent plastic strain, PEEQ, is a cumulative
plastic strain indicator that reflects the local ductility and
fracture tendency. As space is limited, only the PEEQ
distributions of the specimen RBS and TS are compared
in Figure 5. The results reveal that the damage of RBS
occurred at the weakening region. The plastic hinge was
transferred from the beam end to the weakening section,
protecting the main frame. However, it needs to be
dismantled and rebuilt after the earthquake damage.
Damage of specimen TS is only concentrated within the
low-yield-point steel connection components. In terms of
the high-strength bolts, the damaged components can be
removed and repaired easily after the earthquake,
indicating that the structural fuses perform well.

connection components undergo sufficient plastic
deformation and perform adequate energy dissipation
capacity.
4. Nonlinear dynamic history analysis
The prototype of the specimens is located in Haidian
District, Beijing, China. During the dynamic history
analysis, four actual ground motion records were used.
They are EL-Centro, Irpinia_Italy-01, Corinth_ Greece
and Taiwan SMART1(45), respectively.
4.1. Deformation
In order to evaluate the resisting lateral deformation
capability of the specimens under actual ground motions,
the maximum story drifts and their mean values are
displayed in Figure 8.
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The results show that the mean values of story drift of all
specimens under four ground motions are less than
0.02rad. It satisfies the requirements of the Code for
seismic design of buildings. The mean value of story drift
of specimen RBS is similar to others. It proves that the
steel frame structure with low-yield-point connection
components connected by high strength bolts have stable
lateral resistant behavior under seismic action.
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Figure 8. Maximum story drifts and mean values

Figure 6 Hysteresis curve of T-stubs of specimen TS
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3.4 Local hysteresis responses
Due to space limitations, only the hysteresis curves of
T-stubs of specimen TS are listed in Figure 6. The
definitions for the transverse and longitudinal coordinates
of the curves are in accordance with those in Figure 7. The
u1  u2 is the relative displacement in the y-direction of
the T-stub components and F is the equivalent axial force
of the connection component.
800
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0.02
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3

Figure 5 Comparison of the deformed shapes and
cumulative plastic strain distributions of specimens
RBS and TS
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0

floor

TS
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1
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floor
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2

floor

floor

average

2
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3

4.2. Plasticity concentration and energy dissipation
performance
Due to space limitations, only the PEEQ distributions of
specimens RBS and TS under EL Centro excitation are
shown in Figure 9. The damage of the specimen RBS was
concentrated in weakened section. The damage of the
specimen TS was concentrated in the T-stub components,
which yielded early than main frame. The LYP T-stub
components dissipated most of the energy, indicating the

u2

y（u1-u2）~F

Figure 7. Definitions of horizontal and vertical
coordinates in the hysteresis curves of T-stubs of
specimen TS
As illustrated in Figure 6, the T-stub components exhibit
full and stable hysteretic loops. It indicates that the
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structural fuses performed well.
1F

2F

Structures, 40(2), pp. 1-15 (in Chinese).
Stephen A M. (1998). “Lessons from Damage to Steel
Buildings During the Northridge Earthquake.”
Engineering Structures, 20(4-6), pp. 261-270.
Zhang, A. L. (2014). “Innovation of industrialized
assembled high-rise steel structure system, standard
specification preparation and key issues of
industrialization.” Industrial Architecture, 44(08),
pp.1-6+38(in China).
Zhou, B. Z. (1996). “Damage and lessons from the
hanshin earthquake in Japan.” Earthquake Resistant
Engineering, 10(l), pp. 39-42 (in Chinese).

3F

(a) RBS
1F

3F

2F

(b) TS
Figure 9 PEEQ distribution of connections under El
Centro excitation
Figure 10 shows the proportion of energy dissipated by
each component in specimen TS. It illustrates that
low-yield-point T-stub components dissipate energy more
than 90%. It proves that the T-stub components can
concentrate the damage and protect the main frame.
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60
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60

Figure 10 Comparison of the energy proportion of each
component in specimen TS
5. Conclusion
Steel frame structures connected with high strength bolts
have adequate bearing capacity and lateral resistance
comparing to the welded frame structures under cyclic
loads and actual earthquake action. The LYP connection
components concentrate the damage and protect the main
frame. Moreover, it can be quickly replaced after the
earthquake. The strategies of expanding the flanges at the
beam ends and reducing the design resistance capacity
coefficient are effective to improve the structural fuse
effect.
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Abstract
Traditional steel frames mostly adopt I-shaped columns and I-shaped beams, and the moments of inertia of the two main
axis directions of a I-shaped column are significantly different, resulting in the poor bending resistance in the weak axis
direction. In contrast, the moments of inertia of the two main axis directions of a square steel tubular column are identical,
which indicates a better bending performance than an I-shape column. But the disadvantage of a square steel tubular
column is the closed cross section, which is very difficult to connect to the beam with traditional bolts. The joint in this
study is connected by novel elliptical one-sided bolts, which can effectively solve the lack of bolt installation space
between the square steel tubular column and the I-shaped steel beam. This one-sided bolt does not require special
installation equipment and installation technique for installation, making the construction process and construction
quality control are easier. The new type of one-sided bolts are applied at the square steel tube column and I-shaped steel
beam joint. Because the bolt head and bolt hole are both elliptical, it is quite different from the traditional circular bolts
and lacks the research on the joint bending performance. Therefore, this study conducted experiments and finite element
analysis on the bending bearing performance of the square steel tube column and I-shaped steel beam joint. The
monotonic static loading test of six joint specimens were conducted and the moment - rotation curves were obtained. The
effects of various factors such as axial compression ratio and bolt size on the bending bearing capacity, joint stiffness and
deformation characteristics were analyzed. The finite element simulation analysis by ABAQUS were carried out and
verified by the experiment. The numerical parametric analysis showed that the column-beam joint of the novel one-sided
bolt had good rotation ability and ductility. The size, number, and spacing of the novel one-sided bolts and the axial
compression ratio had an impact on the bending bearing performance of the joint.
Keywords: Novel one-sided bolt, Square steel tubular column-I-shaped steel beam joint, Bending capacity, Bending
moment-rotation curve

the complicated manufacturing and installation sequence
of existing bolts, the new type of one-sided bolts that can
significantly reduce costs and are easy to install, the
market demand is obvious.
A new type of one-sided bolt is proposed to solve the
problem of closed-section beam-column connection
(Chuqi Wan and Yu Bai, 2020). By inserting the elliptical
bolt head into the bolt hole reserved on the connecting
member and rotating it 90 degrees, according to the
difference between the long diameter and the short
diameter of the bolt head, the bolt head can be close to the
inner wall of the component, and the nut can be tightened
from the outside to achieve installation. The new type of
one-sided bolts are connected to the square steel tubular
column-I-shaped steel beam joints. Because the bolt
heads and bolt holes are all elliptical, they are quite
different from the traditional circular bolts and lack the
research on the joint's flexural performance. Therefore,

1. Introduction
Since the 1990s, about the bolted frame steel structure, a
variety of unilateral fasteners for connecting steel
members have been developed at home and abroad, such
as the BOM, HSBB and Ultra-Twist bolts of Huck
International of the United States (S. Mourad. 1996),
Flowdrill technology of Flowdrill BV of the Netherlands
(John E France. 1999), Hollo-bolt, RMH and EHB bolts
of Lindaptter International of the United Kingdom (Thai
H-T. 2015), ONESIDETM bolts of Ajax Engineered
Fasteners of Australia (J. Lee. 2010), Molabolt of
Advanced Bolting Solutions of the United Kingdom Bolts,
Blind Bolt bolts from Blindbolt, UK (Satasivam S. 2014),
split unilateral bolts from the School of Mechanical
Engineering, Tongji University (Jingfeng Wang. 2018),
etc. The current one-sided bolts on the market require
special installation equipment and technology. Due to the
limited number of available one-sided bolt designs, and

489

dimensions of the square steel tube columns, I-shaped
steel beams, and extended end plates. The detailed
diagram of the test joints is shown in Figure 1.

this paper conducts experiments and finite element
analysis on the flexural load-bearing performance of the
joints between square steel tube columns and I-shaped
steel beams.

1.2 Material properties
The yield strength, tensile strength, elastic modulus and
elongation after fracture were measured by coupon tests
(Metallic. 2010). The average values of the material
property test results of similar component materials were
taken to represent the material property parameters, as
shown in Table 2 (Steel. 2010).

2. Experimental research
2.1 Experimental design
In the test, a total of 6 specimens were subjected to
monotonic static loading, which were the flexural
load-bearing performance tests of M20 one-sided bolts
and M16 one-sided bolts with axial compression ratios of
0, 0.2, and 0.4 respectively. Table 1 shows the geometrical

Table 1. Specimen parameter list
Specimen
number

Square steel
tubular column
(mm×mm)

I-shaped steel beam

Extended end plate

one-sided

(mm×mm×mm×mm)

(mm×mm×mm)

bolt

Axial
compression
ratio

SJ-1

□300×12

HM294×200×8×12

540×300×16

M20

0

SJ-2

□300×12

HM294×200×8×12

540×300×16

M20

0.2

SJ-3

□300×12

HM294×200×8×12

540×300×16

M20

0.4

SJ-4

□300×12

HM294×200×8×12

540×300×16

M16

0

SJ-5

□300×12

HM294×200×8×12

540×300×16

M16

0.2

SJ-6

□300×12

HM294×200×8×12

540×300×16

M16

0.4

Table 2. Material properties
Yield strength

Tensile strength

Elastic modulus

/MPa

/MPa

/GPa

Flange of I-shaped beam

293

429

198

33.5

Web of I-shaped beam

263

416

187

42.1

Square steel tube column

335

504

190

28.6

Extended end plate

254

435

185

38.9

Member

2.3 Test device
The test used a steel reaction frame and the specimens
were installed in place. A 6000kN actuator was used to
apply the axial pressure, and a 1000kN actuator was used
to apply the shear at the beam end. The test loading device
is shown in Figure 2. The site layout of the test device is
shown in Figure 3.

300
12 276 12

Square steel tubular column

I-shaped steel beam

Elongation/%

3000

One-sided bolt

2.4 Loading system
The pre-tightening forces of M16 and M20 bolts were 310
N·m and 610 N·m, respectively. The axial pressure was
applied to the square steel tube column through a 6000kN
actuator, and the applied axial pressure ratio was 0.2 and
0.4. The beam end loading adopeds the displacement
control method, and the displacement loading speed was
set at 20 mm/min. When the component was deformed
significantly or damaged, the experiment stopped.

Extended-end-plate
2700

Figure 1. Detailed diagram of specimen joint

490

SJ-3, SJ-4 and SJ-5 test pieces had obvious bending
deformation at the lower flange of the beam, the elliptical
bolt heads was obviously worn, the bolt rod was bent, the
column wall was uplifted and deformed, and the beam did
not occur obviously deformed.
SJ-6 test specimen has obvious bending deformation at
the lower flange of the beam, and the column wall was
uplifted and deformed. The oval heads of the first and
second rows of bolts both suffered shear failure. The test
damage is shown in Figure 4, and the shear failure
diagram of one-sided bolts is shown in Figure 5.

Reaction frame

Actuator (6000kN)
Hinge support

Actuator (1000kN)
Hinge support
Ground beam

Figure 2. Test loading device

Figure 4. Test destruction diagram

Figure 5. Shear failure diagram of a single-sided bolt

Figure 3 Site layout of the test device

3.2 Bending moment- rotation curve

3. Test results
3.1 Test phenomenon
In the SJ-1 specimen test, because no axial pressure was
applied, safety considerations were taken into
consideration to prevent the specimen from being
detached from the test instrument as a whole. When the
specimen just entered the yielding stage, the loading was
stopped. In this group of tests, it could be observed that
the overhanging end plate had slight bending deformation
at the position of the lower flange of the beam, and there
was no obvious deformation of the beam, column and
bolts.
In the SJ-2 specimen, when the beam end was displaced
by 163mm during the experiment, the test was forced to
stop due to the insufficient actuator displacement range. It
could be observed that the overhanging end plate has
obvious bending deformation at the lower flange of the
beam, and there was no obvious deformation of the beam,
column and bolts.

M20-No axial compression

M20-0.2 axial compression
M20-0.4 axial compression
M16-No axial compression
M16-0.2 axial compression
M16-0.4 axial compression

100

M / (kN·m)

80
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20

0
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0.10

0.15

0.20
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Figure 6. Bending moment-rotation curve
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4. Finite element analysis
The finite element software ABAQUS was used to
establish the finite element model of the new type of
one-sided bolted beam-column joint. The selection of
constitutive relationship was a multi-linear follow-up
strengthening model. The yield criterion of the material
was the von-Mises yield criterion. The friction
coefficients between bolts and end plates, column walls
and end plates, and bolts weer all taken as 0.3 (Technical.
2011).

5. Conclusion
Through the experiment and finite element analysis of the
square steel tube column and I-shaped steel beam joints
connected by the new one-sided bolts, the following
conclusions can be obtained:
(1) The failure mode of the joints is that the overhanging
end plate yields first. If the load continues, the bolt rod
will bend due to the shear of the one-sided bolt until the
elliptical head of the bolt is sheared and damaged.
(2) By comparing the curves of M16 bolts with axial
compression ratios of 0.2 and 0.4, it can be concluded that
different axial compression ratios have little effect on the
bearing capacity of the joints.
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Figure 7. ABAQUS analysis result (left)
Figure 8. Test deformation diagram (right)
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Figure 9. Comparison of finite element and experimental
results of M20 bolted joints
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Figure 10. Comparison of finite element and experimental
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Abstract
Steel plate experiences inelastic deformation to a large extent during pipe forming process. It is subjected to repeated
tension and compression in the circumferential direction as the plate turns into pipe. In UOE pipe forming process,
U-forming, O-forming, Expansion are sequentially performed, then the plate is turned into a cylindrical shape through
longitudinal submerged arc welding (LSAW). In the forming process, strains across the steel plate thickness shows
various hardening experience and results in local reduction or increase of yield strength. Plastic hardening attributes to the
increase but Bauschinger effect, derived from an accumulated plastic strand and strain reversal after yielding in a direction,
attributes the reduction of yield strength. In this study, a combined hardening model was used to estimate yield strength
variations in the circumferential direction of steel pipes during the forming process. Cyclic tensile tests of steel plates
were performed, and the parameters of the hardening model for the steels were calibrated based on the test results.
Parametric study based on numerical analysis for the yield strength estimation of the steel plate in the circumferential
direction was performed to assess the effects of thickness to diameter ratio and expansion ratios after O-forming.
Keywords: Pipe forming, UOE, Strain hardening, Bauschinger effect, Thickness to diameter ratio
is necessary. Chaboche et al. introduced a basic combined
hardening model that combines an isotropic hardening
and a kinematic hardening model as Eq. (1).
In the Eq. (2), the isotropic hardening parameters, Q and b,
are determined from test results based on numerical
calibration. Additional terms were introduced by Zou et al.
to consider the yield strength reduction as Eq. (3) because
the yield plateau region ceils the expansion of the yield
surface.
3
(1)
f ( , K ) 
( '  ') : ( '  ')  K

1. Introduction
UOE steel pipe manufacturing process is widely used for
16 inches or larger pipe in the pipe manufacturing industry.
Sequential process of U-forming and O-forming followed
by Expansion is applied. In the pipe manufacturing
process, steel plates experience the plastic behavior
multiple times after elastic proportional limit by repeated
tensile and compressive stress in the circumferential
direction during the pipe manufacturing process, which
derives local yield strength change within the thickness of
steel pipes by the Bauschinger effect
and strain
hardening. It could influence the structural capacity of the
steel pipes, however, it is difficult to exactly estimate
strength variation after pipe manufacturing due to its
complicated inelastic behavior history.
In this study, a combined hardening model was used to
estimate yield strength variations in the circumferential
direction of steel pipes during the forming process. Cyclic
tensile tests of steel plates were performed, and the
parameters of the hardening model for the steels were
calibrated based on the test results. Parametric study
based on numerical analysis for the yield strength
estimation of the steel plate in the circumferential
direction was performed to assess the effects of thickness
to diameter ratio and expansion ratios after O-forming.

2

K   0  Q(1  exp(bp))

(2)

  ( 0   a )(1  exp(b0 p)) if p   pla
K  0
if p   pla
  Q(1  exp(bp))


(3)

2.2. Proposed combined hardening model
Eq. (3) indicates the exponential decrease of isotropic
hardening term in the yield plateau region. This can lead
to rapid yield strength decrease from the beginning of the
yield plateau in a relatively small plastic strain region (p
<0.5 %). In the case, the pipe yield strength with relatively
low t/D ratio can be highly underestimated. This study
proposes a revised isotropic hardening model based on
Chaboche et al. and Zou et al to correct the limit of the
exponential function as Eq. (4).

2. Calibration of material model
2.1. Combined hardening model
Because of cumulative inelastic strain dependent
stress-strain curve, each layer of steel pipe plate across the
thickness has different stress-strain relationship. In order
to determines accurate simulation of the pipe yield
strength change, correct estimation of stress-strain curve

2 pla

if p   pla
)))
  ( 0   a )(exp(b0 (1 
K  0
p
if p   pla

  Q(1  exp(bp))


(4)

3. Yield strength estimation for pipe with relatively
low t/D ratio
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3.1. Bending-Flattening test
A steel plate (X70) with the thickness, 11.4 mm, was
flexure to generate 2.8 % strain in the extreme layer. It is
similar to strain that the steel plate undergoes during pipe
forming for a pipe with t/D=2.8 %. The strain in the
extreme layer slightly exceeds the range of yield plateau,
and the inner layers remain in the yield plateau range or
under the yield strain. Then, the two plates were flattened
in reverse direction. The tensile tests were conducted for
the plates.

estimation of the steel pipe in the circumferential
direction. From the simulation results, the effects of
thickness to diameter ratio and expansion ratios after
O-forming were investigated.
C
B

API-X65

A

Figure 1. Flattening after bending (Kim et al., 2021)
Figure 2. Estimated stress- strain based on mC-2

Table 1. Bending-flattening test and simulation results
(Kim et al., 2021)

(API-X65) (Kim et al., 2021)
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3.2. Bending-Flattening test simulation
To investigate the yield strength variation according to the
hardening models, for three layers : outermost, middle, ,
innermost layers in the plate section, the stress-strain
history of X65 and X70 under bending-flattening test
were simulated using the two hardening models of Zou et
al. and mC-2.
Table 2. Simulated yield strengths (Kim et al., 2021)

4. Conclusions
In this study, a revised combined hardening model was
proposed to estimate yield strength changes in the
circumferential direction of pipes during the pipe
manufacturing process. The parameters of the hardening
model were calibrated based on cyclic tensile tests of steel
plates. Close estimation of mC-2 was verified though
simulation of bending flattening test of steel plate in
comparison with the model of Zou et al. Numerical
parametric study was performed for the yield strength
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Abstract
The grouted connections for offshore wind turbine are the key part of the whole jacket structure. The vertical uplift test
was carried out on the jacket grouted prototype with an eccentricity error of 115 mm, the inner diameter of the outer tube
is 2290mm and the outer diameter of the inner tube is 1900mm. When the load reaches 26000kN, the whole specimen is
still in elastic state. Based on the test, the influence of eccentricity error on the uplift mechanical properties of grouted
prototype is studied using FEM. The results show that the eccentricity error will increase the third principal stress of the
grout, but it has limited influence on the magnitude and distribution of strain of steel tubes.
Keywords: grouted connection, eccentricity error, jacket prototype, vertical uplift test, FEM
the eccentric loading mode has no obvious effect on the
axial ultimate bearing capacity of the grouted connection
(Lee et al. 2017).
It can be seen that eccentric loading has no obvious effect
on the ultimate bearing capacity of the grouted connection
section, and many scholars have noticed that the grouted
connection section is mainly subjected to axial force in
jacket foundation. However, for the eccentric error
specimen in Lamport test, due to the large difference and
low strength of the grouting material used in each
specimen, Therefore, it is urgent to study the axial
mechanical properties of the grouted connections under
eccentric error. In this paper, the finite element model of
the jacket grouted prototype which has completed the
vertical uplift test is established, and the parameter
analysis of the eccentricity error is carried out.

1. Introduction
With the development of offshore wind power industry,
offshore wind turbines are widely used, and the structural
safety of offshore wind turbines has attracted more and
more attention. At present, the fixed jacket foundation
structure is in the majority at home and abroad.
Billington's test on grouted connection shows that the
radial stiffness, length diameter ratio, grouting material
strength and height distance ratio of shear key all affect
the axial ultimate bearing capacity of grouted connection
(Billington and Tebbett 1980). In the construction of
jacket structure, it is difficult to achieve the complete
alignment between jacket legs and external steel pipe
piles. In practice, the eccentricity error between the inner
pipe and the outer pipe often occurs, which will cause the
change of the radial stiffness of the grouted connection
section, thus causing the change of the mechanical
performance of the grouted connection section.
Lamport studied the influence of eccentricity on the axial
bearing capacity of grouted connection section through
experiments (Lamport 1988), and concluded that its
influence on the axial bearing capacity is not obvious, but
the strength of grouting materials used for grouted
connection section specimens with different eccentricities
in their research is quite different, and due to the
limitation of the times, the average strength of grouting
materials used is only about 35MPa, and with the
development of material technology, at present, the
strength of grouting materials used in offshore wind
power projects is above 80 MPa, and the change of
material properties will inevitably lead to the change of
structural mechanical properties.
Jeong Hwa’s eccentric loading test proved that the axial
ultimate bearing capacity of the grouted connection is
closely related to the yield strength of the steel pipe, but

2. Experimental Program
2.1. Configuration of grouted connection prototype
According to the actual grouting space of one leg of the
wind turbine foundation jacket in Nanpeng Island, the test
model is designed with the ratio of 1:1. According to the
design requirements, in order to simulate the actual
possible eccentricity error of the project, the inner
cylinder of the test model is designed according to the
actual maximum error of 115mm. The grouted prototype
is shown in Fig 1, the geometry size is shown in Fig 2, and
the gray part in the figure is the grouted annular space.
The platform and bracket support are welded between the
inner and outer steel cylinders of the model. 12 jacks are
arranged on the outer cylinder support platform in a
circumferential direction for pushing. and the inner
support platform can provide reaction force by itself.
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2.2. Loading process
The maximum load of the test is 26000kN, and the
loading stage is divided into axial tension stage, eccentric
tension increasing stage and eccentric tension decreasing
stage. The loading is carried out step by step, and the load
is classified into 9 levels. The first level loading is 1/5
times of the maximum load, and the subsequent load of
each level is 1/10 of the maximum test load, and each
level is maintained for at least 15 minutes. After meeting
the stability requirements, the next level load is applied.
During the unloading process, the five jacks on the offset
side of the inner cylinder are unloaded first, the working
state of the model structure of the grouted connection
section under the most unfavorable eccentric load was
observed, and then the 7 jacks far away from the inner
cylinder were unloaded.
Fig 1. Grouted prototype

2.3. Test Results
Due to the large size of the prototype, the interface
between the grouting material and the pile was not
separated and the grouting material was not cracked
during the loading and unloading process of the test, the
stress at each point of the pile and jacket did not exceed
the yield strength of the steel.
3. FEM models

3.1. Geometry configurations
In order to study the influence of eccentricity error
parameters on the axial tensile ultimate bearing capacity
of grouting joint, a numerical model group as shown in
Table 1 is designed on the basis of grouting prototype test
model. The GC-H-3 specimen with the maximum relative
eccentricity error of 0.049 is the numerical model of the
grouting prototype. DP and tP are outer diameter and
thickness of pile; DTP and tTP are outer diameter and
thickness of jacket; tg1 is the thickness of the wide side of
the grout, tg2 is the thickness of the narrow side of the
grout, and Lg is the length of the grouted connection; H
Fig 2. Geometric size of grouted prototype (mm)
and S are the height and spacing of shear keys; e/DP is the
ratio of the eccentricity error to the outer diameter of the
pile tube.
Table 1. Specimen Group
Jacket
Specimen
Number

DTp

Pile
tTp

Dp

Grouted connection
tp

(mm)

Lg

40

2370

40

1.9
3.9
4.9

Shear key
tg2

S

H

(mm)

0
1900

tg1

%

GC-1
GC-H-1
GC-H-2
GC-H-3

e/Dp

2500

195

195

300

241
287
310

149
103
80

300
300
300

25

according to the measured grout properties. The grout is
modeled with the CDP model in which the values of the
elastic modulus and Poisson’s ratio are chosen as
4.68×104 MPa and 0.185. The compressive strength and
the tensile strength are 121.8 MPa and 5.592 MPa.

3.2. Material properties
There are two materials such as the grout and the steel.
The nominal stress and strain are converted into real stress
and real strain according to the measured steel properties.
The material properties of grout are also defined
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3.3. Model details
The size of the finite element model is consistent with that
of the actual model. The eccentric model established by
ABAQUS is shown in Fig 3, in which the steel and the
grout are simulated by linear hexahedral elements of type
C3D8R. The finite element model of grouted connection
section adopts separate modeling (Chen et al. 2019). The
interface model between the steel

and the grout is

composed of the normal and the tangential behavior
which is simulated by hard contact and the Coulomb

Table 2. Maximum third principal stress of each specimen

friction with constant friction coefficient 0.7 (Lotsberg I

Specimen
Stress(MPa)

2013). Three translational degrees of freedom of the

GC-1
46.60

GC-H-1
52.83

GC-H-2
56.58

GC-H-3
58.21

bottom interface of the pile are constrained, and the top of
the jacket is loaded according to the force, in which the

4.2. Load-displacement curves

position of the load is the centroid of the section of the

Fig 4 shows the comparison of load-displacement curves

pile.

of grouted connection under different eccentricity errors,
and Table 3 shows the displacement of each specimen
under the maximum test load of 26000kN.

Fig 3. Eccentric finite element model
4. Finite element results
4.1. Stress analysis of grout

Fig 4. Load displacement curves along the specimen

Under the action of axial tension load, the high stress part
of the grout is mainly located near the shear key position.

Table 3 Displacement of each specimen P = 26000kN

The underlying bearing behavior is characterized by a

Specimen
Displacement(mm)

strut-and-tie model forming between shear keys and the
angle of the compression strut would maintain an

GC-1
1.698

GC-H-1
1.704

GC-H-2
1.741

GC-H-3
1.754

4.3. Strain distribution in specimens

appropriate value to transmit the force effectively, as

The strain analysis is divided into two parts: jacket and

shown in Fig. 4. The maximum third principal stress of

pile. The influence of relative eccentricity error on the

the grout is located at the position of the first shear key at

longitudinal strain distribution is studied. The arrangement

the top of the pile, with the value of 58.21MPa. Table 2

of strain gauges for prototype test are shown in Fig 5. 6

statistics the maximum third principal stress of each

and 12 represent the side of No. 6 Jack and No. 12 Jack.

specimen under the maximum test load P = 26000kN.

Among them, the strain gauges are distributed in 8
sections, and 5 longitudinal strain gauges are arranged in
each section. Taking IO-6-2 as an example, it means the
second strain gauge from top to bottom on the side of No.
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5. Conclusions

6 jack on the pile.

(1) Under the condition of the size of the grouted
prototype, the maximum test load 26000kN is far less than
the designed ultimate bearing capacity of 50065.7kN, and
the whole structure is in elastic state.
(2) With the increase of eccentricity error, the maximum
third principal stress of grouting body increases. When the
relative eccentricity error reaches 4.9%, the maximum
third principal stress increases by 24.9%.
(3) The eccentricity error does not change the longitudinal
strain distribution trend of the section, and the influence
Fig 5. Strain gauge arrangement

of the variation is limited.
(4) With the increase of eccentricity error, the longitudinal

4.4. Strain of jacket

strain of each section of casing increases slightly with the

Fig 6 shows the comparison of strain distribution of II-12.

increase of eccentricity error, and the longitudinal strain

Generally speaking, under the maximum relative

of each section of pile pipe decreases with the increase of

eccentricity error of 4.9%, the influence of eccentricity

eccentricity error, which does not affect the performance

error on the strain of jacket section is limited.

under normal service load.
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Fig 6. Strain distribution of II-12 section of each
specimen
4.5. Strain of pile
Fig 7 shows the comparison of strain distribution of
OO-12. Similarly, the relative eccentricity error of 4.9%
has limited influence on the strain of pile.

Fig 7. Strain distribution of OO-12 section of each
specimen
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Abstract
Industrial development using carbon energy causes a carbon imbalance in the global environment, pollutes the
environment, and threatens human survival. For sustainable long-term power generation, it is essential to refrain from
using carbon energy and use power generation systems represented by natural or renewable energy. Among these, the
wind turbine tower system is a representative renewable energy generation facility that utilizes the wind direction caused
by the earth's convection to convert it into electric energy, and technology has been developed and used in Europe and the
United States since half a century ago. Recently, technology to increase the size of turbines has been studied in order to
increase the power generation efficiency utilizing wind energy, and the installation site gradually began to move from land
to offshore. Therefore, research on the tower structure supporting the large-sized turbine should be carried out together,
and among these, it is necessary to consider the influence on the behavior of the tower due to the openings installed for
maintenance. In this study, structural analysis for parameters was performed on the buckling safety and reinforcement
plan of the tower considering the effect of the openings installed for maintenance. For structural analysis, ABAQUS
(2020), a general-purpose structural analysis program, was used, and in order to implement a large tower structure
similarly, a cylindrical shell-type was modeled. The various parameters were set considering the openings and the
thickness of stiffener around the openings. Material property information was used for values commonly used in wind
tower structures. In conclusion, based on the structural analysis results, we proposed an optimal design method for tower
structures considering the effects of openings that can cope with large turbine capacity (capacity of 5MW or more). In
addition, it is expected that the design measures proposed in this study could be used in industries related to wind turbine
tower systems such as follow-up researchers and designers.
Keywords: Wind Turbine Tower, Buckling, FEM
the strength and buckling stability of the tower bottom
segment due to loss of section. In particular, in a large
wind power generation system, the upper turbine and
nacelle cause a large axial load at the lower part of the
tower, which may intensify structural weakness.
Therefore, design criteria for structural defects and
studies of various researchers were investigated.
Tennyson (1968), Sariati (2010) and Ghazijahani (2015)
studied the effect on the opening of a cylindrical shell
under axial load. Reyno (2016) proposed a Collar stiffener
design formula by analyzing the stress concentration
around the opening and the strength according to the type
of opening. Santos (2018) analyzed the initial defects and
ultimate strength of large-diameter cylindrical shells and
modified the strength reduction factor provided in the
design criteria. The design standards for representative
cylindrical shells are EN1996-1-6 (2007) and
DNV-RP-C202 (2017). The elastic buckling stress is
expressed as Eq. (1) by considering the coeiffient for the
length.

1. Introduction
The importance of the role of substructures to support
large-scale wind power generation system is emphasized
as the turbine technology for improving power generation
efficiency gradual development. Among them, the tower
is a structure that withstands various loads such as the
self-weight of the turbine and the nacelle, vibration, and
wind load generated operating. In general, the tower has a
cylindrical shell structure, and the space leading to the
inside is equipped with a maintenance elevator and
various devices and electrical system lines, so it is
essential to install an opening leading to the inside.
Therefore, in this study, linear and nonlinear buckling
analysis of a large wind turbine tower of 5MW or more
was performed using finite element analysis modeling. In
conclusion, the design buckling strength and stiffened
measures are proposed by analyzing the effect of openings
on large-diameter towers.
2. Literature review
Cylindrical shell taking into account the opening affects

499

Large-sized cylindrical shell modeling utilizing more than
5MW of research resources. Table 3 is the parametric
model used in this study and includes tower dimensions,
open installation angles, and analysis methods.

(1)
Where E is modulus of elasticity, t is thickness of shell, r
is radius of shell, and Cx is length factor.
The design buckling stress of the cylindrical shell taking
into account the opening is calculated by a simple formula
as in equation (2), and using the coefficient of strength
reduction in equation (3), taking into account the
installation angle of the opening according to r/t.
(2)

Table 3. Parametric model
Tower
Capacity
Diameter
(MW)
(m)
5
6
10
8
15
10

is the axial design buckling stress
Where
calculated according to EN1993-1-6.

ABAQUS (2020) was used to model a large cylindrical
shell taking into account the opening, detailed
sketching of the opening and cylindrical shell, and then
input material properties (S355, 16 < t≤40).

(3)

Where, A1 and B1 are calculated in Table 1, and design
is possible only when all the limitations provided by
DNVGL-ST-0126(2018) 4.4.1.3 are satisfied.

The results of LBA and MNA are expressed as the ratio of

axial buckling stress(
) suggested in the design
criteria and compared with Equation (2) presented in the
design criteria, as shown in Figure 1.

Tabl e 1. Coefficients A1 and B1
S235

Opening
angle

S355

1.00

0.0019

0.95

0.0021

0.90

0.0019

0.85

0.0021

0.75

0.0022

0.70

0.0024

1) opening angle of the shell along the girth.
2) Intermediate values may be interpolated
linearly. Extrapolation is not per missible.

Figure 1. Comparison of analysis results and design
strength of large-sized cylindrical shell with opening

3. Finite element analysis
The finite element analysis of this study is a review of the
buckling limit state of a cylindrical shell subjected to axial
loading provided by EN 1996-1-6 (2007). As shown in
Table 2, there are four types of analysis, one or more of
which will be used to review.

Table 2. Types of shell buckling analysis
Type of analysis

Opening
Collar
Thickness
Type of
angle
stiffener
(mm)
analysis
(Degree)
thickness
75
17
LBA
100
12
40
40~200
MNA
125
10
r/t

Shell
geometry

4. Conclusions
In this study, the following conclusions were drawn by
comparing the design strength and analysis results
through linear and non-linear analysis of a large
cylindrical shell considering the opening.
1) As the diameter of the lower tower increases, the
proportion of area occupied by the opening becomes
smaller, so the design criterion provides less design
strength when r/t is large.
2) Analysis results of the unstiffened openings show a
similar trend to the design buckling strength. However, if
the slope is small and the design strength is to be satisfied,
the thickness of stiffened around the opening should be
increased.
3) Analysis results of the unstiffened openings show a
similar trend to the design buckling strength. However, if
the slope is less than the design strength and the design
strength is to be satisfied, the thickness of the stiffened
around the opening must be increased.
4) Stiffener effect according to the thickness of the

Material
law

Linear elastic shell Analysis
Perfect
Linear
(LA)
Linear elastic Bifurcation
Perfect
Linear
Analysis (LBA)
Materially Non-linear
Perfect Non-linear
Analysis (MNA)
Geometrically and
Materially Non-linear
Imperfect Non-linear
Analysis with Imperfections
(GMNIA)
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stiffened around the opening was similar even when r/t
increased, but the design criterion strength was satisfied
when ts=60mm and r/t=125.
5) Therefore, considering the opening of large cylindrical
shells, the design of the opening stiffeners should be
different as r/t increases.
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Abstract
The grouted connections have been widely used in offshore wind turbines. Filled with high strength grout, the annulus
connects upper transition piece and lower monopile foundations. Under the cyclic wind load and wave load, the fatigue
problem of grouted connections is particularly prominent. In this study, a fatigue evaluation practice with finite element
model is completed based on DNVGL-ST-0126 and DNVGL-RP-C203. Firstly, loadings in the format of Markov matrix
are separately applied to the grouted connection models. Thereafter, refined finite element models were analyzed to obtain
stress conditions of the materials, especially around the details. Hot spot stress of welded shear keys and nominal stress of
grout were calculated. With number of cycles, their damage index can be accumulated for predominant loading directions.
As a result, a fatigue evaluation method for grouted connections regarding finite element model is proposed, which
provides a reference for the actual engineering design of grouted connections.
Keywords: Grouted connection, Fatigue evaluation, FEM, Markov matrix
In a word, there are few effective and simple methods to
evaluate the fatigue life of grouted connections by
numerical analysis. The purpose of this study is to
evaluate the fatigue performance of grouted connections
under cyclic load in the form of Markov matrix, including
axial force, horizontal shear force and bending moment.
Meanwhile, a feasible fatigue evaluation method is
proposed based on the finite element method. It provides a
reference for the design of grouted connections.

1. Introduction
Offshore wind power is one of the major renewable
energy resources, and it has gradually become the focus of
the wind energy. Up to now, the grouted connection is a
established foundation connection method applied in the
construction of offshore wind turbines around the world.
The grouted connections of wind power support structure
will sustain 109 load cycles in their design life due to the
random behavior of the wind loads and wave loads. Under
the action of cyclic load, the fatigue problem of the
component is prominent. Therefore, the fatigue
performance under complex loads is the main problem to
ensure the safety of offshore wind turbine support
structure.
Fatigue experimental test is regarded as a key solution to
evaluate the fatigue behavior of grouted connections. And
many experimental studies about full-scale specimens and
scaled specimens have been carried out by the researchers
around the world.
Compared with the costly and complicated fatigue test,
numerical study could be another choice to avoid size
effect and the restrictions of the test setup. Jan Červenka
et al. (Červenka, J., Červenka, V., Pryl, 2013) used the
overall analysis method recommended in FIB Model
Code 2010 (Concrete, 2013) to estimate the fatigue life of
grouted connection by analyzing the finite element model.
Schaumann et al. (Schaumann and Lochte-Holtgreven,
2011) proposed a relatively complete analysis method for
the fatigue limit state of grouted connection. Löhning
(Löhning, Vobbeck and Kelm, 2013) proposed to use a
two-stage finite element model to calculate the stress
distribution of grouted connection with shear keys under
fatigue limit state.

2. Fatigue evaluation process
Figure 1 illustrate the process of fatigue evaluation for
grouted connections in this paper.

Figure 1. Fatigue assessment process for grouted
connections
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3. Finite element model
3.1. Geometrical dimensions of grouted connections
As illustrated in Figure 2, the finite element model is
mainly composed of a jacket leg and a pile. Between the
jacket leg and the pile, there is a gap filled with the
grouting material. The geometry configurations of the
model are tabulated in Table 1.

of 0.175 N/mm is employed according to CEB FIB 2010.
3.3. Meshing
In order to improve the calculation efficiency, a half
model is adopted to simulate the grouted connection. The
mesh of the half model is shown in the Figure 3. The
8-node hexahedral reduced integral solid element
(C3D8R element) is adopted in both the steel pipes and
the grout.

Figure 2. Geometric conﬁgurations of grouted connection

Figure 3. Model of the grouted connection meshing sketch

Table 1. Geometric parameters of grouted connection
(Units: mm)
Jacket leg
Pile
Length
DJL
tJL
Dp
tp
L
L1
L2
L3
1900 60 2400 55 7700 1000 5700 1000

3.4. Definition of external loadings
Markov counting method was proposed by J.B. de Jonge
(JONGE, 1982). The element aij of the matrix represents
the number of occurrences from load level j to load level i.
The load range is r = j - i and the mean value is m = 1/2 (i
+ j).
In this study, the axial force Fx, the horizontal force Fy and
the bending moment Mz in Markov matrix are considered.
Figure 4 shows the corresponding direction of the positive
load value, while the negative load value represents the
opposite direction.

Welded shear keys are idealized as a shape of trapezoid
with the short base being replaced by a short arc. The
shear keys are arranged alternately between the outer
surface of the jacket leg and the inner surface of the pile.
The purpose of the arrangement is to formulate diagonal
compression struts while transferring pressures between
the two tubes. The dimensions of the shear keys are
summarized in Table 2.
Table 1. Size of shear keys (Units: mm)
b
h
s
50
25
300
3.2. Material properties
The bilinear elastic-plastic model is assumed for the steel
material during analysis while the kinematic hardening
rule is applied. The steel material has a Young’s modulus
of 2×105 MPa, with a Poisson’s ratio of 0.3.
The grout is a high modulus, high strength and fatigue
resistant cement-based material. The concrete damage
plasticity model (CDP) is used to simulate the nonlinear
behavior of the grouting material under compression and
tension. The cube compressive strength of the grout is
121.8 MPa, the Young’s modulus is 4.68×104 MPa and the
Poisson’s ratio is 0.2. With regard to the tension behavior
of the grouting material, the fracture energy with a value

Figure 4. Load applied on the finite element model
4. Numerical results
In order to facilitate the expression of the following
calculation results, the shear keys on the grouted
connection are denoted with numbers, as shown in Figure
5. They are shear keys on the 0° and 180° plane. The
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numbers of the shear keys are totally 12 and 13 on the pile
and jacket leg on each side of the plane, respectively.

(d)

(e)

Figure 6. Mises stress distributions of steel tubes (a) case
Fx - 1 (b) case Fy - 1 (c) case Fy - 2 (d) case Mz - 1 (e) case
Mz - 2 (Unit: MPa)
Figure 7 illustrates the minimum principal stress
distributions of the grout. For case Fx - 1, it is observed
that the minimum principal stress on the inner grout
surface decreases from the upper to the lower part. The
maximum compression stress, -10.21MPa, appears under
the first shear key of the inner pipe (ISR-1) at the 180°
location. With regard to load Fy and load Mz, the key
positions of grout are OSL-13, OSR-13, ISR-1 and ISL-1.

Figure 5. Relative position of grouted connection and
shear keys
Contour plots of von Mises stresses in the steel tubes are
shown in Figure 6. For case Fx - 1, it can be seen that the
stress of the inner jacket leg decreases gradually from top
to bottom while that of the outer pile increases. The
maximum Mises stress of the pile, 30.41 MPa, appears
beneath the weld toe of the last shear key (OSL-13) at the
0° location. For horizontal force, i.e. case Fy - 1 and Fy - 2,
the maximum tensile stress is located at the lower position
of OSR-13 and OSL-13, so they are taken as the key
positions for fatigue evaluation of steel structure. Besides,
ISR-1 and ISL-1 are considered as the key positions for
case Mz - 1 and Mz - 2.

(a)

(a)

(b)

(c)
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(b)

(c)

(d)

(e)

Figure 7. Minimum principal stress distributions of grout
(a) case Fx - 1 (b) case Fy - 1 (c) case Fy - 2 (d) case Mz - 1
(e) case Mz - 2 (Unit: MPa)

fatigue analysis of grouting material under ISR-1 is
carried out.
Similar to the steel structure the allowable number Ni
under other load cases in the Markov matrix for Fx can
also be calculated, but the S-N curve of grouting material
should be applied. A total of 1529 load cases in the
Markov matrix of Fx are accumulated due to the linear
damage criterion. The cumulative damage value D is
1.71×10-10.
The fatigue assessment of the key position in the grout
under the load Fy and the load Mz can also be carried out
by applying the above method. The cumulative damage
value D is shown in Table 7.
Compared with the axial force Fx and horizontal force Fy,
the cumulative damage value at the key position under the
bending moment Mz is larger, and the maximum damage
value is 5.01×10-5, which is less than the limit value
specified in the DNV. It indicates that the grouting
material of the grouted connection will not be fatigue
damaged under single load condition.

5. Fatigue evaluation of steel structure
The hot spot stress method (Figure 8) is applied to
evaluate the fatigue life of steel structure. Since the
maximum Mises stress of the steel pipe is located under
the weld toe of OSL-13 in the case of Fx - 1, the stress at
0.5t and 1.5t away from the weld toe is taken for
calculation. The hot spot stress at the weld toe can be
obtained by linear extrapolation.

Table 7. Cumulative damage value at the key position of
grout under various cases
Cumulative
Case
Key position
damage value
Fx - 1
Under ISR-13
1.71×10-10
Fy - 1
Above OSL-13
7.9×10-12
Fy - 2
Above OSR-13
6.93×10-12
Mz - 1
Above ISR-1
7.59×10-12
Mz - 2
Above ISL-1
5.01×10-5

Figure 8. Hot spot stress method
According to the S-N curve of the steel structure, the
allowable number of load cycles Ni under load cases in the
Markov matrix for Fx can be calculated, and the
corresponding Di can be obtained. A total of 1529 load
cases in the Markov matrix of Fx are accumulated due to
the linear damage criterion. The cumulative damage value
D is 1.785×10-5.
The fatigue assessment of the key position in the steel
structure under the load Fy and the load Mz can also be
carried out by applying the above method. The cumulative
damage value D is shown in Table 6. Compared with the
axial force Fx and horizontal force Fy, the cumulative
damage value at the key position under the bending
moment Mz is larger, and the maximum damage value is
3.05×10-2, which is less than the limit value specified in
the DNV. It indicates that the welded shear key of the
grouted connection will not be fatigue damaged under
single load condition.

7. Conclusions
In this study, a fatigue evaluation method for grouted
connections regarding finite element model is proposed,
while an example of applying this method is provided.
The results show that the grouted connection is intact with
fatigue loadings. Among them, the maximum cumulative
damage value of steel structure and grout are 3.05×10 -2
and 5.01×10-5 respectively, which are both far less than
the formulated value, i.e., 1/3, in the DNV.
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Table 6. Cumulative damage value at the key position of
steel structure under various cases
Cumulative
Case
Key position
damage value
Fx - 1
Under OSL-13
1.785×10-5
Fy - 1
Under OSR-13
1.44×10-4
Fy - 2
Under OSL-13
2.03×10-5
Mz - 1
Above ISR-1
2.93×10-2
Mz - 2
Above ISL-1
3.05×10-2
6. Fatigue evaluation of grout
Based on the aforementioned results of case Fx - 1, the
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Abstract
Concepts of an offshore solar farm, one of the renewable energy solutions, have been continuously suggested and
developed. The solar panel of the offshore floating solar farm is supported by the floater, also the floater should be
moored for its suitable position control. Due to the structural and environmental characteristics, it is important to
investigate the dynamic behaviors of the floating structure under the environmental conditions for rational design,
construction, and maintenance. In this study, the hydrodynamics-based global performance analysis was conducted to
investigate the dynamic behavioral characteristics of the offshore floating solar farm under the wave and current
loadings in the time-domain. For modeling the floater, frames, and mooring lines, beam elements were used. Also, the
Morison equation was applied to calculate the wave-and current-induced forces in the time-domain. For modeling the
irregular wave, the JONSWAP wave spectrum was used. By conducting the analysis, motions of the floating structure
and internal forces of the mooring lines were investigated under the various environmental conditions in detail. Through
the parametric study, the general behavioral characteristics and feasibility of the offshore floating solar farm were
investigated.
Keywords: Solar farm, Solar energy, Renewable energy, Offshore floating solar farm, Offshore structures
1. Introduction
Facing limits in the usage of land and depletion or
pollution problems from previous energy solutions,
offshore floating PV (photovoltaic) system has been
recently suggested as one of the renewable energy
solutions (Kim et al. 2020). Various research projects
have been conducted to develop rational floating PV
structures. Dai et al. studied the stiffness of HDPE(HighDensity Polyethylene) at connection points under various
load cases and examined its design adequacy to be used
as floaters on reservoirs (Dai et al. 2020). The structural
performance of FRP(Fiber-Reinforced polymer) frame
members and mooring connections consisting 1MW(Kim
et al. 2017) and 3.5-MW(Choi et al. 2020) floating
photovoltaic system using static analysis based on the
finite element method.
However, the dynamic
behavioral characteristics of the offshore floating PV
systems under ocean environmental conditions have been
rarely investigated. Furthermore, there is a lack of clear
instruction for the design, analysis, and validation of
offshore floating photovoltaic structures. In this study, an
analysis procedure based on hydrodynamics for
structural members of offshore floating PV under waves
and currents is suggested. It is expected that the
suggested procedure could contribute to the investigation
of the complex behavioral characteristics and structural
performance and the evaluation of the structural
responses required for structural design.

2. Theoretical background
2.1. Wave potential theory
The pressure acting on the surface of the body in a fluid
is defined by Eq. (1).
𝑃𝑓𝑙𝑢𝑖𝑑 = 𝑃𝑠𝑡𝑎𝑡𝑖𝑐 + 𝑃𝐹𝑟𝑜𝑢𝑑𝑒−𝐾𝑟𝑦𝑙𝑜𝑣 + 𝑃𝐷 + 𝑃𝑅
𝜕∅𝐼
𝜕∅𝐷
𝜕∅𝑅
= −𝜌𝑔𝑧 − 𝜌
−𝜌
−𝜌
(1)
𝜕𝑡
𝜕𝑡
𝜕𝑡
Where ∅𝐼 , ∅𝐷 , ∅𝑅 represent incident, diffraction, radiation
wave potential in order.
2.2. Floater response equation considering the mooring
and other components
To define the dynamic behavior of floating structures
considering various components affecting the motion of
floating bodies together, governing motion equation is
shown in Eq. (2) (Kim et al. 2015)
∞

(𝑀 + 𝑀𝑎 )𝑢
̅̅̅𝑝̈ + ∫ 𝑅̅(𝑡 − 𝜏)𝑢𝑝̇ 𝑑𝜏 + ̅̅̅̅
𝐾𝐻 ̅̅̅
𝑢𝑝
0

̅̅̅̅̅
(1) + ̅̅̅̅̅
̅̅̅
=𝐹
𝐹 (2) + 𝐹̅𝜈 + ̅̅̅
𝐹𝑤 + 𝐹̅𝑐 + ̅̅̅̅̅
𝐹𝑊𝐷
(2)
𝐷 +𝐹
Where 𝑀, 𝑀𝑎 represent mass and added mass matrix,
𝑅̅ is retardation function (inverse cosine Fourier
̅̅̅̅
transform of radiation damping) matrix,𝐾
̅̅̅𝑝 represent
𝐻, 𝑢
Hydrostatic coefficient and displacement matrices,
̅̅̅̅̅
̅̅̅̅̅
(1) , 𝐹
(2) , 𝐹
̅̅̅
̅ ̅̅̅̅̅
respectively. ̅̅̅
𝐹𝐷 , 𝐹
𝑤 , 𝐹𝑐 , 𝐹𝑊𝐷 represent Drag
force, first- and second-order wave load, wind load,
current load, wave drift damping force matrices in order.
̅(𝑇̅̅̅̅
𝐹̅𝜈 = 𝐾
𝑢𝑝 − 𝑢̅𝐼 ) + 𝐶̅ (̅̅̅
𝑢𝑝 − 𝑢̅𝐼 ) is transmitted force
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̅, 𝐶̅ are connection stiffness
matrix from the interface, 𝐾
and damping matrices of each, 𝑇̅ being transformation
matrix between the hull origin and connection point

Step 3: Using the information from the above procedure,
modeling floating modules, supporting frames, and
mooring system proceed in this step. Under
environmental conditions, dynamic behaviors of the
floating systems are investigated in the time domain.
Through this step, behavioral characteristics of floating
PV and internal forces or stresses in specific structural
members can be examined.
According to the process, considerations required for the
structural design step can be obtained and an optimal
design model can be suggested through iterative
modifications.

2.3. Morison equation for submerged line members
For moving bodies in oscillatory flow, the force applied
to submerged members can be defined by the Morison
equation shown in Eq. (3).
1
𝑓 = 𝐶𝐼 𝜌𝐴𝑡 𝑣̇ + 𝜌𝐶𝑑 𝐷|𝑣𝑟 |𝑣𝑟 − 𝐶𝑚 𝜌𝐴𝑡 𝑟𝑟̇
(3)
2
Where 𝐶𝐼 = inertia coefficient, 𝐶𝑑 = drag coefficient,
𝐶𝑚 = added mass coefficient.
𝑣̇ , 𝑣𝑟 , 𝑟𝑟̇ = normal fluid acceleration, relative normal
velocity of fluid, and relative normal acceleration of
moving body, respectively.
𝐴𝑡 = effective section area, 𝐷 = outer diameter of line
member, 𝜌 = fluid density.

4. Dynamic analysis of the offshore floating solar
farm under the irregular waves
In this study, a fully coupled multi-body structure was
simulated to incarnate relative and dependent motions of
adjacent modules, figuring out the dynamic behaviors of
the whole structure under irregular waves.

2.4. Irregular waves
For realistic environmental consideration, the irregular
waves were applied to the numerical model. Among the
various irregular wave spectrums, the JONSWAP
spectrum was adopted. Using Eq. (4), the wave spectrum
was determined with the specific parameters and the
time-series wave elevation model was generated based
on the spectral model.
𝛼𝑔2 −5
5 𝑓 −4 𝑏
𝑆(𝑓) =
𝑓
𝑒𝑥𝑝
[−
( ) ]𝛾
(4)
16𝜋 4
4 𝑓𝑚

4.1 Simulation model description

Where 𝛼 = spectral energy parameter corresponding to

(a) conceptual diagram of coupled floating PV

𝐻𝑠 = significant wave height.
𝑏 = 𝑒𝑥𝑝 [−

2
1 𝑓
(
−
1)
]
2𝜎 2 𝑓𝑚

𝜎1
𝜎 = {𝜎
2

𝑓𝑜𝑟 𝑓 ≤ 𝑓𝑚
, 𝑓 = 1/𝑇𝑝
𝑓𝑜𝑟 𝑓 > 𝑓𝑚 𝑚

𝑇𝑝 = peak period
3. Simulation strategy
The simulation based on the fully coupled floatermooring dynamic analysis in the time domain was
conducted through the three-step procedure as below:
Step 1: This step is static analysis for preliminary design
of frames supporting photovoltaic panels with
consideration of wind loads and weight of the system.
The location of floaters being boundary conditions, static
analysis is conducted to determine early design of
supporting members. As the solar panels cannot perform
as structural members, they are converted to mass
distribution to be reflected in followed procedure.
Step 2: This step is radiation and diffraction analysis for
investigating hydrodynamic coefficients of the floating
model in the frequency domain. Mass property and
geometry information of floating model is used to
investigate dynamic responses including motion RAO
(Response Amplitude Operator), wave load RAO, added
mass coefficients, radiation damping coefficients
corresponding to wave headings and frequencies.

(b) Layout of floating solar farm with labels
Figure 1. General configuration
As shown in Fig 1, a unit module structure consists of 4
cylindrical floaters and 10 frame members to support
solar panels. Each module is connected in pin condition
and mooring lines are attached symmetrically for
maintaining the position. Consequently, fully coupled 9
modules were used in the simulation. Including
environmental conditions, configuration details for the
simulation are shown in Table 1.
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Table 1. Configuration details
Designation

Unit

Value

Diameter

𝑚

1.5

Height

𝑚

3.0

weight

𝑘𝑔

895.35

Length

𝑚

6.0

Weight

𝑘𝑔/𝑚

80.85

Axial stiffness

𝑘𝑁

2021), was used, shown in Fig. 2. Beam elements were
used for the frame members and mooring lines. In the
case of submerged line members, the Morison equation
was applied with an added mass coefficient of 1.0 and
a drag coefficient of 2.6. Based on the diffraction
analysis results, the motions of the floaters were
calculated in 6 degrees of freedom, moments, and shear
forces in every line element calculated correspondingly
in the time domain.

<Floater>

<Frame>

Major axis bending stiffness
Minor axis bending stiffness

1.951E+06

𝑘𝑁 ∙ 𝑚

2

2.373E+07

𝑘𝑁 ∙ 𝑚

2

8.169E+06

<Mooring>
Diameter

𝑚

0.05

Hangoff catenary

𝑚

30.987

Touch down length

𝑚

20

Effective weight

𝑘𝑔/𝑚

54.75

Axial stiffness (AE)

𝑘𝑁

2.15E+05

Min. breaking load

𝑘𝑁

1370

Draft

𝑚

1.476

Total weight

𝑘𝑔

(a) frequency spectrum

<Structure>

Displacement
Floater span

𝑚
𝑚

Modular span

𝑚

96,250.059
93.9025

3

6.0
3.0

(b) time-domain wave elevation
Figure 3. JONSWAP wave spectrum

<Environment>
Water depth

16.5

𝑚

Water density
(JONSWAP) Wave 𝑇𝑝

𝑘𝑔/𝑚
sec

(JONSWAP) Wave 𝛾
Current speed at surface

none

2.2

𝑚/𝑠

1.0

Current speed at seabed

𝑚/𝑠
none

0.0

Current profile exponent

3

4.2 Investigation of the dynamic behaviors
Fig. 4 represents responses in surge and heave under
irregular waves with the heading of 180 deg. As the
significant wave height of irregular waves increases, the
motions also increase, but not linear, under rational
expectation. Likewise, internal forces of the primary
structural components including the mooring and frame
members could be examined in the time domain as
shown in Figs. 5 and 6. Additional examination on
stresses in selected section properties could be reflected
in structural design.

1,025
11.2

7.0

Figure 2. Simulation model
For the global performance analysis, OrcaFlex V11.0, a
fully coupled floater-mooring analysis program (Orcina

(a) motion response in surge
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(b) motion response in heave
Figure 4. Motion of floater 1 in module 1

(b) Shear force in line 84 at fixed end
Figure 6. moment and shear force in critical frames
5. Conclusion
In this study, the analysis procedure for the offshore
floating photovoltaic based on hydrodynamics was
suggested, and a fully coupled multi-body system
consisting of 9 modules with cylindrical floaters, simple
beams, and mooring lines was analyzed accordingly. The
dynamic responses of every component including
behavioral characteristics in 6 degrees of freedom and
internal forces in structural members can be investigated,
which is vital for the rational design of the offshore
floating solar farms.
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Figure 5. Tension in mooring line 8 under irregular wave

(a) Bending moment in line 89 at fixed end

509

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Session 21]

Fatigue Life Evaluation of Tripod Offshore Structure using 3D Fatigue Fem Analysis
Shazia Muzaffer1, Kyong-Ho Chang2*, Zhen-Ming Wang3, Wang-Sub Shin4

*1,2Department of Civil and Environmental & Plant Engineering, Chung-Ang University,
84, Huksuk-ro, Dongjak-ku, Seoul 06974, Republic of Korea
changkor@cau.ac.kr
Abstract
Offshore wind power became an important source of renewable energy that is rapidly growing over the past several years.
Large offshore wind turbines require strong and large support structures. The offshore support structures being subjected
to unstable and destructive repeated loads lead to material degradation or damage accumulation which in turn causes the
failure of offshore structures. Fatigue failure is considered one of the significant modes of failure in offshore structures.
The constant exposure of welded multiplanar tubular joints of tripod structure under cyclic loading induces crack
generation and ultimately failure of the structure.
This research aimed at investigating the fatigue life and crack initiation position in tripod offshore structures using 3D
fatigue FEM analysis. The 3D fatigue FEM analysis incorporates the effects of welding residual stresses and welding
deformation. Results obtained from fatigue FE analysis were compared with Hot-Spot Stresses (HSS) and Eurocode 3.
From the results, it was considered that 3D-fatigue FEM can estimate fatigue life and crack initiation with better
efficiency.
Keywords: Fatigue FEM, Fatigue crack initiation, Tripod, Offshore structures

1. Introduction
With growing the green energy generation, the increasing
demand for energy induced the development of renewable
energy. Wind energy has become one of the most
preferred solution. Its plentifulness or wide distribution
close to coastal areas had led to the installation of various
types of wind farms. The offshore wind turbines consist of
a wind turbine that is installed at the top of the support
structure, which is resisting on the foundation and
transfers all the load from offshore wind turbine (OWT) to
the seabed. The support structures during installation and
operation in extremely harsh environments being
subjected to wind, cyclic load from waves, and offshore
turbulences which increases the susceptibility of these
offshore structures to fatigue failure. Moreover, material
degradation occurs due to corrosion as these support
structures are in direct contact with saline seawater. So,
accurate characterization of fatigue crack and correct
estimation of fatigue life are required to have innovative,
less expensive offshore support structures with adequate
bearing capacity. Refined fatigue analysis for tripod
offshore support structure was conducted out by yugang
Li et al, presented the detailed modelling of local joint
flexibility. A lot of researchers have been carried out to
remove conservatism and uncertainties in the structural
integrity and the design process.

In this study, the fatigue life and crack initiation are
predicted using 3D fatigue FEM analysis. The results
obtained from this study are compared with Hot-Spot
Stresses and Eurocode 3.
2. FE welding analysis procedure
Welding is considered a powerful metal joining process in
manufacturing tripod structures. Welding is a highly
complex phenomenon that involves the heat transfer and
mechanical stresses fields. The welding FE simulations
based on in-house FE code was carried out in two steps: a
non-steady heat conduction analysis calculating the
temperature history and its distribution followed by the
mechanical analysis solves the welding residual stress and
welding deformation. The physical constants and the
mechanical properties during the analysis were
considered temperature dependent.
2.1. FE welding analysis model (KT type joint)
The tripod offshore structure is composed of a
three-legged structure along with braces arranged in the
equilateral triangle at the base, a center monopile tube and
a turbine at the top. Due to the complexity of the structure,
we have considered a KT type tubular joint to investigate
the effects of welding deformation and welding residual
stress on crack initiation positions and fatigue life of the
structure. The dimensions of KT type tubular joint is
shown in Figure 1.

*1Corresponding author
e-mail address: changkor@cau.ac.kr (Kyong-Ho Chang)
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2.3. Fatigue FE analysis and results.
The nonlinear damage cumulative model for high cycle
fatigue based on continuum damage mechanics and cyclic
hysteresis constitutive equation was used to predict the
crack initiation positions and estimate the fatigue life of
KT type tubular joints. In the analysis, the geometry, mesh
distribution and boundary condition were the same as in
the previous thermal analysis. The repeated loading was
enforced as displacement control. The results from FE
analysis were compared with Hot-spot stresses and
Eurocode 3 as shown in Figure 4.

Figure 1. Dimensions of KT type tubular joint
2.2. Thermal and Mechanical Analysis.
In thermal analysis, the temperature stresses field and its
history associated with heat flow are being calculated.
The temperature distribution graph is shown in Figure 2.
The resulting temperature history i.e thermal load is
utilized as initial data to calculate the welding residual
stresses and welding deformation in the mechanical
analysis. The welding residual stress graph are shown in
Figure 3.

Figure 4. S-N Curve
3. Conclusions
The numerical analysis was performed to investigate the
effects of welding residual stresses on the fatigue life of
tripod members. The results obtained from this study.
1) Initial crack positions were identified, also fatigue life
was estimated.
2) It clarified our 3D fatigue FEM results are reliable.
4. References
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Figure 2. Temperature distribution

Figure 3. Welding residual stresses
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Abstract
Underwater communication network systems have recently become of a big interest and studied and developed in some
leading countries as U.S. and Canada etc. The underwater communication network systems are usually installed on the
seabed and may experience the various influencing factors in the ocean. These factors are mainly divided into two
categories: 1) environmental factors such as aquatic organisms and temperatures and so on; 2) load factors such as waves,
currents, tides, and so on. Furthermore, there is a big problem caused by illegal bottom trawling, which was one of the
main concerns in the earlier bottom structures such as TRBM. Therefore, developing underwater communication
networks on the seabed requires protective structures that provide a safe and stable performance by preventing damage,
loss, and destruction of IT equipment. In this study, we would like to introduce the development status of the underwater
base station structure produced in the development of distributed underwater monitoring & control networks and the
direction of future research. In addition, we will compare the prototypes of locally produced underwater base station
structures by our research team and introduce the characteristics of the structures and the improvement of structural
performance.
Keywords: Underwater Communication Network, Underwater Base Station, IT Equipment
1. Introduction
Currently, research and development for the
establishment of communication networks in the sea are
being actively carried out worldwide, and in the case of
underwater communication networks, numerous IT
equipment for communication network establishment is
widely distributed and located on the seabed. In order to
establish a stable communication network, IT equipment
must not be damaged or separated from external hazards,
and for this purpose, a structure to protect the equipment
is required. Most of the structures currently developed are
based on trawl resistant bottom mounts (TRBMs), so the
structures are very similar. However, TRBM has been
developed for a long time, and the actual underwater
structure should be developed in a more diverse and
practical form according to its use and purpose. The
shape of the structure produced in this study was designed
in a cylindrical shape to minimize the load effect that
affects the stability of the structure, such as waves,
currents, and hydraulic pressure, and sloped the structure
to maintain its basic state. Various situations occur, such
as moving and installing structures and lifting the
superstructure to attach and detach sensors and
communication equipment inside. At this time, the
structure may be tilted or tilted, and thus the structure may
be deformed.
In this study, the development status of underwater base
station structures is introduced, and the performance of
each structure is shown through the results of the
self-weight of the superstructure of the structure.

2. Underwater base station structure
The prime purpose of the underwater base station
structure is to protect the inside IT equipment from all
those affecting factors from the outside in the ocean
environment. The underwater base station structure
should be able to provide a stable underwater
communication environment by preventing damage, loss,
and destruction of IT equipment. For this, the structural
form of the structure must be able to minimize factors that
affect the stability of the structure, such as waves, currents,
and hydraulic pressure, and sufficient internal space is
required to install IT equipment.

(a) 2016 model

(b) 2017 model

(d) 2019 model

(e) 2020 model

Figure 1. Proposed and analysis models
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(c) 2018 model

3. The progress of underwater base station structures
development
In this study, the development progress of the
underwater base station structure is introduced with
yearly manufactured prototype models. In addition, I
would like to introduce the characteristics of the structure
by comparing the prototype of the manufactured
underwater base station structure.
The first underwater base station structure
manufactured in this study was developed with a
truncated hexagonal pyramid body to reduce the load
effect on the structure due to the flow of flow velocity, and
a structure consisting of legs and feet to prevent falling
into the mudflats. Fig. 2(a). In order to increase the
strength of the structure and increase the stability of the
structure, the side surface was curved in the form of a
truncated cone, and weight could be placed on the foot to
prevent the structure from overturning. Fig. 2(b). The
curved surface was added to the upper part of the structure
to minimize the influence of current rheologically and to
further improve the strength of the structure, and
cross-bracing was installed to prevent being dragged by
the trawl net. Fig. 2(c).

(a) 2018

Figure 3. The new model of underwater base station
structure with an acoustic release
4. Conclusions
In this study, the development status and future research
direction of the underwater base station structure
manufactured during the development of the distributed
underwater monitoring and control network were
introduced.
In the future, a dynamic analysis will be performed,
which includes the various external factors such as
flowing water effect and viscosity between the water and
structure surface. This study would be highly challenging,
the results could help to understand the characteristics of
the dynamics of the structure and eventually improve the
design of the structure.
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(c) 2020
Figure 2. Manufactured proto-type models
The base station developed in this year, which is the last
stage of the research that we‟ve been working on, would
include additional IT equipment called „acoustic release‟.
The acoustic release is an equipment which trigger the
locking device open so that the buoy connected to the
cover frame of the structure would be released from
structure. Then, the buoy floating upon the sea surface, so
the base station structure to the ship.
Fig. 3 shows the design of the proto type of the base
station structure with an acoustic release built inside.
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Abstract
The refractory structure of steel structures in Korea is a time when it is beyond the specification. Even if concrete filled in
the steel pipe is capable of receiving axial force in the event of a fire, the specification design method is entangled in a
regulation that does not exceed 538 to 649℃ on the surface as in steel or steel structures. In addition, only verification
methods through real-to-real load heating experiments were allowed to utilize the fire resistance of synthetic columns or
beams, limiting the application of unclad or sheath reduction to individual sites due to laboratory size and equipment
capacity limits. Through such a process, it has been certified as a generalization of the sheath-reducing synthetic column
through non-reload heating experiments. This paper was written to explain the current situation and efforts of engineers to
apply the performance of CFT columns and synthetic structures under the application of specification fire resistance
techniques in Korea.
Keywords: Fire Resistance Performance, CFT Columns, KS Standardization
Gumi is a two-story underground parking lot with two
floors above ground, and it is a car-related facility that
recognizes fire resistance for CFT columns.
The size of the experiment was 300x300 square, the same
as the size of the columns constructed at the actual site,
and the fire resistance experiment was conducted after
about a month of curing after charging at the site. The
shape of the subject after an hour of heating using a
heating furnace is shown in the figure, and local buckling
occurred about one-third of the point above the subject.
Figures 2, 3 are graphs of total contraction over an hour
and strain per minute, indicating that the total contraction
measured after an hour is about 4mm, which is very small
than the reference value of 30mm (=h/100 = 3000/100).
The strain per minute is also measured at a maximum of
about 7 mm, indicating that the reference value is less than
9 mm (=3h/1000 = 3(9)/1000 = 9 mm). As a result of the
experiment, the one-hour fire resistance was recognized
for the uncovered CFT column.
As buildings become more skyscrapers and large spaces,
the area occupied by structures, especially columns, in the
interior space will increase, and the aspect of efficient use
of space will become an important problem. In addition to
maximizing the efficiency of space in this respect,
fire-resistant steel pipe columns can also be seen to be
very advantageous in terms of air reduction, cost
reduction and eco-friendly by omitting the fire-resistant
covering process. Therefore, it is necessary to develop fire
resistance technology for the next two hours and
ultimately three hours by using the one-hour fire
resistance technology of fire-resistant concrete-filled steel
pipe columns.

1. Introduction
The refractory structure of steel structures in Korea is a
time when it is beyond the specification. The draft (KDS)
was only drafted last year, and it is currently in the process
of national central deliberation this year. Even if concrete
filled in the steel pipe is capable of receiving axial force in
the event of a fire, the specification design method is
entangled in a regulation that does not exceed 538 to
649℃ on the surface as in steel or steel structures. This is
why the use of CFT columns and structures at domestic
construction sites is not active. In addition, only
verification methods through real-to-real load heating
experiments were allowed to utilize the fire resistance of
synthetic columns or beams, limiting the application of
unclad or sheath reduction to individual sites due to
laboratory size and equipment capacity limits. Through
such a process, it has been certified as a generalization of
the sheath-reducing synthetic column through non-reload
heating experiments. The introduction of these efforts is
being introduced in this session. In addition, the H office
building, which is being constructed in Bundang,
Seongnam City, is under construction on site after
approval of a reinforced CFT column that can be
constructed in an unclad state on an exposed column,
reflecting some of the fire resistance design. This paper
was written to explain the current situation and efforts of
engineers to apply the performance of CFT columns and
synthetic structures under the application of specification
fire resistance techniques in Korea.
2. Application of uncoated CFT Columns at Samsung
Electronics Gumi Factory
As part of the technology development project, Samsung
C&T Co., Ltd. conducted a "Research on Fire Resistance
Evaluation and Practical Use of CFT Column" with Seoul
National University.
The parking lot of Samsung Electronics' second plant in

3. Generalization Certification of Fire Resistance
Paint Act Colum
Rib-reinforced CFT columns are widely used in
construction sites thanks to their structural efficiency by
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within the existing fire resistance performance.
Table 1. Revision of Fire Resistance Performance for
Composite Deck Floor Structures (Proposal)

avoiding stress-intensive areas, improving the workability
of the fabrication, and maximizing the composite effect
possible by the ribs. Rib-reinforced CFT columns are
widely used due to their structural advantages over other
members, but in Korea, steel pipes are directly exposed to
fires, which are classified as non-smear fires. Therefore,
the fire protection coating required by the law leads to an
inefficient design. This work proposes rib-reinforced CFT
columns with reduced coating to improve fire resistance
for 2 hours and 3 hours. The purpose of this work is to
analyze fire resistance performance using axial load ratio
variables, which are the main elements of performance,
and propose efficient feature designs with reduced
coating.
To verify the fire resistance performance of the internal
anchor-type CFT column, the experiment was conducted
by creating an ACT column without fire protection and
fire resistance paint. In non-fire-resistant ACT samples,
internal anchors were exposed to high temperatures and
heat expansion reduced the fire resistance of the column.
Since the binding effect has been drastically reduced due
to concrete cracks, the load ratio should be lowered to 0.5
or less to secure a fire resistance period of at least 60
minutes. The temperature of the ACT column reinforced
with flame retardant paint was stable and noticeably lower
by 180 minutes compared to the other two sample groups.
Components with 3.5mm thickness of flame retardant
paint only showed axial expansion for 180 minutes and no
compression deformation. That is, no reduction in
strength due to high temperatures has occurred, and
satisfactory results have been achieved with three hours of
fire resistance. Furthermore, we want to predict the flame
retardant performance of ACT heat with fire-retardant
coating based on numerical analysis using data on thermal
and dynamic properties of fire-retardant coating
materials.

5. Standardization of Fire Resistance Performance of
Reinforced CFT Columns
As part of the 2019 POSCO project, the company
conducted a "Study on the Development of KS Standard
for Fire Resistance Performance of Fire Resistance CFT
Column Structure." Concrete-filled steel pipes have
excellent fire resistance performance, workability,
economic feasibility, and heat prevention, but they are
regulated to be used by applying fire-resistant sheaths
according to domestic standards. However, domestic and
foreign research has been conducted that if it is replaced
by a non-covered concrete-filled steel pipe column
structure due to a performance-resistant design, it can be
safe for fire and reduce fire-resistant materials by 60 to
70%. This study standardizes the fire resistance
performance and construction standards for uncovered
reinforced concrete filled steel pipe columns. For KS
standardization, non-reinforced heating experiments and
residual strength experiments were conducted to confirm
the temperature distribution and bearing reduction of
reinforced concrete filled steel pipes with fire time. To
review the fire resistance performance of the synthetic
column according to the required fire resistance time, we
propose that the resistance can be examined without
calculating a separate sectional temperature distribution
by specifying the location of 500°C isothermal line and
the location of 400°C not considering no strength
reduction at high temperature. The fire resistance

4. Fire Resistance Performance KS Standardization of
Composite Deck Floor Structure
As part of the 2020 POSCO project, the research on
revising KS standards for fire resistance performance of
the composite deck floor structure was conducted. The
design criteria for composite deck floor structures are
being reviewed in accordance with the "design criteria
and commentary of composite deck floor structures". The
recognition of the fire resistance performance of domestic
building structural members is made under Ordinance No.
348 of the Ministry of Land, Infrastructure and Transport.
According to Article 3 8 of the Rules on Fire Protection,
the recognition period is extended by submitting a test
report every three years, and various standards of fire
resistance members (KSF 1611) have been added to the
KSF 1611 series. The fire resistance performance plan
was enacted in the following order after determining the
fire resistance design load suitable for Korea based on the
fire resistance design formula of SCI in the UK for the
two-hour continuous support/fire resistance deck floor
structure. In order to enhance practicality, the amendment
was proposed by expanding the bar spacing of 200mm
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performance of the proposed reinforced concrete filled
steel pipe is as follows.
Table 2. Fire Resistance Performance of Reinforced
Concrete Filled Steel Pipe Column Structure

In Korea, the PBSFD for CFT columns in 20-storey
office building were conducted to remove the
fire-proofing materials when the CFT columns were
installed at the building. The CFT columns were located
at both outside and inside the building. To evaluate the fire
resistance performances of the CFT columns in building,
finite element models were proposed. The finite element
models were verified by the several studies (Ding and
Wang, 2007; Hong and Varma, 2009). Intrinsic section of
CFT columns showed the only an hour fire resistance
rating. To enhance the fire resistance performances of
CFT columns, the reinforcing bars and studs were added
in the internal concrete section. Before the location and
specifications of reinforcing bars and studs were decided,
structural fire behavior should be surveyed to maximize
the effects of reinforcing bars and studs as shown in
Figure 1.

6. Fire resistance performance design of H office
building
In Korea, prescriptive structural fire design was generally
conducted because there is an absence of specific building
code or a guideline for performance-based structural fire
design (PBSFD). In case of prescriptive structural fire
design produced same solutions to evaluate the fire
resistance rating of the structural members. Regardless of
kinds of material, characteristics of structural members,
and locations of the members, same demand fire
resistance rating was required to install at actual buildings
as fire-resistant structural members. For the
concrete-filled steel tube (CFT) columns, those fire
resistance performances were ignored according to
prescriptive structural fire design. Since the external
surface of CFT columns were surrounded by steel plates,
the fire resistance of the CFT columns were ignored. To
alleviate this conservative approach, the PBSFD can be
the alternative for granting the fire resistance
performances of CFT columns that were ignored.
To conduct the PBSFD, individual characteristics of the
structural members such as material properties, structural
behavior under fire, and compartments should be
considered. Because the PBSFD decides the fire scenario
that was obtained from the room and opening properties,
whereas prescriptive structural fire design adopted only
the standard fire curves.

To enhance the fire resistance performances of CFT
columns, slips between contact surfaces due to
temperature changes should be minimized and the entire
section at elevated temperatures should resist the external
loads. First, the studs helped the remove the slips between
steel and concrete. It meant that the rate of deformation at
step three was decreased and the stable behavior of CFT
columns were showed at elevated temperatures. Second,
the reinforcing bars were added in the concrete sections
and that location did not exceed over 600 ℃ during fire.
Owing to reinforcing bars, the resistance capacity to
external loads were increased. Since the reinforcing bars
and studs were installed to enhance the fire resistance
performances of CFT columns, the CFT columns in the
office building showed the three hours fire resistance
rating. Finally, those columns could be installed without
fire-proofing materials.
Conclusion are written in this area. (Times New Roman, 10

Figure 1. Structural fire behavior of CFT Columns

Point)

7. The launch of Steel Structure Fire Resistance
Design
Traditionally, structural engineers did not design
fire-resistant structures due to lack of domestic standards
and lack of understanding of the behavior of buildings in
the event of fire. Fire resistance structures suggest a
reasonable and economical way to design synthetic
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structures, large spaces, and long span structures that have
been tried in various ways recently. The fire-resistant
structural design standard provides not only fire-resistant
structural design under the Weak Acid Act, but also
detailed industrial law based on high-quality fire models.
If such detailed structural analysis is applied, more
detailed structural analysis based on real-fire models can
ensure fire safety of structures and carry out more
economical fire resistance designs to secure the same
target performance. Consequently, a fire resistance design
example collection was prepared based on the
commencement of fire resistance design for steel
structures. Classified into fire-resistant structural design
methods and fire-resistant structural design examples, the
fire-resistant structural design method part prepared the
theory and design formula, and the fire-resistant structural
design part prepared the structural members and examples.
Based on this example book, more and more research will
be conducted on steel refractory design.

been described in six sessions. The current research was
explained from the field application of uncovered CFT
columns to the establishment of KS standards for fire
resistance performance of synthetic floors and reinforced
concrete filling columns. In a transitional period when
steel refractory design is transferred to performance
design, a council has also been formed on fire resistance
design, and more research and meetings are underway and
more efforts are needed.Conclusion are written in this
area.
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8. Summary
Korean steel refractory design is moving away from
specification design and towards performance-based
design. In order to escape from the specification design, it
is necessary to supplement the fire resistance standards of
steel structures, and research and development such as
technology development and example collection are
urgently needed. In addition, publicity and efforts are
needed to disseminate the generalization of fire resistance
performance of fire resistance design standards, steel
structures, and synthetic structures. These efforts have

517

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Session 22]

Fire Tests of Steel-Tube and Concrete-Filled Steel-Tube Columns
with Sprayed or Infill-Type Fire-Resistant Materials
Inrak Choi1*
1*

Department of Architecture & Civil Engineering, Hoseo University, Asan, Korea.
irchoi@hoseo.edu (corresponding author)

Abstract
Fire Tests were conducted to investigate the fire performance of fire-resistant materials in steel tube and concrete-filled
steel tube (CFT) columns. Conventional sprayed fire-resistant material (SFRM) and a newly developed infill-type
fire-resistant material (IFRM) were examined to determine the high-temperature thermal properties. Also, fire tests on the
stub columns using SFRM and IFRM were performed. The test parameters were the shape of the steel tube, the presence
of infill concrete, and the thickness and type of the fire-resistant materials. Temperature distribution test results were
compared and analyzed according to the test parameters.
Keywords: Thermal properties, Fire-resistant material, Composite column, Temperature distribution.
1-mm thickness for the specific heat test).

1. Introduction
Spray-applied fire-resistant material (SFRM) is a
commonly used fire proofing material for steel structures
due to the advantages of cost effectiveness, ease of
application, and light weight compared to other types of
fire proofing materials (Kodur and Shakya 2013). SFRM
is generally composed of gypsum and cement-based
materials. Bentz and Prasad (2007) reported on test
procedures and the high-temperature thermal properties of
fire-resistant materials, including SFRMs. Kodur and
Shakya (2013) tested the high-temperature properties of
three different types of SFRMs that are commercially
available in the US. However, the chemical compositions
and thermal properties of SFRMs at elevated temperatures
used in Korea have not been reported yet. Also, different
types of construction methods need to be developed to
improve the constructability of fire-resistant materials.
In this study, high-temperature tests were performed to
measure the thermal conductivity, specific heat, and mass
loss of SFRM and infill-type fire-resistant material
(IFRM). IFRM was introduced to apply to the inside of
double-layered steel tubes to increase the constructability
of the fire-resistant material during the manufacturing
process of the steel tubes. Fire tests for the stub columns
were also performed on steel-tubes and CFT columns with
SFRM or IFRM. Square steel tubes and double-layered
circular steel tubes were tested. For comparison, hollow
steel-tube and CFT columns with no fire-resistant
material were also tested.

2.1. Thermal conductivity
The thermal conductivity (λ) can be determined by
measuring the thermal diffusivity (α), specific heat (c_p),
and density (ρ) of fire-resistant material. The thermal
conductivity can be expressed as:
λ=α∙c_p∙ρ

(1)

where, α, c_p, and ρ are the thermal diffusivity, specific
heat, and density of the fire-resistant material,
respectively. The thermal diffusivity and specific heat
were measured using a Netzsch LFA 457 system and
Netzsch DSC 200 system, respectively. The density was
obtained by measuring the mass and volume of the
specimen at room temperature and the mass loss ratio at
elevated temperatures.
The thermal conductivity of SFRM was 0.09 – 0.31
W/mK, and that of the IFRM was 0.16 – 0.70 W/mK. The
density of SFRM is lower than that of IFRM, so thermal
conductivity of SFRM was also less than that of IFRM.
However, similar properties were observed in the thermal
conductivity, which increased with increasing
temperature for both SFRM and IFRM.
2.2. SPECIFIC HEAT
A differential scanning calorimeter (DSC) was used to
measure the specific heat. The specific heat of SFRM was
1001 – 2059 J/kg°C, and that of IFRM was 875 – 9010
J/kg°C. The specific heat of the SFRM increased
continuously as the temperature increased. The peak
value was 2059 J/kg°C at 115°C. After 200°C, the specific
heat increased again, and the rate of increase was higher
than that of IFRM because the mass loss was higher for
SFRM than IFRM.
In the cases of IFRM, the specific heat increased
significantly at 100 – 200°C, and the peak values were
9010 and 7184 J/kg°C at 130 and 160°C, respectively, due
to the evaporation of free water and subsequent mass loss

2. High-temperature thermal properties test
Tested thermal properties of SFRM and IFRM were the
room-temperature density, thermal conductivity, speciﬁc
heat, and mass loss at elevated temperatures. Test
specimens were prepared as a block and cured in air. After
curing, the block was cut into the required size for
different property tests. The specimens for thermal
conductivity and specific heat were disk-shaped
specimens (12.7-mm diameter and 4.5-mm thickness for
the thermal conductivity test and 5-mm diameter and
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(Kodur and Shakya 2013). The speciﬁc heat decreased at
200 – 500°C after the complete evaporation of free water.
After 500°C, the specific heat slightly increased again in
both materials.

thus 13 mm and 35 mm. CFT columns, steel tube was
filled with concrete. The yield strengths of the steel tubes
with dimensions of O-318.5 mm x 9 mm, O-355.6 mm x 6
mm, and O-406.4 mm x 9 mm were 347 MPa, 535 MPa,
and 318 MPa, respectively.
As shown in Figure 1, height of all specimens was 1500
mm. Two pairs of holes with diameters of 20 mm were
installed in the steel tubes for evaporation of free water in
the infill concrete. The ventilation holes were located 500
mm away from the center of the specimens. Temperatures
were measured using K-type thermocouples installed on
the steel tube and in the concrete at the mid-height of the
specimens. The locations of thermocouples.

2.3. Mass loss
The change in mass of SFRM and IFRM at elevated
temperatures was obtained using thermogravimetric
analysis (TGA). TGA was conducted using a Netzsch
STA 409 system in the range of 25 – 1,000°C. Specimens
with masses of 55 mg and 62 mg were used for SFRM and
IFRM, respectively. For both materials, there was a slight
mass loss at up to 100°C, but after 100 to 200°C, a sudden
loss occurred. At 200°C, in SFRM, the mass loss was
21.2%, and that of IFRM was 17.0%. The abrupt mass
losses in both specimens in these temperatures are mainly
due to the evaporation of free water. The second drop of
mass occurred at 400 – 500°C, which was occurred in
SFRM. This second drop was due to the dehydration of
the calcium hydroxide in gypsum (Kodur and Shakya
2013). A third drop in mass occurred at 700 – 800°C,
which was due to the decarbonation of calcium carbonate.
3. Unloaded fire test of stub columns
Unloaded fire test on steel-tube and CFT column
specimens with SFRM or IFRM was conducted. The fire
test was performed using a horizontal fire furnace, and the
temperature distributions were obtained using the
thermocouples.

Figure 1. Locations of thermocouples (units: mm)
3.2. Test procedure
Fire test was conducted in a horizontal fire with a floor
area of 3m x 4m and height of 2m. The furnace
temperature was measured with thermocouples, and the
furnace temperature was automatically controlled
according to the ISO-834 (1999) standard fire curve,
which is the same as that of the Korean Standard KS F
2257-1 (2014). Duration time of the fire test was 180 min.
for all specimens. The temperatures of the steel tube and
infill concrete were measured during the tests.

3.1. Test specimens
Total of 12 specimens were tested, including square and
circular-shape hollow steel tubes and CFT columns. Test
parameters were shape of the steel tube (square or
circular), presence of infill concrete, and the type and
thickness of fire-resistant materials. In the DCHS and
DCFT specimens, IFRM was applied between the inner
and outer steel tube.
The SHS and SCFT specimens were made with square
steel tube with dimensions of 300 mm x 300 mm and
thickness of 9 mm. The average yield stress of the steel
tube was obtained from a tension coupon test as 350 MPa.
For the infill concrete, compressive strength was 52 MPa.
Thicknesses of SFRM were 0 mm, 15 mm, and 30 mm in
the hollow steel tube and CFT specimens. The measured
thicknesses of the SFRM were 13 – 16 mm for
SCFT-50-15 and 26 – 30 mm for SCFT-50-30.
Cold-formed circular steel tubes were used for the CHS
and CCFT specimens. The diameter and thickness of the
steel tube were 318.5 mm and 9 mm, respectively. The
yield strength of was 347 MPa. The same concrete with a
compressive strength of 52 MPa was used in the CCFT
and DCFT specimens. DCFT specimens had double-layer
circular steel tubes. Inside steel tube had dimensions of
O-318.5 mm and thickness of 9 mm, and the outer steel
tube had dimensions of O-355.6 mm and thickness of 6
mm or O-406.4 mm and thickness of 9 mm. IFRM was
applied between these steel tubes. The gaps between the
steel tubes were the same as the thickness of the IFRM,

3.3. Temperature distribution results
Figure 2 shows the measured relationships of temperature
and time of the SHS and SCFT specimens using square
steel tube with SFRM. Surface temperature of the steel
tube in SHS-0 was similar to that of the furnace after
directly exposed to fire for 25 minutes. However, the
temperature of the steel tube decreased as the thickness of
the SFRM increased.
In case of the CFT specimens, temperature of the steel
tube increased similar to the furnace temperature after 80
minutes due to the thermal capacity of infill concrete. The
steel tube used in this test had a small section of 300 mm x
300 mm, but the temperature of the concrete core
increased slowly and stayed below 200°C for up to 160
min. in SCFT-50-0. When applying SFRM to the CFT
column, the temperature of the steel tube and concrete
core rapidly decreased as the thickness of the SFRM
increased.
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Figure 2. Temperature distribution results for square steel tube specimens

Figure 3. Temperature distribution results for circular steel tube specimens
Temperature of the no. 8 thermocouple located diagonally
in the infill concrete was slightly higher than that of no. 5
located at the same distance from the steel tube. This is
because of the corners of the square CFT section were
exposed to fire from two directions. However, the effect
of two-directional heating was not significant in the core
of the concrete. At the ends of the tests, the temperatures
of the steel tube were 890°C, 736°C, and 442°C for

SCFT-0, SCFT-15, and SCFT-30, respectively.
The specimens with circular steel sections showed similar
tendencies in the temperature distribution of the steel tube
and infill concrete (see Figure 3). The specimens with
double-layered steel tubes with IFRM (DCHS and DCFT
specimens) showed a temperature delay around 100°C.
This is because of the moisture content of the IFRM being
higher than that of SFRM because the IFRM was
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constructed inside the steel tubes, which makes it difficult
for the free water to evaporate.
The temperature of the steel tube increased again after
time delays of 13 min. and 50 min. for DCHS-13 and
DCHS-35, respectively. After 180 min., the temperatures
of the inner steel tube were 1029°C and 745°C for
DCHS-13 and DCHS-35, respectively. For doublelayered CFT columns with IFRM, there were no
differences in the temperature of the outer steel tube
exposed to fire compared to that of the specimen without
infill concrete. However, the temperatures of the inner
steel tube and infill concrete rapidly decreased as the
thickness of the IFRM increased. After 180 min., the
temperatures of the inner steel tube were 656°C and
290°C, and those of the core concrete were 134°C and
109°C for DCHS-13 and DCHS-35, respectively.
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4. Conclusions
In this study, a series of high-temperature material
properties tests were conducted such as thermal
conductivity, specific heat, and mass loss of SFRM and
IFRM. Fire tests for stub columns were also conducted to
verify the measured thermal properties. The major
findings are summarized as follows.
(1) The high-temperature thermal properties of SFRM
and IFRM were highly affected by the moisture
content, as well as the chemical composition of
gypsum at high temperatures.
(2) The thermal conductivity of SFRM was 0.09 – 0.31
W/mK, and that of IFRM was 0.16 – 0.70 W/mK.
The thermal conductivity increased at 100°C due to
the increase of specific heat, due to the moisture
content. The thermal conductivity increased again
after 500°C due to the increased crystallinity of the
gypsum in the SFRM.
(3) The specific heat continuously increased as the
temperature increased in both SFRM and IFRM. The
peak value of the specific heat of SFRM was 2059
J/kg°C at 115°C, and those of IFRM were 9010 and
7184 J/kg°C at 130 and 160°C. This is because of the
evaporation of free water. The speciﬁc heat decreased
at 200 – 500°C and slightly increased again after
500°C due to mass loss.
(4) For both SFRM and IFRM, there were several mass
drops: 1) at 100°C – 200°C due to the evaporation of
free water, 2) at 400 – 500°C due to the dehydration
of the calcium hydroxide in gypsum, and 3) at 700 –
800°C due to the decarbonation of calcium carbonate.
(5) Double-layered steel tube specimens with IFRM
showed similar temperature distribution result to that
of a specimen with conventional SFRM.
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Abstract
This paper presents a study to numerically investigate temperature variation and distribution in open car parks of piloti
structures and to provide a basis for performance-based fire-resistant design. Computational fluid dynamics models to
simulate fire in open car parks are built using fire dynamic simulator. A validation study is performed using previous
experimental and analytical data. Simulation matrix is established in consideration of design parameters including fire
source, compartment, opening, building properties, air flow, etc. Temperature distributions where primary structural
members are located are evaluate to the local behavior of the members. A parametric study is further performed to examine
the effects of primary design factors on temperature loads.
Keywords: fire analysis, open car park, piloti structure, temperature distribution, CFD modeling
types, fire sources and so on. Recommendations on
prediction of temperature loads caused by car fires in
piloti structures. Further, the validated methodology of
numerical modeling of fire in open car parks is provided.

1. Introduction
At the point where fire-resistant design is moving toward
performance-based design, the prediction of fire
temperature taking into account the realistic situation is
very complex. Numerous, experimental and analytical
studies on the fire loading and the resistance of building
members have been conducted to reveal the structural
behavior of their mechanical properties at elevated
temperatures (e.g., Kawagoe, 1958, Magnusson and
Thelandersson, 1970, Kim and Lilley, 2000). Those under
real fire environment such as room fire are however
insufficient and the behaviors of isolated members would
have limitations to reasonably represent the fire behaviors
of the components in buildings, leading to somewhat
conservative results in that fires in enclosed spaces might
cause turbulence mixing hot gases and higher
temperatures would be then maintained than those in open
spaces.
This paper presents an investigation of numerically
predicting temperature variation and distribution
assuming a variety of car fire situations with multiple
configuration of open car park incorporating various firerelated physical phenomena. Since full scale fire testing is
considerably expensive and is further difficult to address
a wide variety of fire conditions for design, a
computational tool for fire analysis was adopted
effectively in this study.
Practical compartment plans have been established to
examine their effects on the temperature histories,
involving the interactions between them. The temperature
variations and distributions for selected types of piloti
configurations were simulated using a fire dynamic
simulator (FDS) based on a computational fluid dynamics
(CFD) code. The numerical results of the spatial
temperatures with time were validated based on full scale
fire testing, achieved previously. A parametric analysis
was performed using the benchmark numerical model to
collect and provide temperature data according to piloti

2. Heat release rate and temperature histories
Accurately modeling fire spread within open car parks and
predicting temperature histories involves reasonable
definition of fire sources, that is, fire loads, which are
often represented by heat release rate (HRR), calculated
as the amount of energy released in a certain period of
time with units of megawatts. HRR typically increases
exponentially to the maximum and then dies out gradually
as sufficient fuel is consumed.
2.1. Heat Release Rate
The most frequently used method to define HRR is tSquared Fires (Buchanan and Abu, 2017). Kim and Lilley
(2000) provided HRR database for 65 fire sources,
including Wardrobe, chair, sofa, loveseat, and others,
using the t-Squared Fires method.

Q0

0  t  to

Q   g (t  to ) 2
Q   g (tlo  to )

to  t  tlo
2

Q   d (tend  to )
Q0

tlo  t  td
2

(1)

td  t  tend
tend  t  Infinity

where Q is heat release rate (kW),  g is fire-growth
coefficient (kW/s2),  d is fire-decay coefficient (kW/s2),
t is current time, to is time to the onset of ignition, tlo is
level-off time, tend is time at which HRR equals zero.
HRRs for other combustible materials such as heptane,
toluene, wood crib, etc. can be defined using simple
chemistry or experiments. For design purpose, a constant
HRR varying with time is assumed, noting that this can

522

a fire dynamic simulator (FDS) (McGrattan, Kevin, et al.,
2017): air flow and fire. For air flow simulations, a room
with dimensions of 10 x 10 x 10 m and element sizes of
500 mm. Total elements of the numerical model was 8,000.
Two vents were modeled: one to blow air into the room
and the other for air to exit the room. Air was supplied
with a velocity of 1.0 m/s through the supply surface.
Simulation results for air flow is presented in Figure 3. It
is seen that air enters the room through the left vent and
out through the right vent. Since the effects of air flow are
very important for temperature behavior, this simulation
methodology for air movement would be useful to predict
temperatures from room fires including the effect of air
flow.

lead to significantly conservative results.

Figure 1. HRR curve generated using t-Squared Fires
2.2. Temperature Curves
There various standard temperature versus time curves to
represent post-flashover fires. The often used standard
temperature curve is the form of ISO (CEN, 2002), as
shown in Figure 2. A number of design parameters
including fire source, ventilation conditions, building
thermal properties, etc. can affect the temperature curves,
but these have not been reflected in the ISO curve. Further,
the temperature in the ISO curve never declines even
though temperatures decrease in reality after the
maximum point, as shown in the Eurocode Parametric
curve of Figure 2.

(a) t = 0s

(b) t = 0.5s

(c) t = 1.5s

(d) t = 4.0s

Figure 3. Air flow simulation
Figure 4 shows simulation results varying time for a
simple room fire. Element sizes of 100 mm were used,
indicating this value is considered sufficient for the
amount of fire, considered in study, to reasonably predict
temperatures in the room. In this simulation, a fire with a
heat release rate of 1000 kW/m2 from a top surface of a
obstruction on the bottom was considered. All other
surfaces were assumed inert. A thermocouple device to
measure temperatures was located 1.5 m from the center
of the fire.
The simulation was run up to 10 seconds and the results
varying time are presented in Figure 4. The corresponding
HRR and temperature histories are shown in Figure 5. The
results are compared to the results of the previous study in
Thunderhead Engineering (TE, 2019) to validate the
simulated results. Observations are made that the slope of
the HRR history during fire growth after ignition

Figure 2. Temperature curves
3. Fire analysis
3.1 Description
Analysis for post-flashover fires has been performed
numerically to propose design charts for temperature
curves for realistic car fires. Basically, design parameters
of HRR, ventilation and wall properties were included for
fire modeling. The effects of air movement were also
considered. More specifically, temperature distributions
where primary structural members were located were
measured to observe local deformation such as plastic
hinge.
3.2 CFD Analysis
Two sample room fire simulations were performed using
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calculated in this study is sufficiently similar to that of the
TE. The HRRs after flashover are also similar. The
difference of the maximum HRR between the two results
was 5.6% (The calculated maximum temperature was
1,367 degrees; that of TE was 1,290 degrees). It is
therefore considered that the numerical results were
considered validated.
Figure 5(b) shows results of temperature histories,
measured 1.5 m from the center of fire on the bottom. It is
seen that the slopes of the two results are virtually
identical. Also, the temperatures after flashover are very
similar, where the difference of the maximum values is
3.1%. The fire model constructed in this study is
considered to properly realize the room fire.

(b) Temperature
Figure 5 Validation of numerical results

(a) t = 0s

4. Conclusions
A numerical study to evaluate temperature behaviors due
to fire in open car parks of piloti structures was performed
using fire dynamic simulator. The benchmark fire model
constructed in this study well predicted the air movement
and temperature histories in open car parks. The results for
HRR and temperatures were validated appropriately based
on previous analytical studies. The benchmark model
would be useful for predicting temperature distribution
and variation for car fires varying considered design
parameters such as fire source, compartment, building
properties, wind, etc. Temperature distributions under the
ceilings, along the column height, and around the column
section would also have to be evaluated to investigate the
local fire effects.

(b) t = 0.5s
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Abstract
The concrete inside the steel tube of CFT columns enables them to have great strength and ductility. CFT columns are
also excellent in fire-resistance because explosive heat upon a fire can be contained in the tube by the concrete debris.
However, the studies to evaluate the residual strength of CFT columns after a fire have not been conducted enough. The
studies to evaluate the residual strength of CFT columns after a fire are indispensable because it is the barometer of the
damage of composite columns caused by a fire and the degree of repair and reinforcement work for the columns after a
fire. Accordingly, the purpose of this study is to evaluate the deterioration of load capacity and structural behavior of
square CFT columns with the same shapes and boundary conditions before and after a fire. The study also evaluates the
influential factors of the CFT columns reinforced to secure the residual strength after a fire.
Keywords: Fire Resistance, composite Column, Residual Strength, Reinforced STG 800(Steel Pipe), Non-Protection
.

1. Introduction
Concrete Filled steel tube columns are excellent in
fire-resistance because explosive heat upon a fire can be
contained in the tube by the concrete debris. Accordingly,
the superiority of CTF columns over their unprotected H
shape steel in terms of fire-resistance has been proved by
previous tests and analytical studies. Many studies have
been conducted on the practical performance of CFT
columns upon a fire. Recently, the safety of skyscrapers
upon a fire has recently emerged as an issue. However,
there is no established method or standard to
quantitatively evaluate the fire-resistance of CFT columns
which are commonly used for high-rise buildings. Only a
few studies have been made to evaluate the residual
strength of CFT columns. The studies on the evaluation of
the residual strength of unreinforced CFT columns are
needed because it tells the potential damage of composite
columns to be exposed upon a fire also it tells the criterion
for the repair and maintenance work after the fire.
Consequently, the purpose of this study is to carry out
comparative analysis of temperature distribution heating,
analyze, load capacity ratio and evaluate the influence of
reinforcement (Number of Steel Pipe Reinforcement) on
securing the residual strength of CFT columns.

Fig. 1 Reinforcement CFT Column Design
Table 1. Residual Strength Experiment Results

2. Pre-Study Analysis
There are many overseas cases in which research results
are recognized that fire resistance performance is secured
on CFT columns that are not covered by fire resistance.
As a result, the CFT column is being introduced with
Performance Based Design. Typically, in Europe, the
performance-based design of reinforced CFT columns is
presented as shown in Fig 1.

No Year Size Length
(mm)
(mm)
1 2012 406
1421
2 2012 460
1610
3 2012 460
1610
4 2012 460
1610
5 2012 460
1610

Pu_fi
(kN)
4,862
3,874
5,360
5,327
4,323

6
7
8
9
10
11
12
13

28,301
44,406
62,606
84,399
32,906
51,205
71,948
97,402

2018
2018
2018
2018
2018
2018
2018
2018

1000
1200
1400
1600
1000
1200
1400
1600

1100
1100
1100
1100
1100
1100
1100
1100

Pu_
(kN)
8,759
6,954
9,127
7,751
7,477
Average
62,063
89,348
121,801
159,545
68,269
98,283
133,981
175,500
Average

Ratio

Note

0.56
0.56
0.59
0.69
0.58
0.59
0.46
0.50
0.51
0.53
0.48
0.52
0.54
0.56
0.51

Circular
Rectangular
RS 2%
Double CFT
Double CFT
Rectangular
Rectangular
Rectangular
Rectangular
Rectangular
Rectangular
Rectangular
Rectangular

8D-32
12-D32
16-D32
24-D32

First, we will investigate the case of residual strength of
CFT columns after 3 hours of heating. Most of them are
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Rectangular steel columns, and the internal reinforcement
is rebar. All the subjects were not fire protected. After the
fire experiment, the residual strength was evaluated by
conducting a compression test. As a result, about 50% of
room temperature resistance was obtained. The larger the
composite column cross section, the greater the strength
of concrete. That is, the cross section of the composite
column must be enlarged to ensure fire resistance.
However, considering its economic feasibility and
constructability, the composite column cannot be
designed indefinitely large. Therefore, the role of internal
reinforcing bar should be included in securing fire
resistance performance. Only then reasonable cross
-section size can be determined. The goal is to secure
about 60% of the residual strength through this study.

compression-bearing experiment was then conducted
with 30,000kN UTM equipment.

(a) heating furnace
(b) 30,000 kN UTM
Fig. 3 Utilizing Equipment

4. Reinforcement Effects of Re-bar (By Analysis)
We would like to evaluate the relationship between
internal re-bar and residual strength after fire. The
compressive strength at room temperature was calculated
by the current standard formula (AISC-2016). In case of
fire, the compressive strength was interpreted as
temperature distribution in the cross section. The section
of the composite column exposed to the fire for 3 hours is
seperated by 500 degrees. As a result, the temperature of
the re-bar in the cross section was found to be below 500
degrees. The resistance of re-bars not affected by heat was
estimated as maintaining their strength at room
temperature. Based on this, the results of the comparison
of residual strength are shown in Table 2. The strength of
the reinforcement was assessed as increasing residual
strength of about 3%. Since the yield strength of STG800
is greater than that of normal re-bar, the resistance at room
temperature was also calculated relatively high. However,
it is judged that the residual strength ratio by re-bar has
not been significantly increased. Nevertheless, it was
found this residual strength could be maintained 59% on
average.

3. Experimental Plan Incorporating High Strength Steel
Pipe Reinforcement

We would like to propose a composite column that
reinforces STG800 (Strength Steel Pipe Reinforcement)
developed by POSCO. The STG800 is shown in Figure 2.

(a) Configuration

(b) STG800

Table 2. Residual Strength of Reinforced STG800 Column
Size Length
Pu_fi
Pu_
Ratio
Note
(mm)
(mm)
(kN)
(kN)
600
1000
9,354
16,704
0.56 Non-reinforced
600
1000
12,213
20,700
0.59 STG800-8D29
600
1000
13,845
22,697
0.61 STG800-12D29
Average
0.59
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(c) Detail of Experiment (Main Specimen)
Fig. 2 Concept of Specimens

Compared to regular solid steel bars, the unit weight with
equivalent strength can be reduced about 50%. In other
words, it is possible to secure sufficient strength while
minimizing reinforcement. In addition, since the yield
strength of the rebar is of high strength, it is expected to
play a sufficient role to achieve residual strength. The
experiment is exposed to high temperatures for three
hours and cooled to room temperature. A
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Abstract
In this study, the test was conducted in two steps to evaluate the fire resistance performance and post-fire structural
performance of the concrete filled steel tube column(CFT column). As a first step, a fire resistance tests were conducted
on a CFT column with fire-resistant paint applied. As a second step, a structural strength tests were conducted on the same
specimens after 2~4 months of fire resistance test to evaluate the residual strength after the fire. As a result of the fire
resistance test, it has been confirmed that almost the same fire resistance performance is secured even if the fire-resistant
paint is applied with 40% to 50% of the thickness of the fire-resistant paint(3.5mm), which has been recognized for its
two-hour fire resistance performance. A post-fire structural test showed that the ratio of the maximum load versus the
nominal compressive strength was 1.14~1.19, and the strength reduction was about 6.7% compared to the test specimen
without fire damage. Therefore, it is judged that the CFT column(D-Column), which has secured the fire resistance
performance by applying the fire-resistant paint, will not significantly degrade the structural performance even after the
fire.
Keywords: Concrete Filled Steel Tube Column, Fire Resistance Test, Structural Strength Test, Residual Strength
were directly exposed to fire. Two to four months after the
fire resistance tests, structural strength tests were
conducted on the same specimens for the residual strength
evaluation in the second steps.
As shown in Table 1, six CFT column specimens were
planned, and variables include the thickness of the
fire-resistant paint, the type of fire resistance test, and
whether structural performance tests were conducted.

1. Introduction
The causes of fires are various, including electricity, gas,
and arson, and a considerable number of fires occur every
year. Fires can cause buildings to collapse along with
human and economic damage. Therefore, there is an
increasing interest in the fire resistance performance of
major structural members for the prevention of structural
collapse and human safety. If structural performance is
maintained after the fire, it is believed that economic
damage can be minimized by reusing structural members.
Recently, various shapes of concrete filled steel tube
columns(CFT columns) have been developed and applied
to the construction field, and structural performance tests
and fire resistance performance tests of CFT columns are
actively underway. However, research on post-fire
structural performance of CFT columns is still lacking. In
this study, fire resistance tests were conducted on the CFT
column(D-Column) applied with fire resistant paint, and
structural performance tests were conducted on the
specimens after the fire resistance test to evaluate the
structural performance and residual strength after the fire.

Table 1. Plan of test specimens
Specimens
P1.3-FN-C
P1.5-FN-C
P1.5-NN-C
P1.7-FN-C
P1.7-FN-N
P1.7-FL-C

2. Design of Experiment
The experiments were conducted in two steps to evaluate
the structural performance after the fire of the concrete
filled steel tube columns(CFT columns). The first step
was a test on the fire resistance performance of CFT
columns, which were divided into loading and
non-loading fire resistance tests, and produced the
situation in which CFT columns with fire-resistant paint
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Paint
Thickness
1.3
1.5
1.5
1.7
1.7
1.7

Fire Resistance
Test
Non-loading test
Non-loading test
Non-loading test
Non-loading test
Loading test

Structural
Strength Test
O
O
O
O
O

for its two-hour fire resistance performance. It can be
confirmed that the P1.7 specimens with a 1.7mm
fire-resistant paint thickness have a lower average and
maximum temperature than the P1.3 specimen, resulting
in better fire resistance performance in proportion to the
fire-resistant paint thickness.
Figure 3 shows a time-temperature graph of the results of
a non-loading fire resistance tests. A solid line indicates
the standard temperature inside the furnace where the
specimens are heated, and the average and maximum
temperatures of the specimens are indicated by dotted
lines. The results of the loading fire resistance test showed
a maximum deformation of 12.56mm and a maximum
deformation rate of 0.216mm/min. Figure 4 shows the
time-deformation and time-deformation rate graph of the
loading fire resistance test.

Figure 1. Shape of test specimens

Table 2. Results of fire resistance test
Specimens

Non loading test

Loading test

Average Maximum Maximum Maximum
Temperature Temperature Deformation Def. Rate

P1.3-FN-C

492.5℃

634.0℃

-

-

P1.5-FN-C

481.7℃

617.4℃

-

-

P1.5-NN-C

-

-

-

-

P1.7-FN-C

384.4℃

437.1℃

-

-

P1.7-FN-N

374.7℃

416.8℃

-

-

P1.7-FL-C

-

-

12.56mm 0.216mm/min

(a) Fire resistance test
(b) Structural strength test
Figure 2. Set-up of specimens
The size of the specimens is ㅁ-300x300x6(mm), and the
material of the steel plate is SM355, the design strength of
the concrete is 24MPa, and the length of the specimens is
3,000mm. The shape and the set-up of the specimens are
Shown in Figure 1 and Figure 2.
3. Results of Fire Resistance Test
The results of the fire resistance tests are shown in Table 2.
In the case of structural members with fire-resistant
materials, the non-loading fire resistance test method and
performance standard(average temperature of steel : less
than 538°C, maximum temperature : less than 649°C)
shall be applied to determine whether the fire resistance
performance of the structural members is secured. In
addition, in the case of a loading fire resistance test of
column members, the method of loading fire resistance
test and performance standard(deformation : less than
h/100mm, deformation rate : 3h/1000mm/min) shall be
applied to determine whether the fire resistance
performance of structural members is secured. It has been
confirmed that almost the same fire resistance
performance is secured even if the fire-resistant paint is
applied with 40% to 50% of the thickness of the
fire-resistant paint(3.5mm), which has been recognized

Figure 3. Results of non-loading text

Figure 4. Results of loading test
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4. Results of Post-Fire Structural Performance Test
Structural performance tests were conducted on
fire-damaged CFT column specimens by fire resistance
tests, and the results are shown in Table 3, Figure 5. In
Table 3, Pn1 is a nominal compressive strength that is
applied with specified design strength and Pn2 is a
compressive strength that is applied with material test
results. The ratio of the maximum load(P test) versus the
nominal compressive strength(Pn1) was 1.14~1.29, and
the ratio of the maximum load(P test) versus the
compressive strength(Pn2) was 0.97~1.19. After a fire,
structures often cannot confirm the strength of the
material, and the safety of the members must be
determined based on the design documents, so the
structure can be judged to be safe when the specified
design strength is reflected.
Comparing fire-damaged specimen(P1.5-FN-C) and
non-fire-damaged specimen(P1.5-NN-C), the structural
strength reduction was not significantly decreased to
about 6.7%.
Therefore, if the temperature does not deviate from the
standard temperature of the fire resistance test during the
fire, and if the temperature of the CFT column is less than
649℃ shortly after the fire, and if the fire is extinguished
within two hours, the structural performance of the CFT
column that have secured fire resistance performance by
applying fire-resistant paint of more than 1.3mm
thickness is not significantly reduced after the fire.

5. Conclusions
1) CFT column has approximately the same fire resistance
performance with 40% to 50% thickness (1.3mm~1.7mm)
of the 2-hour recognized thickness (3.5mm).
2) The fire-resistant CFT columns were found to have a
little strength reduction caused by fire, and to secure the
nominal compressive strength after the fire.
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Table 3. Results of structural strength test
Specimens

(kN)

(mm)

(kN)

(kN)

P1.3-FN-C 4,612

9.8

1.16

1.08

P1.5-FN-C 4,795

14.0

1.21

P1.5-NN-C 5,118

11.9

1.29

1.19

P1.7-FN-C 4,517

13.9

1.14

0.97

3,963

P1.7-FN-N

-

-

-

P1.7-FL-C

4,601

10.8

1.16

4,289

4,675

1.12

0.98

Figure 5. Results of structural strength test
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Abstract
Although there were two approaches, prescriptive and performance-based approaches, to design fire-resistant structures
in Korea, the only prescriptive approach was selected due to lack of any specific provisions in building code and guideline
for structural engineers about performance-based approach. The prescriptive design provided the same way to decide the
fire resistance performance of fire-resistant structures regardless of individual characteristics of the structural elements
such as a kind of materials. In contrast, performance-based design can adopt several ways to decide the fire resistance of
performance of fire-resistant structures depending on those materials, structural behaviors, and compartments. In this
study, the fire resistance performance of the concrete-filled steel tube (CFT) column was decided through the
performance-based design. This is why the fire resistance performance of CFT columns is ignored in the prescriptive
approach, even though they actually have non-negligible fire resistance performance according to various studies about
fire resistance of CFT columns. The target CFT column was located at a 20-story office building, of which structural
system was steel and composite structures. In the case of the CFT column, it should have 3 hours fire resistance rating
based on regulation. To evaluate the fire resistance performance of CFT column via performance-based approach, the
compartment properties such as heat release rate in the room, area of the room, finishing materials of the floor, walls, and
ceiling were initially investigated to retain fire scenario. From the fire scenario, the temperature distribution of the CFT
column was found via finite element analysis. And the behavior of the CFT column was investigated in the structural field
based on the temperature distribution. To the reliability of the finite element analysis, the test results studied by other
researchers were compared with the results predicted by finite element analysis. Finally, the fire resistance rating was
decided by comparing the behavior of the CFT column and the criteria of the failure in fire conditions. From these results,
it was found that the fire resistance performance of the CFT column was sufficient to decrease the thickness of
fire-proofing materials based on performance-based structural fire design.
Keywords: Performance-based structural fire design, CFT columns, fire resistance, prescriptive approach
column was decided through the performance-based
design. From various studies about fire resistance of CFT
columns, they actually have non-negligible fire resistance
performance. The target CFT column in this study was
located at a 20-storey office building, of which structural
system was steel and composite structures. In the case of
CFT column, it should have 3 hours fire resistance rating
based on the regulation. To evaluate the fire resistance
performance of CFT column via performance-based
approach, the compartment properties such as heat release
rate in the room, area of the room, finishing materials of
the floor, walls, and ceiling were initially investigated to
retain fire scenario. From the fire scenario, the
temperature distribution of the CFT column was found via
finite element analysis. And the behavior of the CFT
column was investigated in the structural field based on
the temperature distribution. To the reliability of the finite
element analysis, the tests results studied by other
researchers were compared with the results predicted by
finite element analysis. Finally, the fire resistance rating

1. Introduction
In general, prescriptive design for fire-resistant structures
were widely adopted due to lack of any specific
provisions in building code and guideline for structural
engineers about performance-based approach in Korea.
But the prescriptive design provided the same way to
decide the fire resistance performance of fire-resistant
structures regardless of individual characteristics of the
structural elements such as a kind of materials. Whereas
performance-based design can adopt several ways to
decide the fire resistance of performance of fire-resistant
structures depending on those materials, structural
behaviors, and compartments of building. Especially it is
an efficient and economic design approach for
concrete-filled steel tube (CFT) columns that are regarded
as non-fire-resistant members according to prescriptive
approaches in Korea. Because outer surfaces of CFT
columns were steel plates that are vulnerable materials
under fire.
In this study, the fire resistance performance of the CFT
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was decided by comparing the behavior of the CFT
column and the criteria of the failure in fire conditions.
From these results, it was found that the fire resistance
performance of the CFT column was sufficient to
decrease the thickness of fire-proofing materials based on
performance-based structural fire design.
2. Fire scenario
The floor plan is shown in Figure 1. The office area is
split into four rooms excluding center atrium. Each room
is divided by 3 hours fire-rated wall and the selected area
for performance-based structural fire design was colored.

Figure 2. Fire room temperatures of selected room
3. Fire resistance of CFT column
In this study, finite element model for CFT column were
proposed to evaluate the fire resistance based on
performance-based structural fire design. To obtain
reliability of the finite element model, the verification
with test result was conducted. The fire test for CFT
column (300 mm x 300 mm x 9 mm) with 3,500 mm
height was conducted (Hong and Varma, 2009).
ABAQUS 2020 were used for finite element model of
CFT column in verification and evaluating the fire
resistance of CFT column. The comparison between FE
model and test results were presented in Figure 3 and the
reliability of FE model were secured.

Figure 3. Comparison with FE model and test result

Figure 1. Typical floor plan

The specification of CFT column in the selected area was
500 mm x 1000 mm x 36mm with 4,500 mm height. The
displacement of CFT column in the selected area under
fire room temperatures were shown in Figure 4.

As the building is used as office space, a significant
amount of combustibles is expected. The design fuel load
of a room is calculated as the sum of movable and fixed
fuel load. Movable fuel load and fixed fuel load are
686,000 MJ and 106,893 MJ, respectively (ASCE, 2020).
To decide the fire temperatures in the room, the heat
release rate or the amount of heat released in a room per
unit time is calculated. In addition, parameter for burning
type index representing oxygen availability per unit
surface area of combustible surface and opening factors
depending on the area, height of opening and the oxygen
consumption coefficient are calculated in sequence to find
the fire temperature rise coefficient. Finally, the fire room
temperatures are obtained from the design fuel load,
parameter for burning type index, and the fire temperature
rise coefficient as shown in Figure 2 (The Building Center
of Japan, 2015).

Figure 4. Analysis results of CFT column in the selected
area under fire room temperatures
The maximum displacement of CFT column in the
selected are under fire room temperatures based on
performance-based structural fire design was 38.9 mm

531

and this value did not exceed the criterion, 45 mm. But
After 110 minutes, the concretes were failed and the fire
resistance rating of CFT column in the selected area
according to performance-based structural fire design was
110 minutes. Therefore, the CFT column can be installed
at the selected area with only 70 minutes fire-proofing
materials decided by performance-based structural fire
design.
4. Conclusions
The fire resistance performance of CFT column installed
at the office building in Korea was evaluated by
performance-based structural fire design. The fire
scenario was followed by the performance-based
approaches that considered the individual characteristics
of the structural members such as material properties and
compartments. The fire room temperatures were obtained
and the structural fire behavior of CFT column under fire
room temperatures was predicted with finite element
analysis. According to analysis results, the fire resistance
rating of CFT column in the selected area under fire room
temperature was 110 minutes and this meant that only 70
minutes fire-proofing material can be installed to satisfy
the regulation.
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Abstract
In order to protect personnel from flame, smoke, pressure, debris, and impact, a closed foldable cabinet device made of
heat-resistant materials and steel structures was developed. When disasters such as fire or earthquake occur in apartments
or underground facilities, people are often trapped inside without evacuating. There is a need for a space for personnel
inside to safely evacuate until the time when the rescue team can extinguish the fire or remove the falling objects and
rescue them. It is a device that guarantees survival for at least 30 minutes. It is usually folded like a thin cabinet and fixed
to the wall, and if necessary, the space can be expanded to accommodate the required number of people. It has a foldable
structure for easy transportation, installation, and operation, and it is made to form an expanded hexahedral space by
automatically opening the sides, ceiling, and floor when the handle is pulled or the power is operated. Ventilation ports for
inhaling fresh air from outside were installed on one side of the cabinet, and activated carbon and HEPA filters were
installed in the vents to filter contaminated gases. In this study, a simulation was conducted by modeling various materials
and shapes, focusing on the heat resistance performance of the cabinet structure and the sealing degree for positive
pressure. Prototypes for the optimal model were produced to measure the temperature distribution inside the cabinet and
the change in air pressure during operation.
Keywords: Disaster, Heat, Foldable, Cabinet, Safety
1. Introduction
Today, due to the development of science and technology
and natural destruction, environmental pollution, global
warming, abnormal climate change, etc. Disasters and
strange natural phenomena occur / This is a plan to
improve the survival of humans.

2. Heat-resistant cabinet design examples
According to the current building law enforcement
ordinance, in the case of apartment houses, one or more
'evacuation spaces' divided by fire zones must be installed.
In this regard, the design structure of the heat-resistant
foldable cabinet for disaster evacuation of low and high
rises applied in the market is as follows.

Table 1. Heat-resistant materials and steel structures
(example)

usually (first)

In the event of
a situation

2.1. Fire Evacuation Box (Folding Panic Room)
It is a structure designed to prevent the inflow of flame,
heat and toxic gas into a fire evacuation space, In case of
fire, if it is impossible to evacuate using the household
entrance, a fire evacuation box suitable for the safety
measures stipulated by the law is a device and facility
capable of such a fire division in order to prevent damage
from fire in a safe space on the opposite side. The fire
evacuation box is a space that can accommodate 4 adults
and is normally maintained in a folded shape on the
exterior wall of the building, and the space expands
without additional power when in use. The fire evacuation
box can withstand the weight of up to 380 kg, and it uses
silica rope, a high-density heat-resistant material, to
double-wall the gap between the doors to block toxic
gases from fire, High-density ceramic wool insulation that
withstands high temperatures of 1260°C is applied to

Heat-resistant
structure

(Survivable for 90
minutes at 180°C)

Heat-resistant material and steel structure to protect
humans from flame, smoke, pressure, debris, and impact
The manufactured closed foldable cabinet device will
improve survivability in disasters such as fire and
earthquake, and we will study design cases and technical
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exhibit high heat-shielding performance.

Table 3. Cerakwool characteristic

Table 2. Fire evacuation box rescue

Division

Property

Color

White

Fiberlength

300blow

(㎜)
Fire Evacuation
Box

Double gaskt
(Silica rope)

Loyalty
ratio
Maximum
temperature
(℃)

Insulation material
(Cerakwool)

2.2. Multipurpose (removable) evacuation box
It can be easily installed in places where it is difficult to
install fixed facilities among places vulnerable to fire or
disaster (underground floors, high-rise buildings,
factories and ships), and it is easy to move to equipment
and facilities that guarantee survivability by blocking heat
and toxic gases. In addition, a ventilation hole and a
purification filter are installed to protect CBRN for a
certain period of time.
A built-in oxygen supply, the oxygen supply is possible,
and in an emergency, the high-strength ballistic steel is
applied to the gun, can be used for many purposes in the
event of an earthquake, hurricane (tornado).

Division
Fiber
thickness(㎛)
Fillingensity
(㎏/㎡)

Property
Avg 3
103~160

2.7

Particle
content(%)

15%blow

1,430blow

Fire
resistance

1,850℃
(S.K 38)

Table 4. Fire resistance results

Time
10` elapsed
20` elapsed
30` elapsed
40` elapsed
50` elapsed
60` elapsed

Temperature
670℃
780℃
846℃
886℃
919℃
942℃

Non-heating surface
11.2℃
13.6℃
16.9℃
21.7℃
29.4℃
41.4℃

Table 5. Smoke blocking result

Pressure difference(Pa)
5
10
25
50
70
100

Air leak(㎡/(min∙㎡))
0.00
0.10
0.10
0.20
0.20
0.30

contents by modeling various materials and shapes /
derive the optimal model.

Figure. 1 Multipurpose evacuation box structure
(vent/filter)

3. Disaster evacuation heat-resistant cabinet
technology
In order for the heat-resistant foldable cabinet for disaster
evacuation to survive at the disaster site, the following
technologies must be applied.

In the case of a multipurpose shelter, if a positive
pressure function and a HEPA filter are added, it will
more easily filter out the polluted gas and increase the
survival time of the personnel inside the shelter.

3.1 Abnormal temperature exposure prevention
technology: heat resistance and insulation
The outside of the cabinet must have heat resistance that
does not change its appearance from an abnormal
temperature (high temperature), and the appearance of the
cabinet must not change at 1,300℃, which is the average
temperature of a general fire. In addition, it must have
insulation properties so that the outside temperature is not
transmitted to the inside, and the insulation condition
must be able to block the heat so that the temperature
inside the cabinet does not rise more than 45℃
(irreversible cell damage occurs).

2.3. Features and performance evaluation of heat
resistance material
2.3.1. silica rope
It has heat resistance of very high temperature within
1000℃, and it provides resistance to solvents and
chemicals, effectively applying the characteristics of
heat-resistant material with double gasket inside and
outside the door of the evacuation box.
2.3.2. Cerakwool
As a bulk material of ceramic wool, silica and alumina
were applied to make it fiberized, and its flexibility and
thermal shock resistance were proven, so it was used as an
insulator of an evacuation ship.

3.2 Electric shock protection technology: insulation
and grounding, water resistance
In particular, at the site of a fire accident, water is used for
fire extinguishing, or in various disaster sites, the risk of
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electric shock due to a solution is increasing. It should be
able to cut off the current over 1000 mA, or cut off the
energization of the human body through the ground when
over 1000 mA is energized. For water resistance, the
cabinet should use a water-resistant material to prevent
electricity from being energized by the liquid due to the
inflow of the liquid from the outside. It must be prevented
from energizing the inside.

4. Indoor heating test temperature curve
(KSF 2256) (in Korean)
5. Fire resistance test method of building structural
members (KSF 2257-1)
6. American Heart Association's Guidelines (2005)
7. Nursing/Nursing Technology Temperature
Measurement(in Korean)
8. Korea Chemical Fiber Association Introduction to heatresistant fibers (2006) (in Korean)
9. Bold Panic Room Co.,LTD Product(in Korean)
10. KCC CerakWool catalogue(in Korean)

3.3 Hazardous substance exposure prevention technology:
positive pressure device, group protection device
Depending on the disaster site, it is necessary to protect
the respiratory tract from not only oxygen deficiency but
also harmful hazardous substances in places such as
chemical plants or in places where there are flammable
substances that generate harmful gases in case of general
fire. If hazardous substances are fatal to both the skin and
respiratory system, a positive pressure device should be
installed to prevent external hazardous substances from
penetrating into the cabinet. Equipment should be in place
to protect them.
3.4 Selection of installation location
A heat-resistant cabinet for disaster evacuation can be
installed on the opposite side of the emergency exit to
maximize its effect. Basically, when a disaster occurs, it is
best to evacuate using the emergency exit, but in the worst
case, that is, in a situation where the person in need cannot
voluntarily evacuate due to a fire or collapse between the
emergency exit and the person in charge, the time until the
rescuer arrives and rescues the person It is a device that
guarantees survival. The heat-resistant cabinet for disaster
evacuation is a device that can maximize the survival rate
of victims at the accident site by expanding Golden Dime.
4. Conclusion
The heat-resistant cabinet for disaster evacuation that we
think of is a technology that can dramatically improve the
survivability of victims at various disaster sites in the
future. In addition, to prevent fatal accidents, it is
necessary to introduce compulsory system. For example,
in the event of a disaster such as a chemical plant, oil
refinery, or multiple dense facilities, it is mandatory to
systematically install the emergency exits and accident
sites in separate structures and places where facilities are
located.
5. Acknowledgement
This study has been performed by the support from Seoul
National University of Science and Technology.
6. References
1. Human reaction to energization
(IEC 60479-1-2005, IEEE-80-2000)(in Korean)
2. Disaster Prevention Research Institute Water resistance test
(JIS K 5400 standard) (in Korean)
3. Temperature curve for outdoor heating test. Fire
protection test method for wooden parts of buildings
(KSF 2258) (in Korean)

535

[Poster]

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

DDPG-Based Control Algorithm Development for Smart TMD
Hyun-Su Kim1*, Yun-Su Jang2, and Dong-Sun Park3
1*

Division of Architecture, Sunmoon University, Asan-si, Korea. hskim72@sunmoon.ac.kr (corresponding author)
2
Division of Architecture, Sunmoon University, Asan-si, Korea. sorj8745@naver.com
3
Division of Architecture, Sunmoon University, Asan-si, Korea. ehdts456@ naver.com

Abstract
A smart tuned mass damper (TMD) is widely studied for dynamic response reduction of various structures subjected to
earthquake loads. Control performance of a smart TMD mainly depends on control algorithms. A lot of control strategies
have been proposed for semi-active smart control devices. Recently, almost all industries are affected by artificial
intelligence (AI). Machine learning among AI technologies begins to be applied to development of vibration control
algorithm. Currently there are three main categories of machine learning, such as supervised learning, unsupervised
learning and reinforcement learning. Reinforcement learning is a model-free framework for solving optimal control
problems stated as Markov decision processes (MDPs). Reinforcement learning oﬀ ers powerful algorithms to search for
optimal controllers of systems with nonlinear properties such as magnetorheological (MR) damper. Based on thee
backgrounds, this study used reinforcement learning to develop an optimal control algorithm for a smart TMD. An MR
damper was used to make the smart TMD. Deep Deterministic Policy Gradient (DDPG) among reinforcement learning
techniques was employed to develop a control algorithm for the smart TMD. A single mass model with the smart TMD
was employed as an example structure to make a reinforcement learning environment. Time history analysis simulations
of the example structure subject to artificial seismic load were performed in the reinforcement learning process. Critic of
policy network and actor of value network for DDPG agent were constructed. The action of DDPG agent was selected as
the command voltage sent to the MR damper. Reward for the DDPG action was calculated by using displacement and
velocity responses of the main mass. Groundhook control algorithm was used as a comparative control algorithm. After
10,000 episodes training of the DDPG agent model with proper hyper-parameters, the control algorithm for seismic
response reduction of the example structure with the smart TMD was developed. The simulation results presented that the
developed DDPG model can provide effective control algorithms for the smart TMD subjected to earthquake excitations.
Keywords: Smart Tuned Mass Damper, Reinforcement Learning, Seismic Response Reduction, Deep Deterministic
Policy Gradient Connections
STMD that vertically vibrates is used as an example
structure shown in Fig. 1. The STMD consists of a
magnetorheological (MR) damper. An artificial ground
motion was generated for control performance evaluation
of the STMD.

1. Introduction
A tuned mass damper (TMD) is one of the most
widely-used control devices in civil structures for
vibration control because it is easy to install no matter for
a new or old structure. Recently, a lot of researchers have
studied a smart TMD (STMD) that is composed of smart
control devices because its control performance is
superior to that of a conventional TMD (Kim and Kang,
2017). Control algorithm is one of the most important
factors that affect control performance of an SMD. To
date, a lot of control strategies have been developed for
semi-active smart control devices. Artificial intelligence
(AI) is lately applied to almost all industries. Machine
learning begins to be applied to development of vibration
control algorithm. In this study, reinforcement learning
among machine learning techniques was employed to
develop a control algorithm for an STMD. Deep
Deterministic Policy Gradient (DDPG) among
reinforcement learning techniques was used to develop a
control algorithm for the STMD because DDPG can
produce continuous action signals (Timothy et al., 2016).

x1

Smart TMD (m1)

MR damper

k1
x2
..
xg

Main Structure (m2)

c2

k2

Figure 1. Example structure model
The structure of DDPG training is presented in Fig. 2.
DDPG is a policy gradient algorithm that uses a stochastic
behavior policy for good exploration but estimates a
deterministic target policy, which is much easier to learn.
DDPG is an actor-critic algorithm, i.e. it primarily uses
two neural networks, one for the actor and one for the
critic. The input of the actor network is the current state,
and the output is a single real value representing an action

2. Development of control algorithm using DDPG
A single degree-of-freedom (SDOF) structure with an
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(command voltage sent to MR damper) chosen from a
continuous action space. DDPG algorithm realizes the
parameter learning and adjustment of actor network and
critic network based on the evaluation target.

Displacement and acceleration time histories of the
example structure are presented in Figs. 3 and 4. The
responses of the STMD were compared with those of the
conventional passive TMD and the uncontrolled case.
Passive TMD can significantly reduce both peak
displacement and acceleration responses compared to the
uncontrolled case by 25% and 30%, respectively. The

STMD can reduce the peak displacement and
acceleration by 52% and 46%, respectively compared
to the uncontrolled case. The peak displacement and
acceleration of the STMD were reduced by 36% and
22% compared to passive TMD. Control performance
of DDPG-based controller was compared with
groundhook controller in Fig. 5. It shows that the peak
displacement of DDPG-based controller can be
reduced by 16% compared to groundhook controller.
Main mass disp. (mm)

Figure 2. Structure of DDPG
The formulation of the reward function plays a crucial
role in the DDPG learning process. It is used to indicate
the quality of the action taken by the agent after it steps to
the next state. The reward equation used in this study is
presented in Eq. (1).

r  (k1d12  k2v12 )

(1)

25
20
15
10
5
0
-5
-10
-15
-20
-25

Ghook-STMD
DDPG-STMD

0

10

20

30

Time (sec)

Figure 5. Comparison of DDPG and groundhook

where, d1 and v1 are displacement and velocity of main
structure, k1 and k2 are the weights of displacement and
velocity. The values of k1 and k2 are set to be 300 and 1,
respectively.

4. Conclusions
This study investigates effectiveness and adaptability of
DDPG for development of control algorithm of an STMD.
For this purpose, the environment of DDPG training was
constructed using SDOF example structure with an
STMD consisting of an MR damper. Displacement and
velocity of main structure and the STMD are selected as
states that are sent from the environment to the agent. The
action of the DDPG agent is the command voltage for
control of the STMD. Numerical simulation results show
that DDPG can provide competitive control algorithm for
the STMD resulting in superior control performance
compared to conventional groundhook control algorithm.

Main mass disp. (mm)

3. Evaluation of DDPG-based control algorithm
After training of 10,000 episodes, a proper DDPG agent
was selected as a control algorithm for the STMD.
Uncontrolled
TMD
Smart TMD

40
20
0
-20
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Figure 3. Displacement time histories

6. References
Kim, H. S. and Kang, J. W. (2017) “Vibration control of
smart TMD for retractable-roof spatial structure
considering closed and open roof condition”,
International Journal of Steel Structures, 17(4), pp.
1537-1548.
Timothy, P. L., Jonathan, J. H., Alexander, P., Nicolas, H.,
Tom E., Yuval T., David S. and Daan, W. (2016).
“Continuous control with deep reinforcement
learning.” 4th International Conference on Learning
Representations.

Uncontrolled
TMD
Smart TMD

20
10
0
-10
-20
0

10

20

30

Time (sec)

Figure 4. Acceleration time histories

537

[Poster]

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

Structural Characteristics of Partial Pre-Casted Concrete Coupled Girder (PP-CPG)
Yom Kyong Soo1, and Kim Sun Hee2*
1

CTO, ACT Partner, Seoul Korea, yks100nav@naver.com
Manager (Ph.D), ACT (Advanced Construction Technology) Partner Institute of new Technology, Seoul Korea
actpartner@daum.net

2*

Abstract
Typical construction methods applied to construction sites are PC(Precast Concrete) and Reinforced Concrete (RC).
However, due to the shortcomings of the two methods, there are limitations of field application. As a result, we propose a
reasonable new method of construction. The construction method is called "Partial Precast Couple Girder" (PP-CPG).
The proposed new method for long span structures is expected to improve economic feasibility and constructability. The
stress transfer mechanism has a natural advantage, and even if the column width is large, it can have flexibility by both
steel plates. Therefore, in this study, we constructed girders and Connections with partial concrete. To analyze structural
properties and behavior, we conduct experiments with Main boundary conditions as variables.
Keywords: Composite Girder, Bending test, Plastic Moment, Partial Pre-Casted Concrete, Construction load
estimation of construction period. And since the
connection detail is providing continuous condition,
deflection occurred at casting stage can be minor issue.

1. Background & Purpose

RC(Reinforced Concrete) and PC(Precast Concrete)are
the most common construction methods for construction
sites. For RC structures, joint details are very complicated.
It is also disadvantageous to secure quality because the
construction process is long. Meanwhile, in the case of PC
structure, quality can be secured by factory production,
but the weight of the quantity is very burdensome. And
there is a high-risk factor for construction site accidents
due to the simple support connection condition. Therefore,
we would like to propose a new construction method to
overcome the mentioned problems. This method is
comprised with two channels which is assembled in the
shop by partially precast about 1/4 concrete. In the
process of partial pre casting, bottom rebar and stirrup bar
could be preset in between two channels. As a result, it is
possible to minimize field work and improve
constructability, thereby securing economic feasibility.

2. Experiment plan

The proposed bending performance experiment of the
girder is planned to induce bending destruction by
applying a two-point accelerator (300kN hydraulic
actuator) as shown in Figure 1 The total length of the
subject is 6.4 m (6 m instantaneous) and LVDT is installed
at the bottom to determine deflection and displacement,
and the displacement control is planned at 5 mm/min
speed. The main variable in the experiment is the depth of
the PC concrete block (1/3, 2/3, Full).

(a) 1/3(200mm)

(b) 2/3(400mm)

(a)
(b)
Figure 1. PP-CPG Concept
The joint details are simple bolting type onto the bracket
to avoid field welding. Partial Precast Concrete block can
remove the use of formwork and Provide more stiffness
enabling erection work with no scaffolding. Simple
bracket type connection of this method is favorable in

(C) Full Model
(d) Placement
Figure 2. Detail of Specimens
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It was analyzed that the overall girder depth including slab
can be reduced by about 60mm. Partial PC couple girder
method can be changed in detail according to field
boundary conditions. It consists of components that can
actively cope with problems that arise in the field. It is
expected that applicability will be greatly expanded
because it can be easily designed with a reasonable
structural system and meets the field conditions in basic
concepts. Reduction in construction period is expected
due to increase in daily installation by the reduction of the
lifting load. Economic indicators can be increased more
when indirect costs are reflected.

Fig 3. Boundary Condition
3. Prediction of Strength and Summary

The steel is SM355 and the rebar is SHD500. The
compressive strength of concrete is 24MPa. The moment
capacity and effective stiffness calculated by the plastic
stress distribution method are arranged in Table 1.
Through this experiment, we will evaluate whether the
design load is structurally safe during construction. We
also want to analyze the composite effects of concrete
block depth as a variable and the behavior after yield.
Moment of inertia, including concrete and steel plates,
was reviewed. In contrast to the full model (with slab), the
concrete block-filled experiment showed a value of about
10%. The value for moment of inertia for each material is
calculated. As a result, for a Full Model, steel and re-bar
accounts for only 3%. On the other hand, steel, and rebar
account for about 15% of the subjects filled with 1/3 of
the concrete block. This, in turn, demonstrates the
potential for economical design, and reduces the use of
steel.
Case
1/3
2/3
Full

Table 2. Construction method comparison
Original Method
(PC Method)

Width 1,100 × Girder
Depth including Slab thk.
1,250
Slab: Rib Plus Slab
(Common condition)

Table 1. Prediction of Strength
Mn
I eff (x10 6 , mm 4 )
(kN-m)
Steel
Concrete
Re-bar
1,238
765
5,614
98
(0.12)
(0.87)
(0.02)
1,342
1,441
21,159
185
(0.06)
(0.93)
(0.01)
2,573
4,505
150,562
578
(0.03)
(0.97)
(0.00)

Proposed Method
(Partial PC Couple Composite
Girder)

Width 1,020 × Girder Depth
including Slab thk. 1,190
(▼60㎜)
Slab: Rib Plus Slab
(Common condition)
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4. Economic Analysis

Economic feasibility was assessed when designed with
the proposed method (PP-CPG). The module size is 11m
×11m and Live Load is 23 kN/㎡.

Fig 4. 11m × 11m Module
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Abstract
It has been long recognized that seismic isolation is effective in minimizing the damage of regular superstructures when
they are subjected to strong ground motion. Structures with horizontal irregularities resulting from various architectural
requirements can be seismically vulnerable since additional rotations together with direct translations are imposed to them.
Base isolation systems have been increasingly implemented into such structures with horizontal irregularities due to mass,
stiffness, and strength eccentricities. This paper analytically investigates the effects of horizontal irregularities of
superstructures on the seismic response of their isolation systems. To address this, isolation systems supporting
superstructures with torsional irregularities, reentrant corners, diaphragm discontinuity, and the combination were
selected as example structures and were designed according to the current seismic design code. The analysis models for
the example structures were constructed using three-dimensional lumped masses connected with nonlinear hysteretic
spring elements which can capture the hysteretic behavior of isolators and structural members of the superstructure.
Nonlinear time-history analysis was performed for the parametric study with various degrees of horizontal irregularities.
Analysis results show that seismic responses of horizontally irregular isolated buildings are amplified up to 1.3 times
compared to those of regular isolated buildings and isolators with larger deformation capacities may be required to
accommodate such increased demands.
Keywords: Seismically isolated structures, Horizontal irregularity, Seismic responses, Deformation demand
1. Introduction
Base isolation systems have been increasingly
implemented into structures resulting in horizontal
irregularities. Due to various causes of irregularity,
additional rotations of isolated structures are expected and
amplify the seismic demands on the isolation systems.
This paper analytically evaluates the effects of horizontal
irregularities of superstructures on the seismic responses
of isolation systems.
2. Evaluation of horizontal irregularities on seismic
responses of isolated structures
2.1 Description of case study structures
A 3-story building is selected as an example
superstructure as shown in Figure 1. The superstructure is
configured with 21m by 21m in plan, with story heights of
3.5m and bays equally spacing 7m in each direction. The
lateral-load-carrying system is assumed to be
intermediate RC moment-resisting frames. Seismic
design parameters including the response modification
factor, R, over-strength factor, Ω0, displacement
amplification factor, Cd, and important factor, I are
summarized in Table 1 (ASCE, 2016). The maximum
considered earthquake (MCE) design spectrum of the
structure is characterized by a design spectrum with
parameters, SS=1.5g for short period and S1=0.6g for 1-s
period. The distributions of isolators are shown in Figure
1. The exposure category C and the basic wind speed of
40m/sec are used for the calculation of design wind loads.

Figure 1. Plan and elevation of example structures
Table 1. Seismic design parameters of example structures
R
Ω0
Cd
I
RI
Site class
5
3
4.5
1.0 1.875
C
was used for evaluating seismic responses of the example
structures. The analysis models for the example structures
were constructed using three-dimensional lumped masses
connected with nonlinear hysteretic spring elements
which can capture the hysteretic behavior of isolators and
structural members of the superstructure.
In this paper, isolation systems supporting the
superstructure with torsional irregularities, reentrant
corners and diaphragm discontinuity are selected as
presented in Figure 2. Each irregularity is defined as
irregularity parameters which are classified into four. To
simulate the torsional irregularity, a torsional irregularity
parameter, eT is determined by changing locations of the

2.2 Analysis model
A commercial computer software, PERFORM 3D (2006)
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(a) Torsional irregularity, eT

(b) Reentrant corner irregularity, eR

(c) Diaphragm discontinuity irregularity, eT
Figure 2. Classification of horizontal irregularities
center of mass (CMs) in the superstructure while the
center of stiffness (CSi) in the isolation system matches
with centroid of the plan. The reentrant corner irregularity
is defined with a parameter, eR which is the ratio between
plan projection of the superstructure beyond a reentrant
corner and the plan dimension of the superstructure in the
given direction. The diaphragm discontinuity irregularity
is finally defined with a parameter, eD which is a ratio
between a cutoff or open area and gross enclosed
diaphragm area.
A series of nonlinear time-history analyses was carried
out using 40 recorded ground motions. The records were
scaled to reflect the seismic intensity of a building site
(Shin and Kim, 2019). To investigate the effects of
horizontal irregularities on seismic responses,
bi-directional excitation was conducted.

Figure 3. Normalized seismic responses of isolated
structures according to horizontal irregularities
3. Conclusions
This paper makes an effort to analytically evaluate the
effects of horizontal irregularities on seismic responses of
isolated structures. Analysis results show that seismic
responses of horizontally irregular isolated buildings can
be amplified compared to those of regular isolated
buildings. For such isolated structures, isolators with
larger deformation capacities may be required to
accommodate such increased demands.

2.3 Results of nonlinear time-history analysis
Figure 3 summarizes the parametric analysis results with
various degree of horizontal irregularities. To evaluate the
effects of horizontal irregularities, displacement of
isolation systems and acceleration responses of
superstructures are investigated. Of three categorized
irregularities, torsional irregularity is most influential on
the amplification of seismic responses. The eccentricity
between the CSi of isolation systems and CMs in the
superstructures causes rotational responses of
superstructures, hence the increased displacement up to
1.3 times compared to the regular isolated structure is
measured at the isolators located at the corner of plane.
The reentrant corner irregularity and diaphragm
discontinuity irregularity have marginal effects on the
responses of isolation system. Those two irregularities
mainly result in amplifications of acceleration responses
of superstructures since they can change the stiffness
characteristics of the superstructures
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Abstract
To resist the dynamic action of strong earthquakes, building structures should have enough capacities to dissipate energy
and avoid severe damage. Therefore, designs that exhibit sufficient seismic performance by using energy dissipating
devices in buildings for structural control are increasing very much. Structural control provides a safe and effective way to
enhance the aseismic capacity of structures. Structural seismic control is to change or adjust the dynamic characteristic or
dynamic action by installing devices.
In this study, a new type of low yield point steel HSA80 is applied to the variable cross-section steel rod dampers (V-SRD).
To investigate the seismic behavior of the dampers, reversed cyclic loading tests are conducted to specimens, with the
loading conditions and dimension parameters as test variables. Conspicuous deformation capacity is observed in the
condition of cyclic deformation under both amplitudes loading. Secondly, a cyclic loading test was conducted on a
two-story RC frame that was retrofitted by the proposed damper system. It was confirmed that the RC frame reinforced
with the proposed damper system significantly improved the initial stiffness, maximum strength and energy dissipation
capacity compared to the non-reinforced frame.
Keywords: Low yield point steel, Steel rod damper, deformation capacity, RC frame
The tensile strength is 200~300MPa, the yield ratio is less
than 50%, the elongation is more than 50%, and the CVN
value is guaranteed to be more than 0℃ 100J, the world's
highest level, and the production thickness is 12~40mm.
HSA80 exhibits mechanical performance equal to or
higher than that of Japanese and Chinese resistance
double point steels.

1. Introduction
Recently, in Korea, high-performance low yield point
steel HSA80, has been developed for seismic damper. The
material in the low yield point damper is different from
the normal steel in traditional steel structures, its yield
strength is low, plastic deformation may occur under
small strain, it has sufficient ductility and bearing capacity,
and the low cycle fatigue performance is superior. Hence,
one of the key technologies of low yield point steel
damper production is to select the metal with lower yield
strength and larger extensibility.
In this study, a new type of low yield point steel HSA80 is
applied to the V-SRD. First, test was conducted to
evaluate the deformation capacity of this damper, and
after that, a cyclic test was conducted on a two-story RC
frame system in which this damper was inserted.
2. Test of steel rod damper
2.1 HSA80 steel for seismic damper
The type of steel produced by the damper is a factor that
directly affects the plastic deformation capacity and
energy absorption capacity of the steel damper. The steel
rod damper introduced in this article was manufactured by
selecting a steel type that can secure plastic deformation
capacity and energy absorption capacity as much as
possible.
HSA80 is an abbreviation of „High Performance Steel for
Architecture‟, and guarantees the upper and lower limit of
yield strength as 80~120MPa, and the lower limit of yield
strength, 80MPa, is indicated in the steel class name in the
same way as the steel class name rule stipulated by KS.

Materials
LYP100, JFE
HSA80, POSCO
SS275, KS

F y [MPa]
80~120
80~120
≥275

F u [MPa]
200~300
200~300
410~550

YR
≤60
≤50
-

EL
≥50
≥50

vE0

[J]
≥27
≥100

Figure 1. Material test result and characteristics
When HSA80 is applied to a damper, it is designed with a
wider cross-sectional area due to a lower yield strength
than SS275, which means that it has a higher rigidity than
a damper with the same design strength. Since the damper
absorbs damage to the main structural members through
plastic behavior after yielding, the damper designed with
high rigidity can yield early and effectively control the
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damage to the main structural members. In addition,
applying a steel grade with a low yield ratio to the damper
increases the margin until reaching the tensile strength
after yielding, which means that even if the damper yields
early due to its large stiffness and low yield, it can stably
perform ductile behavior even in large deformation.

generated. The proof strength error at the origin was
-7.83~2.87%, the proof strength error at the maximum
displacement was -7.84~5.09%, and the hysteresis energy
was -4.70~2.80%, which satisfies the requirements of the
seismic design standard of the building. Cracks and
damage were not confirmed until the end of the loading.
In the specimen 2, the maximum shear force of 73.68kN
occurred at 76mm step, and after that, due to significant
horizontal displacement, the yield decreased, but when
reaching the maximum displacement of 120mm, 61.51kN
was maintained. At the end of the test, the diameter of the
damper was reduced from the initial section because of
the tensile direction load due to large horizontal
displacement, and the shape of the necking was confirmed
in the part where the section was severely reduced.
Although some cracks were found in the necking part, it is
a crack that exhibits extremely ductile fracture, which is
analyzed by the influence of the high elongation of
HSA80 steel (Figure 5).

2.2 Test program
The shape of the steel bar damper specimen is shown in
Figure 2. It was designed with a maximum diameter of
28mm at the end and a total length of 180mm, and the
diameter-length ratio, which is related to the deformation
capacity of the steel bar damper, was designed to be
0.155.
Refer to KDS 41 17 00 Seismic Design Standards for
Buildings, In the test of the damping device, it is
stipulated to configure the loading force step at 1/3, 2/3,
3/3 of the maximum displacement expected by the test
method of the damping device against earthquake loads.
The target maximum displacement of this damper was set
to 45mm. In addition, to verify the hysteresis behavior and
seismic performance of the damper, it was gradually
amplified at intervals of 4 mm, and the load was
performed until the proof strength decreased to less than
70% of the maximum proof strength generated during the
test (Figure 3).

Specimen 1
Specimen 2
Figure 4. Damper test results

Figure 2. Test specimen
Specimen 1
Specimen 2
Figure 5. Failure mode of specimens
3. Test of RC frame
In the case of the unreinforced frame, a school building
built before the 1980s was assumed, and the concrete
moment frame was decided without applying seismic
details. The total height of the specimen was planned to be
7,300mm and the width of 3,550mm. The actual span of
the target school building is about 4,500mm as the center
span, but the size was reduced a little due to limitations
due to the manufacture and movement of the specimen.
For RC frame reinforced with V-SRD, the shape of the
reinforcement system is a column stud type, and a V-SRD
is installed in the middle of the column stud. The
reinforcement system was installed by attaching the
anchor to the beam side of the RC frame.
The actuator for loading was installed at the top, and the
load was applied by displacement control. Figure 6 shows
the installation situation of the specimen. Two actuators
were installed, and the axial force was applied vertically,
and the horizontal force was designed to be repeatedly
applied according to the force protocol. For the loading

KDS41 17 00
Incremental displacement
Figure 3. Loading protocol
2.3 Test result of V-SRD
In KDS 41 17 00, in the seismic load test of the
displacement dependent damping device, the maximum
and minimum load at the displacement origin for each
displacement step is within 15% of the average value
calculated from all repeated loads, and the load at the
maximum displacement is calculated from all repeated
loads. It is required that the hysteresis curve area be
formed within 15% of the average value and within 15%
of the average value calculated from all repeated loads.
Damper test curves were shown in Figure 4.
The specimen 1 exhibited stable hysteresis behavior
without loss of strength and visible damage until the end
of the experiment, and shear force of up to 68.65kN was
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protocol, refer to ACI 374.01-05 as shown in Fig. It was
applied up to 0.25%, 0.375%, 0.5%, 0.75% and 1.0%, and
after that, 3 cycles were performed for each step,
increasing by 0.5% interstory drift. In addition, in order to
take into account the axial force of the column of the
existing building, an actuator installed vertically above
the column was applied by setting about 10% of the axial
force of the column.

increased 2.1 times, 3 times and 5.1 times, respectively,
compared to the parent reinforced specimen.
This result can be predicted that the structure reinforced
with the proposed system generates a small inter-story
drift based on the larger energy dissipation compared to
the existing unreinforced structure when an earthquake
occurs, and ultimately, the damage can be minimized.
4. Conclusions
This study conducted an experiment on the damper
element using low yield point steel HSA80 and the
seismic performance of the RC frame to which this
damper element was applied and examined the results.
The experimental results showed that V-SRD (variable
cross-section steel rod damper) made of HSA80 steel
exhibited a very stable hysteresis behavior and a large
energy dissipation capacity.
In addition, it was confirmed that the RC frame specimen
reinforced with V-SRD has excellent strength, stiffness,
and energy dissipation capacity compared to the
unreinforced specimen, and an eco-friendly reinforcement
system by reducing the cost of reinforcement by reducing
the damage in case of earthquake and at the same time
reducing construction waste.

Figure 6. Test setup of RC frame reinforced with V-SRD
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Abstract
As aging infrastructures increase and construction manpower decreases, interests in structural health monitoring
automation have been increased. The damages on the surface of concrete structures such as crack, delamination, and rebar
exposure, are some of the most important indicators that can be used to estimate the condition of the structure. In this
paper, a deep learning-based damage detection and quantification system using structured light and a depth camera are
proposed. The proposed monitoring system consists of four lasers and a depth camera. The laser beams are projected to
the surface of the structure, and the camera captures an image of the structure while measuring the distance. The captured
image is corrected by calculating the image homography if the structure and the sensing system are not in parallel. Faster
RCNN using Inception Resnet v2 architecture was used to detect three types of surface damage: crack, delamination, and
rebar exposure. The detected damage is quantified by calculating the position of the projected laser beam with the
measured distance. The experimental results verify that the detector's F1 score is found to be 0.83, and the median of the
relative errors in quantification is less than 5%.
Keywords: Damage detection, Quantification, Deep learning, Structured light, Depth camera
transfer learning technique that uses a previously trained
model with the COCO dataset. For learning, a dataset was
constructed by collecting 1,000 crack, 1,410 delamination,
and 292 exposed rebar images in onsite and online. Of the
constructed data sets, 80% was used for model building
training, and the remaining 20% was used for model
performance verification. The accuracy of the detection is
found to be 0.76. The F1 score, the harmonic mean of
recall and precision, was 0.83.

1. Introduction
Due to the decrease in labor and the increase in aging
structures, various studies have been carried out to
automate a visual inspection for the structural health
monitoring. A visual inspection is one of the important
elements that provides essential data for structural
stability and usability evaluation. Visual inspection
techniques have advantages of being able to detect and
quantify damage on a consistent and reliable standard and
being applicable to various platforms.
With the rapid development of computer vision and
camera hardware technology, research on vision sensor
based visual inspection technology is being actively
conducted (Jahanshahi et al., 2009; Nishikawa et al.,
2012). As deep learning method has been applied to civil
engineering, related research has been actively studied
(Cha et al., 2017; Kim et al. 2018; Park et al. 2020). In this
paper, structured lights and a depth camera were used to
improve the quantification accuracy of the detected
damage. The performance of the proposed system is
verified by using various types of the structural damages.

2.2. Damage Quantification
By using the pattern of the laser beams constituting the
structured light, the detected object in pixel coordinates
can be converted into world coordinates (Bang et al.,
2021). In order to increase the accuracy of the conversion,
a calibration of the positions of the laser beams has been
conducted. In most cases, lasers are not perfectly
projected in parallel due to installation and manufacturing
errors. In this paper, therefore, the jig module and the
extended Kalman filter were used to correct the positions
of the projected laser beams according to the distance.
Depending on the type of damage, additional image
processing was used to perform pixel-level quantification.
In the case of cracks, the straight-line distance between
the starting point and the ending point of the contour was
defined as the length. In the case of thickness, the
direction of crack progress was determined by
considering the width and length ratio of the bounding
box. At all points in the crack progress direction, the
number of pixels between the two contours of the crack
was counted and the maximum value was defined as the
maximum crack thickness. In the case of delamination or
rebar exposure, the contour of the damage was extracted
using the difference in brightness and the area was

2. Damage Detection and Quantification
2.1. Damage Detection
With the advances of convolutional neural network
(CNN), research on applying deep learning to civil
engineering has been actively conducted. In this paper, a
deep learning model that detects surface damage of
concrete structures was constructed using a Faster
Region-based Convolutional Neural Network (Faster
RCNN). Inception Resnet v2 was used as CNN structure
to extract image features from the front of Faster RCNN.
The efficiency of learning was improved by using a
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calculated. The quantification results of the defined pixel
unit were converted into world coordinates using the
position of the laser beam in the image.

Rebar
exposure area

3. Experiments
To verify the proposed system for detecting and
quantifying the surface damages on the concrete
structures, experiments were conducted using structured
light and a depth camera. For the experiment, an
LDD532-10-5 laser (Laserlab, Ltd.) and a RealSense
D435i depth camera (Intel) were used. Using a jig module
designed to calculate the rotation angles of the lasers, the
positions of the projected laser beams according to the
distance were calibrated. Since the Z axis can be fixed at a
constant, the angles for the X and Y axes were estimated.
The rotation angles of the X and Y axes generated by the
four lasers were [−0.47, 0.12], [−0.07, 1.04], [0.39, 0.86],
and [0.73, 0.14], respectively. The characteristics of the
Realsense D435i sensor were analyzed to increase the
accuracy of the measured distance.
To verify the quantification performance of the proposed
system, 6 crack images, 8 delamination images, 7 rebar
exposure images, and 4 images with multiple damages
were used. In order to evaluate the distortion correction
performance according to the angle when the camera and
the structure are not parallel, the inclination angle of the
image was set to 0 degrees, 5 degrees, and 10 degrees, and
a dataset for the experiment was constructed. The actual
thickness and length of the cracks were measured using
SC-10 and SC-20 crack scales (Sincon Co., Bucheon,
Korea). The actual area of delamination and rebar
exposure was measured by converting the pixel unit and
mm unit using the square marker (Kim et al. 2018).
Since the size and unit are different for each type of
damage, the relative error was calculated to verify the
performance of the proposed system. The statistics of the
experimental results using 75 images with inclination
angles of 0, 5, and 10 degrees are shown in Table 1. The
median of the relative error values of crack’s thickness
and length were 4.87% and 0.83%, respectively. The
medians of the relative errors on delamination and rebar
exposure are found to be less than 1.35% and 0.79%,
respectively.

Crack
thickness
Crack length
Delamination
area

Slope (°)

Min

Max

Median

0
5
10
0
5
10
0
5

1.27
2.24
1.22
0.03
0.16
0.15
0.38
0.09

10.09
11.46
16.25
4.09
3.89
5.69
1.59
3.02

2.85
4.35
4.87
0.83
0.71
0.78
1.01
0.77

0.39
0.15
0.05
0.28

2.28
1.09
3.87
4.73

1.35
0.40
0.55
0.79

4. Conclusions
In this paper, the system for evaluating damages on the
surface of structures using structured light and a depth
camera is proposed. Faster RCNN model was used as the
damage detector based on deep learning, and Inception
Resnet v2 was used as the CNN architecture in front of the
model for image feature extraction.
The detected damage was quantified using a structured
light and a depth camera. The laser beams are projected on
the surface of the structures, and they are captured by a
depth camera. Since the initial inclination angles of the
lasers are calibrated by using a jig module, the laser beams
are calibrated. The quantification was performed based on
the position of the laser beam considering the corrected
image and the initial inclination angles of the lasers. As a
result of experimental test, structural damage such as
cracks, delamination, and rebar exposure, could be
detected and quantified with medians of the relative errors
with less than 5%.
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Abstract
This paper highlights the enhanced resilient performance for steel structures with visco-plastic damper through numerical
simulation of buildings’ response. The visco-plastic brace damper (VPBD) is one of the hybrid damper systems combined
with the visco-elastic damper in a series connected with a friction element. Each damper compensates for the
shortcomings of the other damper and maximizes the benefits as well. The simulation analysis result for a 40 story
building with a visco-plastic damper shows that the visco-plastic brace is an up-and-coming system that can control drifts
and plastic deformations in structural members. It can effectively exert to achieve advanced seismic performance.
Moreover, its novel configuration provides a mechanism to control peak forces in the structure. This leads to lower peak
absolute floor accelerations and velocities. Overall, the results suggest that the visco-plastic brace is an excellent
device/technology for performance-based seismic design of structures as it has the potential to reduce structural and
non-structural damage simultaneously.
Keywords: VPD, Visco-elastic, Visco-plastic, Seismic, Earthquake
medium size-vibration due to wind, to vibrations as strong
as those caused by earthquakes. Unlike the other types of
damper, it is not only affordable; it also has superior field
applicability. It can perform hybrid actions with the
advantages of both visco-elastic dampers and steel
dampers. Charney and Ibrahim (2004) were the first to
introduce the concept of a visco-plastic damper, which is
composed of steel and viscoelastic substances. The device
is shaped by two steel plates stuck to both sides with
visco-elastic materials inserted between them. As noted
by Charney and Ibrahim (2004), the behaviour procedures
of this device can be summarised into three steps. First, at
the normal stage, this device acts against the wind and
diminishes the vibration from small and moderate
earthquakes and shows the visco-elastic hysteretic loop. If
a strong earthquake is induced into a building and, in case
the steel damper is yielding, the damper system will show
the steel damper action where the earthquake energy can
be dissipated with hysteretic plastic deformation.

1. Introduction
Increasingly, a large number of new and existing tall
buildings are required to improve their resilient
performance against strong winds and earthquakes to
minimise direct as well as indirect damages to society.
Those advent stationary functions of tall building
structures in metropolitan regions can be severely
hazardous, in socio-economic terms, which also increase
the requirement of advanced seismic performance. In
order to achieve these progressive requirements, the
seismic reinforcement for a number of old, conventional
buildings has become enormously costly. In recent days,
however, many researchers have come up with various
approaches, such as performance-based design to evaluate
more accurately and in greater detail, the seismic
performance of a building. The methods of increasing the
buildings’ resilience against wind or earthquake loads
have also become more advanced. Up to now, vibration
control devices, such as the passive damper system, are
still regarded as an effective and easy-to-install option, in
improving seismic resilience of buildings at affordable
prices. In fact, its effectiveness on seismic retrofit of
buildings has already been validated by several studies
(Ooki et al., 2004; Kallavasilis, 2012; Hagedorn, 2014).

3. Prototype building and model description
3.1 Prototype model and description
Figure 1 shows the prototype building elevation and
structural plan. Member size is referred from the paper of
Hutt et al. (2015). The interior 2D frame (red-dot
rectangular in Figure 1 right) is considered as a prototype
model because the gravity-distributed area is larger than
other frames. As seen from the plan, its width is 6.1 m (in
X and Y-directions). The typical height of each storey is
3.8 m and 6.1 m on the first floor. Gravity loads are
resisted by all columns according to the tributary area of
each column, and four-bay frames as described in Figure 1

2. Visco-plastic brace damper (VPBD) system
This paper shall introduce and verify the performance of
the visco-plastic brace damper (VPBD). This VPBD
system is one of the hybrid damper systems, and it is
composed of viscous and metallic or friction damper
according to the types of connection. It can cover an entire
range of size amplitudes of vibrations, from small and
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sustain the lateral loads for X-direction. Moreover, since
the archetype building is symmetric, eccentric effects
caused by reason of difference between the centre of mass
and the centre of rigidity do not affect the behaviour of the
building.

stiffness) is used equal to 10 following two criteria of
Chopra et al. (2003). The typical α value range is 5<α<10,
especially 10 is recommended by Kasai et al. (2008).
(Step 3) According to Equation (1), the combination of
damping coefficient values is varied to satisfy the same
equivalent damping. However, it is recommended that it
be proportional to the stiffness of the total frame as Ci =
εKo (Christopoulos and Filiatrault, 2006). If the equivalent
damping is used proportionally to the stiffness of frame, it
can be more economical; thereby saving in practical terms
by matching the damping for the requirement of the force.
 eq

Ci (i  i 1 ) 2
T1 
i


4
 mi  i 2

(1)

i

When it comes to the design of visco-elastic, aside from
the α factor, β factor (Kd/Kf) which is represented as the
stiffness of the visco-elastic damper introduced. At that
time, the visco-elastic damper does not need as much as
damping with viscous damper since it has a stiffness of
the damper.
3.3. Optimization procedure of visco-plastic damper
The critical issue of the optimization of the visco-plastic
damper is firstly finding the maximum in the right manner,
such as a pushover analysis, because optimization of the
damper is finding a point by gradually reducing the
damper force after exerting the full capacity of the
visco-elastic damper. The visco-plastic damper consists of
the visco-elastic damper in series connected with a
yielding (or friction) element shown in Figure 2.
Therefore, as explained above, the practical acting point
of the visco-plastic damper is where the yielding element
is activated. The point where the visco-elastic damper
shows peak capacity can be estimated. The optimization
point can be found by using lambda *peak force of
visco-elastic damper (Figure 2).

Figure 1. Prototype building elevation and structural plan
The material of beam and column members use ASTM
A36 (248 MPa) and ASTM A572 (345 MPa) steel grade,
respectively. Table 1 shows the member size of columns
and beams used in the frame. Design response spectrum Ss
parameter was used as 1.5 and S1 is 0.6. Site class is D and
R value used as 8 and deflection amplification factor (Cd)
used as 5.5. The frame damping ratio is considered as
2.5% inherent damping, which is the same as the paper of
Hutt et al. (2015).
Table 1. Prototype building member section
Column (same as
Storey
Wide beam
exterior column)
Base to 10 (Zone 1) BT-660×660×80* W36 × 282
11 to 20 (Zone 2)
BT-660×660×60* W36 × 194
21 to 30 (Zone 3)
BT-610×610×40* W33 × 169
31 to Roof (Zone 4) BT-610×610×80*
W27 × 84
* Box type: depth × width × thickness
3.2. Simplified design procedures
This procedure is followed by the procedures proposed by
Seo et al. (2014). In this paper, (Step 1) the damping target
ratio is established as total damping 15%, and inherent
damping is assumed identical with Hutt et al. (2015) to be
2.5%. Therefore, equivalent damping is targeted for
12.5%, which is deducted by inherent damping from total
damping (ζtotal = ζequivalent + ζinherent). (Step 2) Reverse
triangular force applies to the un-damped frame to
estimate each storey’s lateral stiffness of the building. The
story stiffness is then calculated by the equation of K =
∑v/Δu. Likewise, the lateral stiffness of the red
rectangular floor can be calculated by dividing the sum of
force by displacement drift value. In addition, α value (the
ratio of brace stiffness to the total storey MRF lateral

Figure 2. Optimization procedure for the visco-plastic
damper
3.2 Analysis model description (OpenSees - MRF frame)
In this study, commercial software SAP2000 and
OpenSees are used for analysis. In the panel zone, twelve
nodes and eight elastic beam-column elements are
strongly connected together, expecting as a role of the
rigid zone to resist the shear force occurred by the
opposite moment between beam and column interaction.
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In addition, each rectangular node uses zero length
elements, and panel zone rotation is considered to reflect
the shear distortions whose model is followed by
modified Ibarra Krawinkler (1999) model. In the beam
spring, the rotation of the beam is conducted in the plastic
hinge at both ends of the beams, which is expressed as a
bilinear backbone curve whose equation is adapted from
the Lignos deterioration model. The cyclic deterioration
of beam strength can be expressed in terms of the
occurrence of beam rotations. Therefore, as rotation
increases, the beam shall experience initial stiffness,
yielding to its maximum strength and then dropping the
moment (Figure 3). For the columns, non-linear
beam-column members are used, considering shear force
placed on each column instead of using column spring.
Strength deterioration is not considered among the
column elements. Also, rayleigh 2.5% damping, which is
identical to the inherent damping, was used in proportion
to the mass and stiffness of the frame.

MRF with visco-elastic damper is different from others.
The initial stiffness and base shear of MRF with
visco-elastic damper are bigger than others. Also, the
result represents that the ductility ability of the MRF with
visco-elastic damper increase compared to others.

Figure 4. Nonlinear static analysis result
4.2 Nonlinear time history analysis result comparison
Three types of modelling (i.e., MRF, MRF with
visco-elastic, and MRF with visco-plastic model) were
used to verify the performance of the damper. 22-set
far-fault seismic records were used, and the scaling
procedure was followed according to the FEMA code
(Figure 5). In order to scale to the design spectrum,
fundamental periods of each modelling were used. The
scaled ground motion record is obtained by
ACCG,scaled = ACCG × α
(2)
where α = Sa,e(T)/Sa(T), ACCG = the ground motion
acceleration in m/sec2, Sa,e(T) = the fundamental period of
the structure, and Sa(T) = the spectral acceleration
corresponding to the fundamental period of the structure.
Figure 6 shows the result of nonlinear time history
analysis (NLTHA).

Figure 3. Beam deterioration model adopted from Seo et al.
(2014)
4. Analysis results
Table 2 shows the design details of each frame. The
fundamental period of the MRF and MRF with viscous
damper (T1) is 5.1 sec. However, the period of the MRF
with visco-elastic or visco-plastic damper (T2) was
reduced since it has a damper stiffness besides the
stiffness of the brace.
Table 2. Design details of 40-storey MRF, MRF with
viscous damper and viscoelastic damper
Frame
T1 or T2
ζtotal
θmax
MRF 40-storey
5.1 sec
2.5
1.27%
(undamped)
MRF with viscous
5.1 sec
15
0.86%
damper
MRF with visco-elastic
or visco-plastic damper
4.3 sec
12
0.86%
(Lambda = 1.0)

Figure 5. Scaling procedure

4.1 Nonlinear static analysis result comparison
The graph described in Figure 4 shows the result of
nonlinear static analysis (pushover) for the 40-storey
undamped MRF, MRF with viscous damper, MRF with
visco-elastic damper, and MRF with visco-plastic damper.
As stated above, there is little difference between MRF
and MRF with viscous damper. However, the result of

Figure 6. NLTHA result comparison
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5. Conclusions
This paper introduced a new practical hybrid damper
called visco-plastic brace and described the simplified
design procedures for the MRF with viscous and MRF
with visco-elastic damper. Also, regarding visco-plastic
damper, the optimization point of the damper is finding by
progressively dropping the maximum damper force of the
visco-elastic damper to display improved seismic retrofit
capability. Additionally, the seismic performance for the
four types of modeling (MRF, MRF with viscous, MRF
with visco-elastic, and MRF with visco-plastic brace) is
compared, and the most interesting finding of this paper
are drawn:
1. According to the result of pushover analysis, there are
no differences between MRF and MRF with viscous
damper since viscous shows the trend of velocity
dependence. However, it indicates that MRF with
visco-elastic shows more increased initial stiffness since
the damper has its stiffness compared to the viscous
damper.
2. MRF with viscous, visco-elastic, and visco-plastic
brace damper could reduce the side sway of the top floor,
story drift, as well as residual drifts dramatically
compared to the MRF, used only.
3. When MRF use together with the visco-plastic brace, it
can control the peak force using lambda factor so that it
expects to prevent the column bucking due to the
unintentionally induced force to the column. In the end, it
results in reduce the total amount of reinforcement cost
such as foundation costs.
4. Another significant finding was that MRF with viscous
shows more superior to reduce the maximum velocity
compared with the result of MRF with visco-elastic
damper because of the velocity dependence of the MRF
with viscous damper.
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Abstract
Several conventional structures are in need of proper design and construction to resist seismic loads without experiencing
a significant amount of damages. Sufficient strength and stiffness of seismic protective devices would eventually reduce
the structural vulnerabilities due to the serious damage under seismic loading. There are variations of structural elements
with adequate ductility and energy dissipating capability, which could be implemented as structural fuses to reduce the
seismic effects, especially for high-rise buildings. For this purpose, dampers are typically used for improving the seismic
energy dissipation, the concentration of the damages in a specific part of the system, proving more ductility, and reducing
the unpredictable high plastic strains within the structures. In this study, the widely used conventional eccentrically braced
systems are considered for further investigations, and the effects of the implementation of the seismic links in multi-story
structures are analyzed for multi-story prototype structures by using verified computational models. Subsequently,
innovative seismic protective dampers consist of several butterfly-shaped shear links with a linearly varying width
between larger ends, and a smaller middle section is introduced. Ultimately, guideline design procedures are developed
for redesigning the conventional eccentrically braced frame (EBF) systems with innovative seismic protective dampers,
and backbone curves are derived and compared accordingly.
Keywords: Lateral Resisting System, Damper, Shear link, Eccentrically braced frame
under earthquakes for designing various high-rise and
low-rise buildings as well as the fortification of the
existing structures. In-plane implementation of the fuses
has been shown to have substantial energy dissipation
capability, ductility, and large distribution of yielding.
To control the drift response of mid-rise buildings inplane fuses have been implemented with similar shapes
compared to butterfly-shaped fuses for the purposes of
desirable energy dissipation and reducing the demands
on the framing members Liu et al. (2015).
These new dampers are able to concentrate the plastic
deformations in structural shear links while the columns
and beams remain almost elastic. In addition, several
studies showed that these fuses are able to undergo 30%
shear angle ratios if the possibility of buckling is
prevented Farzampour and Eatherton (2019b; KehChyuan et al. (1993; Zaker Esteghamati and
Farzampour (2020). Figure 1b shows a typical butterflyshaped shear link, and the general loading condition and
geometrical properties, and the moment demand versus
moment capacity of these links.
Along the same lines, different studies showed that
straight shear links and butterfly-shaped shear links are
capable of controlling the structural response of
multistory buildings under earthquakes, and then be
accessible for replacement purposes Farzampour (2019;
Farzampour and Eatherton (2019b). These links
represent high ductility and stiffness; however, they are
subject to brittle limit states, especially buckling
Farzampour (2019). The structural shear links employed

1. Introduction
Under severe earthquakes, the ductile behavior of the
structural elements allows inelastic drifts leading to the
overall system’s energy dissipation capability
Farzampour and Eatherton (2019a, (2019b; Farzampour
and Yekrangnia (2014; Luth et al. (2008; Mansosuri and
Farzampour (2018). In various structural applications,
shear links could be implemented by strategic material
removal to concentrate the inelasticity and damages in
one part of the structure while the remaining parts are
intact and undamaged Atasever et al. (2018; Farzampour
et al. (2018; Kim et al. (2016; Lee et al. (2016; Paslar et
al. (2020). Along the same lines, a promising type of
structural fuse for use in different structural applications
is butterfly-shaped beams in which the steel web plate
has cutouts inside leaving butterfly-shaped links for
compatible aligning the capacity diagram with the
corresponding demand diagram Castaldo et al. (2016;
Lim and Kim (2017). Figure 1 shows the
implementation and details of the butterfly-shaped beam
in different structural applications.
The reduction of plasticity concentration points at the
critical sharp geometrical areas within the dampers had
raised several issues previously. For this purpose,
several new damper shapes including butterfly-shaped
dampers are proposed recently to avoid significant
concentrations of plasticity within a specific point
Farzampour (2019; Farzampour and Eatherton (2019a,
(2019b). This concept could be implemented as beamcolumn connection protection from significant damages
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in various applications could act as structural fuses since
they are able to yield and limit the demand forces on the
surrounding structural elements. For addressing various
limit state issues, the effect of various geometrical
properties is studied previously to indicate appropriate
design ranges for specific applications Farzampour and
Eatherton (2018; Liu et al. (2015; Whittaker et al.
(1991). It is shown that compared to other types of links,
the butterfly-shaped links are capable of having hinges
far from the sharper areas, full hysteric behavior,
significant buckling resistance, and applicable for
space-constrained areas.

guidelines.

Shear ductile
mechanism

b) Butterfly-shaped fuse

a) Eccentrically Braced
Frame Application

c) Coupled shear wall
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Figure 1. Butterfly-shaped link and applications (a)

2. Data preparation and reduced-order model
establishment for analyzing the EBF structural
systems with BF dampers
The modeling methodology with OpenSees is conducted
by validating the cyclic behavior against the FE model.
A butterfly-shaped beam is established following the
typical conventional EBF system recommended by IBC
IBC (2012) code provisions and redesigned with a set of
flexural dominated links based on the guidelines
provided in this study with a total beam length of 120
cm following previous studies Farzampour (2019). The
geometrical properties of the model are shown in Figure
2, the material model is based on the yielding stress of
250 MPa, modulus of elasticity of 2.0E+5 MPa, and the
strain-hardening ratio of 0.0005.
For verifying the reduced-order model with the FE
model, a cyclic load previously proposed by AISC 34116 for EBF behavior investigations is applied at one end
of the shown beam in Figure 2, while the other end was
fixed. This loading protocol is chosen due to having
similarity in behavior of the EBF system with the
studied butterfly-shaped beam. The studied FE model is
shown in Figure 2 with geometrical details.
Figure 3 shows the schematic illustration of the
Opensees reduced-order model. For this model, the
beams are modeled with element elastic elements, since
the contribution of the upper and lower plates to the
inelastic total inelastic behavior is negligible. The
butterfly-shaped links are established with a
displacement-based beam element (dispBeamColumn)
with distributed plasticity and 5 integration points. The
length of the beam is equal to 120 cm, and the height of
the beam is equal to 40 cm. The Isotropic Strain
Hardening material, Giuffré-Menegotto-Pinto, is
considered with the yielding point of 248 MPa, modulus
of elasticity of 2e5 MPa, and the strain-hardening ratio
is 0.0005.
For verifying the reduced-order models with FEA. The
hysteretic results of the reduced-order model
verification study show that the reduced-order model is
able to capture the cyclic behavior of a typical butterflyshaped beam with more than 98% accuracy.

implementation of a butterfly-shaped fuse in various
applications, (b) the geometrical shapes, and the
loading condition of a typical butterfly-shaped link
In this paper, the detailed guideline on the behavior of
the recently suggested dampers is developed for use in
designing various structural applications. The limit
states governing the ductile and brittle behavior are
determined and the stiffness tuneability is discussed in
detail. Subsequently, FEM models the results of the
developed models are culminated in deriving forcedisplacement behavior for a typical butterfly-shaped
beam and compared with conventional linking beam,
and details are explained with aid of the developed

Figure 2. The schematic representation of the butterflyshaped beam model
3. Design of multi-story structure with structural
shear links based on the design guidelines and
comparisons of the behavior
To investigate the effects and applicability of the
butterfly-shaped shear links on structures, the example
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for the EBF system from SEAOC IBC (2012) is
considered. After designing the new multistory structure
with butterfly-shaped shear links, both systems are
computationally modeled with aid of Opensees software.
In addition to satisfying the equilibrium, and
considering Figure 3, the following equations, Eq. (1)
and Eq. (2) are derived for obtaining the force, related to
the butterfly-shaped link. Eq. (1) could be derived from
the general equilibrium condition of the horizontal beam
at the top of the butterfly-shaped damper, and the Eq. (2)
is derived based on the total equilibrium of the system.

2𝑀
𝑉𝐵𝐹 =
&𝑀
𝐻
𝑉𝐿
=
2
2𝑀 − 𝑉𝐿 + 𝐻𝑉𝐵𝐹
− 𝑉𝐵𝐹 𝐻 = 0

aid of the zero-length element since the shear is
governed according to SEAOC IBC (2012). The zerolength elements are used for y-direction between the link
beam and the point in which the brace and beam are
intersected. The purpose of a zero-length element is to
simulate the shear stiffness of a system; therefore, it
yields when the vertical demand reaches a specified
force. The new models with butterfly-shaped shear
dampers
displacement-based
beam
element
(dispBeamColumn) are considered to simulate the
effects of the damper under the same designed forces.

(1)

4. Conclusions
The strategically shifting toward the ductile mechanism
from buckling and yielding in tension toward local
flexure and shear yielding would enhance the hysteric
behavior and energy dissipation. In this study, the
widely used conventional eccentrically braced systems
are considered for further investigations, and the effects
of the implementation of the seismic links in multi-story
structures are analyzed for multi-story prototype
structures by using verified computational models.
Subsequently, innovative seismic protective dampers
consisting of several innovative shear links with a
linearly varying width between larger ends and a smaller
middle section are introduced. For this purpose,
guideline design procedures are established for
redesigning the conventional EBF systems with
innovative seismic protective dampers, and backbone
curves are derived and compared accordingly.

(2)

Therefore, Eq. (3) could be derived based on the
simplification of the previous equations.
𝑉𝐵𝐹 =

𝑉×𝐻
𝐿

(3)
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Abstract
Cable damper is used for vibration control in mechanical fields such as electronic/mechanical equipment, automobiles,
and construction machinery. In this study, In order to apply cable damper to structures, A cable-slit damper is proposed.
The seismic performance of the cable and cable-slit damper is analyzed by performing the structural performance test.
The proposed cable-slit damper has increased strength and energy dissipation compared to the cable damper, and the
seismic performance increased in the out-of-plane direction compared to the slit damper according to the roll direction
damping effect of the cable damper.
Keywords: Damper system, Steel slit damper, incremental loading test
stainless steel wire bundle with a retainer bar of steel type
SS275. Table 1 is a table showing the specifications of the
steel wire damper specimen. According to the behavioral
mechanism of the steel wire damper, the shear direction
specimen(SO-Shear)
and
the
roll
direction
specimen(RO-Shear) are planned.

1. Introduction
In general, the cable damper is a spiral wound type
between two retainer bars as shown in Figure 1. It is used
for vibration control device in mechanical fields such as
electronic/mechanical equipment, automobiles, and
construction machinery.

Figure 2. Cable damper specimens

Figure 1. Cable damper

2.2 Result of the structural performance test
Figure 3 shows the load-displacement graph of the
incremental loading test of the cable damper

Cable damper has a vibration control in the multiaxial
direction and a damping effect by friction of a steel-wire
bundle, so it can be applied as a damper for buildings as
well as machinery. However, applying an independent
element of the cable damper to the structural member may
have a limit to the seismic performance, and it is
necessary to improve the strength and damping effect for
energy dissipation by combining with the existing steel
elements. Therefore, in this study, a cable-slit damper that
combines a steel wire damper with a slit plate damper was
proposed. The proposed damper has a damping effect on
multiaxial behavior compared to a slit plate damper. And
a plastic hinge behavior mechanism by bending deflection
is applied for capacity of energy dissipation through
friction between steel wires.
In this paper, the seismic performance of the cable
damper and cable-slit damper was analyzed through the
structural performance test.
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0
-50
-100
-150

-200
-150

-100

-50

0

50

100

150

Displacement(mm)

(a) SH-Shear Specimen
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2. Structural performance test of the cable damper
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0
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2.1 Specimens
The seismic performance was analyzed through the
incremental loading test. The cable damper specimen was
manufactured as shown in Figure 2 by combining a
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-50

0
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100

150

Displacement(mm)

(b) RO-Shear Specimen
Figure 3. Load-displacement graph of the specimens

555

The maximum strength to the maximum displacement of
the SH-Shear specimen was 241.01 kN in the positive
force (+). In the case of the RO-Shear specimen, the
maximum strength was 107.09kN in the positive force (+).
The maximum strength of the SH-Shear specimen was
2.25 times greater than that of the RO-Shear specimen.
The maximum displacement before fracture of the
SH-Shear specimen was 119.08mm, which is about 1.2
times greater than the RO-Shear specimen. Both
specimens exhibited stable hysteresis behavior without
reducing the strength to the maximum displacement. The
shape of the hysteresis behavior was a sharp increase in
the effective stiffness, which is the star slope (Stiffness
hardening).
Table 1 shows the accumulated energy dissipation for
each cycle of the cable damper. Both the SH-Shear
specimen and the RO-Shear specimen increased the
amount of energy dissipation as the displacement
increased, and the cumulative energy dissipation was 1.16
times larger than that of the RO-Shear specimen in Table 1.

500
400
300

Load(kN)

200

Cumulative energy dissipation(kN·mm)
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28736.82

-300
-400
-500

Load(kN)

100
0
-100
-200
-300
-400
30

Specimen

Cumulative energy dissipation(kN·mm)

SH-S-Shear

59312.18

RO-S-Shear

52883.52

6. References
https://www.elesa-ganter.com/en/www/Vibration-damping-ele
ments—Wire-rope-vibration-damper—AVC-6, Elesa ganter
product, 2008.
Nicolo Vaiana, Mariacristina Spizzuoco and Giorgio
Serino. (2017). “Wire rope isolators for seismically
base-isolated lightweight structures:Experimental
characterization
and
mathematical
modeling”
Engineering Structures, 140, pp. 498-514

200

20

60

5. Acknowledgments
This research was supported by a grant(21AUDP-B100343-07)
from Architecture & Urban Development Research Program
funded by Ministry of Land, Infrastructure and Transport of
Korea government.

300

10

40

4. Conclusion
As a result of structural performance tests of the steel
wire damper and the cable-slit damper, the maximum
strength and energy dissipation of the cable-slit damper
were increased compared to the cable damper. Although
the maximum strength and energy dissipation capacity of
the shear direction specimen were larger than the roll
direction specimen, the seismic performance increased in
the out-of-plane direction compared to the existing slit
plate damper. Therefore, it is judged that it can have a
damping effect on multi-axis effect when applying the
structure. .

400

0

20

The accumulated energy dissipation of the cable-slit
damper specimens is shown in Table 2. The amount of
accumulated energy dissipation for each cycle of the
SH-S-Shear specimen was 1.12 times larger than that of
the specimen. When comparing with cable damper, the
shear direction specimen and the roll direction specimen
increased 1.77 times and 1.84 times, respectively, due to
the energy dissipation function of the slit plate.

500
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0

Table 2. Cumulative energy dissipation capacity

Figure 5,6 shows the load-displacement graph of the
incremental loading test of the cable-slit damper.

-20

-20

In both SH-S-Shear and RO-S-Shear specimens, the slit
plate was fractured at 7 cycles (31.6mm), but in the
subsequent loading displacement stage, the strength was
increased by the steel wire. Hysteresis behavior was
observed stable without reducing the strength. The
maximum strength of RO-S-Shear specimen was 1.07
times greater than that of SH-S-Shear specimen,

Figure 4. Cable-slit specimens

-30

-40

Figure 6. Load-displacement graph(RO-S-Shear)

3.1 Specimens
In order to analyze the seismic performance of the
cable-slit damper, the shear direction (SH-S-Shear) and
roll direction (RO-S-Shear) specimens were planned as
figure 4 and incremental loading tests were performed
respectively. A slit plate(SS275) was welded to the cable
damper specimen
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3. Structural performance test of the cable-slit damper
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Figure 5. Load-displacement graph(SH-S-Shear)
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Abstract
Modular structures are growing into a promising field in the construction field. However, the error between bolt holes is
one of the biggest drawbacks of a modular structure. If this error keeps occurring, it can weaken the strength of the overall
modular structure and can cause further damage. Therefore, precise measurement of displacement errors is required to
reduce construction errors of modular systems. In this paper, we propose a measurement technique based on vison-based
images. This technology is consist of two units, which are image filming unit and image analysis unit. At image filming
unit, raspberry-pi cameras are used to film. Scaled model specimen was for verifying the image processing algorithm.
Instead of the measuring of bolt holes, black circles were used to measure the distance between black circles. Plus, the
distance between black circle and the edge of a specimen was also measured. As a result, it was judged by the error rate
that can be minimized during construction of a modular system by measuring. An error rate range was up to 3.16%
through this algorithm. By confirming this technique, it aims to minimize errors in the actual construction site.
Keywords: Displacement measurement, Image processing, Circle detection, Modular system
filming unit and image analysis unit. Image filming part
has 4 raspberry-pi cameras and a raspberry-pi module to
measure displacement.

1. Introduction
The modular construction method is a method that
manufactures all members at a factory and assembles
them at the construction site. It can shorten the
construction period so it is the one of the biggest
advantage. However, the disadvantage of the modular
system is that an error occurs during the construction
period, resulting in a decrease the internal strength of the
modular joint (Choi and Kim, 2014). This paper proposed
an image processing algorithm and proposes a method to
minimize errors when constructing a modular system
using Raspberry Pi.
Construction errors can be classified into two types, one
that occurs during transportation and one that occurs
during assembly. Manufacturing errors may inevitably
occur when manufacturing modular members. However,
construction errors can be minimized. In order to
minimize the error, an accurate measuring displacement
method considering the characteristics of the modular
system is required. Also, since it delays the construction
period, it affects the overall construction period.
Therefore, this paper verified to develop an image
processing algorithm capable of accurate displacement
measurement to propose a technique that minimizes the
construction error of the modular construction method.

Figure 1. Concept of measuring displacement of modular
Figure 2 shows the set of scaled experiment for verifying
the algorithm. It also shows the two unit parts. The image
filming unit is equipped with four cameras at the corner of
base plate. The other plate, called Marker, is 200mm away
from the base plate and has 4 black circles at each corner,
instead of the real bolt holes. These holes mean 24mm of
bolt holes where M22 bolts can be fastened at each corner
of modular unit. 4 raspberry-pi cameras were connected
with raspberry-pi module so the captured images of the
circle can be transmitted raspberry-pi module through
wireless communication. Transmitted images are used to
measure the distance by MATLAB. Figure 3 shows the
components of image filming part.

2. Concept of the experiment and algorithm
Figure 1 shows the concept of the measuring
displacement of modular system with the algorithm by
raspberry-pi cameras. Developed algorithm is based on a
method of detecting center of circle by using captured
images. The algorithm is consist of two parts, image
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B3 moved 1mm to the right and B4 moved 1mm to the left
and down simultaneously. The BH-2P was also set by
reducing the corner angles from BH-2 specimen.
Table 1. Reference variations for each specimen
Specimens

BH-0

BH-1

BH-2

d12

Variations
(mm)

BH-2P

210

d23

210

211

212

213

212

d34

210

208

206

204

206

d41

210

209

208

207

208

D12

Figure 2. Image filming unit and test set-up

BH-3

300

D23

300

298

D34

300

298

D41

300

u1x

45

u1y

45

u2x

45

44.7

u2y

45

44

43

42

43

u3x

45

46

47

48

45.3

Figure 3. Scaled model for experiment set

u3y

2.1 Specimens
Figure 4 shows the detail of marker, which is substituted
bolt holes. Utilizing one bolt hole (black circle), distance
between bolts (dij), distance between bolt and edge of
Marker (uix, uiy) and corner angles (θi) were measured.
Utilizing one bolt hole (black circle), distance between
bolts (dij), distance between bolt and edge of Marker (uix,
uiy) and corner angles (θi) were measured.

u4x

45

46

47

48

47

u4y

45

46

47

48

46.7

45

θ1
Variations
( °)

θ2
θ3
θ4

43.3

90
90

89.62
90.76
89.62

2.2 Image processing algorithm
Firstly, a shared folder was created to transmit acquired
images from a raspberry-pi to a computer for analysis in
real time. Afterwards, the four corner images saved in the
shared folder were loaded on MATLAB for analysis and
made scale images grey. The center coordinates of the
circle were extracted and the radius length was obtained
using a circular Hough transducer algorithm (Atherton
and Kerbyson, 1999). The coordinates and radius length is
in mm pixel unit so it needs to be converted into mm unit
for comparison with the actual length. The diameter (mm)
of the black circle is divided by the diameter of the pixel
unit extracted from the image in order to obtain millimeter
per pixel (mm/pixel) in each image. In the following order,
measure the distance between the centers of each of the
four camera lenses and the black circles extracted from
each image as shown in Figure 5. When Xi is measured,
add X0 which is 210mm at initial set. Finally, the distance
(dij) between each bolt hole can be measured.

Figure 4. Scaled model for experiment set
As shown on Table 1, five specimens were set. The
reference specimen is BH-0 which has no variables.
Additional variations are set as the name of specimens go
from BH-0 to BH-3. In BH-1 specimen, B1 keeps its
position, B2 moved downward 1mm. In BH-2 specimen,
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Figure 5. Finding the distance between black circles
Figure 7 showed the error rate of image processing size
(IS) with respect to real size (RS). The variation (uix, uiy)
showed the maximum error rate as 3.16% but the others
was under 1.5%. When measuring perpendicular variation
(θi), its error rate was 0.14%, which was nearly accurate.

Although the distance (dij) between the bolt holes matches
the actual distance, the edge distances (uix, uiy) and the
entire outer frame could be significantly different. The
total length of the frame (Dij) can be obtained by adding
the dij distance and the measured distance (uix, uiy)
between the corner and the bolt hole, except BH-2P.
Because this algorithm can only measure in X or Y
direction. Also, using 4 edge of Marker obtained
previously, an angle (θi) of each corner can be measured.

Error rate (│IS-RS│/ RS, %)

3.50

3. Result of experiment
Figure 7 shows the numerical difference of real size (RS)
and the image processing size (IS). In the case of distance
between the corners of the frame (Dij), its maximum
difference was 2.86mm and it was larger than any other
measured distances. It is because of distortion at camera
lens so the boundary was not extracted clearly. For the
distance between bolts (dij), maximum difference was
0.46mm, which was the minimum error among variations.
In the case of the distance (uix, uiy), maximum error
occurred at B1, which was 1.42 mm but the others error
showed under 0.5mm. It means that the conversion factor
(mm/pixel) could affect the result. The angle at the corner
in frame was 1.41° from the B3 edge (θ3) of the specimen
(BH-2P).
BH-0
BH-1
BH-2
BH-3
BH-2P

2.00
1.00

1.00

0.00

0.00

-1.00

-1.00

-2.00

-2.00

-3.00

1

D
3

1.50
1.00
0.50

0.00

1

d2
(bolt dist.)

D3
(frame dist.)

u4
θ5
6
(edge dist.) (perpendicularity)

Variations
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-3.00
5θ
6
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d2

2.00

4. Conclusion
In this paper, vision-based image processing algorithm
was proposed and verified through the scaled experiment.
Error rates of dij and θi were under 0.5% although the
variation (uix, uiy) was 3.16%. If the distortion of camera
lens is modified, further study will be more accurate than
this me. Also, if this algorithm method adjusts to modular
system construction, construction error rate can be
reduced.

3.00
2.00

2.50

Figure 7. Error rate of variations (IS-RS)

Numerical difference (θ) ( ˚)

Numerical difference (mm)

3.00

BH-0
BH-1
BH-2
BH-3
BH-2P

3.00

u4

Atherton, T. J., Kerbyson, D. J. (1999). “Size invariant
circle detection.” Image and Vision Computing, 17(11),
pp. 795-803
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Figure 6. Numerical difference of variations (IS-RS)
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Abstract
If the strength and stiffness of reinforced concrete (RC) structures decrease due to long-term fire damage, the entire RC
building may collapse. From a structural point of view, buildings with fire damage should be repaired or reinforced, or in
serious cases, replaced. Recently, fires have occurred frequently in domestic buildings, and accordingly, interest in fire
resistance design of buildings has increased. Research on the behavior of fires in general structures focuses on the
performance of the fire in the heating stage. Most of the fire tests in the heating stage are small-scale structural member
tests using a time-temperature fire curve, which has the characteristic that the temperature continues to rise over time.
However, the real-fire curve exhibits a different pattern from the standard fire-curve, and is greatly affected by fire
conditions and locations. In addition, instead of small-scale fire tests, it is not easy considering the specifications, cost,
and risks of experimental equipment to conduct full-scale fire tests, and it is difficult to understand the structure behavior
due to many variables. Therefore, in this study, a 'wall-slab' connections test specimen was produced to understand the
structural behavior in the heating and cooling stages of the real-scale wall-slab connections. A fire scenario according to
the amount of fuel was assumed, and an experiment was conducted using the fire scenario as a variable.
Keywords: Wall-Slab Connection, Fire Test, Structural Test, Large-Scale
to structural problems in simulating real-fires. However, it
is not easy to obtain the specifications or cost of the
experimental equipment for conducting a full-scale
structural fire test, and it is very dangerous. In addition, it
is difficult to understand the behavior of structures due to
many variables such as weather, spalling of concrete, and
ignition of combustibles (wood, oil, etc). In this study, a
full-scale
wall-slab connection specimen was
manufactured as part of the database accumulation and
structural behavior was identified in the heating and
cooling stages. A real-fire was realized using wood
materials, and a „heating-loading experiment‟ was
conducted in which the uniform load was applied using
the weight of a steel plate at the top of the wall-slab.

1. Introduction
Recently, fires frequently occur in domestic buildings,
and interest in fire-resistance design of buildings is
increasing. The study on the behavior of the structure
mainly focused on the performance in the heating stage of
fire. Materials-based fire tests such as steel, reinforcing
bars (rebar) and concrete derived mechanical properties at
high temperatures. In addition, fire tests were mainly
conducted on RC single members. Unlike the material and
member tests in which the fire temperature is uniformly
distributed in all sections, the frame (structural level) test
distributes the temperature non-uniformly. Therefore, the
thermal stress is non-uniformly distributed.
Standard fire tests according to ISO-834 or ASTM E119
fire curves for simulation are always problematic because
single members are tested on unrealistic temperature-time
curves unlike real-fire. Most of the fire tests in the heating
stage are small-scale structural member tests using
time-temperature standard fire curves based on the
prescriptive rules, and the temperature continues to rise
over time. However, the standard fire curve shows a
different aspect from the real-fire curve as shown in Fig. 1,
and is greatly affected by fire conditions and locations. In
real-fire, the temperature increases rapidly based on the
„flahsover‟, whereas the standard fire curve increases the
temperature rapidly from the beginning. In addition, the
actual fire is gradually cooled through the „decay period‟
after heating for a certain period of time, but the standard
fire curve is continuously heated. These differences lead

Figure 1. Comparison of standard and real fire curve

560

2. Connection Characteristics During Heating and
Cooling Stages
When a frame such as a wall-slab is heated or cooled, the
properties of the connection are changed as shown in Fig.
2. When the beam or slab is heated due to fire, the strength
decreases and expands as shown in Fig. 2(a). The heated
beam or slab absorbs the expansion through inelastic
behavior such as local buckling and rapid vertical
displacement because the non-heated surface suppresses
structural behavior due to expansion. When the structure
is cooled in this state, it begins to contract in an inelastic
state and high tensile force is generated at the connection
as shown in Fig. 2(b). This high tensile force leads to
fracture of the connection. In previous studies and
experimental cases, structural behavior tests were mainly
conducted in the heating stage. Representatively, the
„Cardington Test‟ showed that the behavior of the
structure is very important in the cooling stage in the
experiments on large-scale (full-scale) structures.
Therefore, through this study, the behavior of the structure
during the heating and cooling phases can be checked, and
it can be used as basic data for structural impact
evaluation.
Through this study, the following items can be confirmed:
First, the structural performance of the full-scale
connection consisting of wall-slab is confirmed in the
heating and cooling stages. Second, determine the internal
temperature caused by the actual fire. Third, database
accumulation for thermal-structural analysis through
finite element analysis.

Figure 3. Preliminary fire test
The „Ozone‟ program was used to calculate the amount of
wood, and the amount of wood was derived through the
equal area method as shown in Fig. 4. The experiment was
performed a total of 4 times as shown in Table 1, and
heating experiments were performed for 1, 2, and 3 hours
including the preliminary experiment. Table 1 shows the
types and number of specimens according to fire scenario
variables. The amount of wood required for each hour was
derived as 275 kg, 800 kg, and 900 kg. The details of the
specimen and setting of the specimen to confirm the
structural performance in the fire stage of the full-scale
wall-slab joint are shown in Fig. 5. The dimensions and
details of the specimen are shown in Fig. 5(a), and the
experimental equipment is shown in Fig. 5(b). The steel
plate on the slab weighs 10 tons and acts as a live load.
The moisture content of the wood used in the fire test was
unified to less than 10%, and oak was used. For air
circulation, a distance of about 20 cm or more was
maintained from the floor, and an opening was secured.

Figure 4. Calculation of fire area using equal area method
(a) Heating phase
No.

0
1
2
3

(b) Cooling phase

Table 1. Specimen details
Specimens
Fire
Wood
Energy
crib
(kg)
(℃·min)
Pre-test
LS-1
LS-2
LS-3

106,025*
117,406*
137,776*

Heating
Time
(min)

275
800
900

1
1
2
3

*Area equivalent to ASTM E119 1, 2 and 3 hour fire area

Figure 2. Connection properties according to heating and
cooling phases
3. Test Details
To conduct the actual fire test, a preliminary fire test was
performed as shown in Fig. 3. The amount of wood
required for the actual fire test was calculated through
preliminary experiments. Where, about 20 L of kerosene
for initial ignition was used.

(a) Specimen details

(b) Test settings

Figure 5. Wall-slab connection details and settings
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4. Test Results
After the fire test, as shown in Fig. 6, the rebar exposure
and spalling were discovered. The strain rate of the slab
according to the fire time is shown in Figs. 7 to 9
according to the heating time. As a result of the strain
analysis of the LS-1 specimen (Fig. 7), the values of the
upper and lower slab strain gauges increased rapidly at the
maximum temperature of the specimen at 283℃ (about
38 minutes). In the upper part of the slab, tensile force is
generated at the slab-wall connection due to the deflection
of the center part, and the strain rate of STC5 and STE5
gauges increases significantly compared to other gauges
(STE4 gauge is damaged). In the lower part of the slab,
the SBC1, SBC2, SBC3, SBC4, and SBC5 gauges on the
center side of the slab show large strain values due to the
effect of tension. For SBE1, SBE3, and SBC3, there was
no change in strain until 30 minutes from the start of the
experiment, but tensile strain occurred 30 minutes after
reaching the maximum temperature. As a result of strain
analysis of LS-2 specimen (Fig. 8), the values of the upper
and lower slab strain gauges increased in about 30 to 40
minutes. In the upper part of the slab, unlike the LS-1
specimen, the value of the entire gauge increases without
a clear distinction between the gauges by location. STC3,
STC1, STE5 were measured in the order of major strains.
In the lower part of the slab, due to the gauge fire
exposure due to the explosion, the overall strain gauge
value is not constant compared to the LS-1 and damage
occurs. The overall strain value is greater than the upper
gauge value due to the tensile side effect. SBC1, SBE3,
and SBC5 showed no change in strain until 30 minutes
from the start of the experiment, but tensile strain
occurred 30 minutes after reaching the maximum
temperature. As a result of the strain analysis of the LS-3
specimen (Fig. 9), the values of the upper and lower strain
gauges of the slab experienced abrupt deformation at the
points STC4, STE4, STC5, and STE5, which are the
wall-slab joint gauge positions at the top of the slab at
about 43 minutes. When measuring the strain under the
slab, the overall strain gauge value is not constant
compared to the LS-1 and damage occurs due to the gauge
fire exposure due to explosion. Therefore, it is considered
that the damage to the value is larger than that of the strain
gauge at the top of the slab and the loss of the gauge is
large (damage to the SBC2, SBC4, SBE3 gauge). Table 2
summarizes the vertical and horizontal displacements for
each specimen at the highest temperature.

686.61 ℃
7 mm

717.47 ℃
7 mm

-4 mm

-8 mm

-8 mm

(c) Slab rebar exposure

(d) Wall rebar exposure

(a) Upper slab

(b) Lower slab

Figure 7. Time-strain graph according to LS-1 fire test
results

(a) Upper slab

(b) Lower slab

Figure 8. Time-strain graph according to LS-2 fire test
results

(a) Upper slab

horizontal displacement accreting to fire time
LS-1
LS-2
LS-3
(80 min)
(160 min) (270 min)
756.37 ℃
0 mm

(b) Fire test

Figure 6. Wall-slab connection fire test results (3 hours)

Table 2. Maximum temperature and vertical and

Max temp.
Vertical
displacement
Horizontal
displacement

(a) Before fire test

(b) Lower slab

Figure 9. Time-strain graph according to LS-3 fire test
results
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5. Conclusions
In this study, a „heating load experiment‟ was conducted
in which a real-scale wall-slab connection specimen was
heated using wood and applied uniformly using a steel
plate on the top of the slab. The following results were
derived through this study.
(1) As a result of calculating the thermal energy of the
ASTM E 119 fire curve according to the fire grade
through the equal area method, the actual fire curve
was predicted and a fire test was conducted.
(2) As a result of conducting a fire test by calculating the
amount of fuel according to thermal energy, the
temperature of LS-1 (275kg) showed a tendency to
decrease gradually. In the case of LS-2 (800kg) and
LS-3 (900kg), the temperature was maintained at
500-600°C.
(3) Vertical displacement had no effect in LS-1, and
vertical displacement of 8 mm occurred in LS-2 and
LS-3.
(4) The horizontal displacement was -4mm in LS-1 and
-8mm in LS-2 and LS-3.
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Abstract
Track irregularity is strictly controlled in low-speed maglev system. Vertical deflection due to vertical temperature
difference is one of the important factors in track irregularity, which should be considered in structural design. In the field
of low-speed maglev, few researches have been developed directly about the measurement of temperature and
corresponding effect. In this paper, the surface temperature and deflection of a steel box girder in the low-speed maglev
experimental line in Shanghai have been measured for around 7 months. Average temperature trend of each surface
obtained by wavelet analysis was highly relevant with local climatic. Three probabilistic models were compared in
analyzing the distribution characteristics of temperature difference between any two points. The results showed that the
weighted sum of the Weibull and Normal distributions was suitable, which was used to analyze vertical temperature
differences. Accordingly, extreme values of vertical temperature differences with a certain return period could be derived
by the acquired models. Finally, the vertical equivalent linear temperature difference was observed to vary linearly with
the monitored vertical surface temperature difference approximately.
Keywords: low-speed maglev, steel box girder, surface temperature difference, probability statistics, equivalent linear
temperature difference
distribution and a Normal distribution; Wang et al (2015)
conducted a temperature difference of the steel truss arch
girder section of the Dashengguan Yangtze River Bridge
monitoring study, showing that the weighting of three
Weibull distribution functions could better describe the
probability characteristics of the samples, and the standard
deviation of temperature was derived by generalized
extreme value distribution theory. Lee et al (2019)
investigated the effect of structural changes on the
temperature behavior of large-span bridge towers using
field measurement data and finite element analysis. Li et
al (2011) studied the modal change pattern of steel box
girders of suspension bridges under the effect of
temperature and pointed out that the structural damage
could be identified based on the daily average modal
frequency. However, few similar researches have been
developed in the field of low-speed maglev, especially for
the field measurement. In this paper, the surface
temperature of a steel box girder between pier 47# and 48#
at Shanghai low-speed maglev experimental line are
monitored, which formed the basis for statistical analysis
of vertical temperature effect.

1. Introduction
The low-speed maglev system has strict requirements on
the track irregularity. The deflection caused by vertical
temperature difference is one of the important causes of
track irregularity. Code for design of low-speed maglev
transit (CJJ/T 262-2017) presents that the allowable value
of vertical deflection in the span of the girder due to
temperature difference is 1/6200 of the calculated span,
which is the main factor to control the girder height and
worth noting in the structural design, but the code does not
specify how to consider the action of temperature
difference.
Researchers around the world have done a lot of research
on the temperature effect of bridge structures under the
action of solar radiation. In the study of measured bridge
temperature data, Lucas et al (2005) decomposed the
bridge temperature action into a deterministic part caused
by seasonal changes and the stochastic part. Combining
the data monitored during three years of the Normandy
Bridge in France, the Weibull distribution was used to
describe the stochastic part of its temperature action. Maes
et al (1992) analyzed the temperature action of a section
of a railway concrete box girder bridge by the extreme
value statistical method, showing that the temperature
difference between any two measurement points follows
the Weibull distribution, and the average temperature
difference, maximum and minimum linear temperature
difference between any two sides follow the Gumbel
distribution. Ding et al (2012) used the measured data of
the Runyang Yangtze River Bridge as the basis, and fitted
the statistical results of the measured temperature
difference using a weighted model with a Weibull

2. Description of field measurement
The structure of the steel box girder is shown in Figure 1.
The vehicle load is transferred from the F-rail down to the
square steel pipe, concrete rail-bearing platform to the
steel box girder. The surface of the steel girder is not
protected by pavement. Variation in stiffness can be
achieved by the removable layer at the bottom of the
girder and the monitoring data at 2.1m height was selected
for the subsequent temperature difference analysis.
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4. Temperature difference probability analysis
The temperature difference samples were obtained by
subtracting the temperature values of any two
measurement points at the same time. Figure 3 shows the
temperature difference time history of North1~Bottom1,
South1~South2.
(a)

Figure 3. Time history of temperature difference
Previous studies have shown that the probabilistic
statistical characteristics of the Weibull distribution
model and the Normal distribution model are close to
those of the measured temperature difference of steel
girders, and weighted sum of them may be better.
Therefore, we intend to fit the surface temperature
difference in the form of weighted multi-probability
density function. By observing the probabilistic
statistical characteristics of the measured data, the
surface temperature difference data was classified into
positive and negative samples. Double Weibull
distribution model, double Normal distribution model
and the weighted sum model of Weibull and Normal
distribution were tried and the best parameter values
were determined by least squares fitting. Figure 4 shows
the temperature difference probability model comparison
process.

(b)
Figure 1. Steel girder structure form diagram
The field temperature measurement points were arranged
on four sides of the steel box girder (span of 25 m) with
three temperature sensors set on each side. The surface
temperature data of the steel girder from 2020.7.30 to
2021.2.20 were monitored with a sampling interval of 15
min.
3. Temperature wavelet decomposition
Average temperature on each side were calculated by the
average measurement value of 3 points at 2:00am,
8:00am, 14:00pm and 20:00pm. 7-layer wavelet
decomposition was made for the monitoring temperature.
The results of the reconstruction of the approximation
layer extracted were compared with the meteorological
average temperature of Shanghai during the same period,
which was shown in Figure 2.

Figure 4. Probability model comparison
It can be seen that the weighted sum model of Weibull
distribution and Normal distribution was the best model
in describing the surface temperature difference of any
two points.
Figure 2. Temperature trend and meteorological average
temperature

5. Vertical surface temperature difference
The spatial distribution characteristics of the
measurement points and the definition of the section
were shown in Figure 5.

The correlation coefficients, root mean square error and
mean deviations of the mean temperature are calculated
respectively. From the analysis results, it can be seen that
the temperature trends of the four sides were highly
correlated with the average meteorological temperature
of Shanghai. The maximum correlation coefficient was
0.99, which occurred on the north side.
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standard value of positive and negative vertical surface
temperature difference can be derived as 29.2°C and 10.2°C respectively.
6. Equivalent linear temperature difference analysis
Actual temperature field along the vertical direction of
steel box girder is nonlinear, which is not convenient in
practical engineering. Equivalent linear temperature
difference was then prompted to ensure the equivalent
deflection by assuming linear distribution along the
vertical direction. It could be derived from the measured
deflection via the following equation for the simply
supported girder:

Figure 5. Schematic layout of measurement points
According to the conclusions obtained in the previous
section, the weighted Weibull distribution and Normal
distribution were adopted to describe the probability
characteristics and the same comparison was carried out.
The comparisons were shown in Figure 6.

𝛥𝑇𝑒𝑞𝑢 =

8 ⋅ ℎ ⋅ 𝛥𝑓𝑡𝑚𝑎𝑥
𝛼 ⋅ 𝐿2

(3)

Where 𝛥𝑇𝑒𝑞𝑢 is the equivalent linear temperature
difference corresponding to the measured deflection
value, h is the girder height, 𝛥𝑓𝑡𝑚𝑎𝑥 is the vertical
deflection value in the span of the steel girder, L is the
girder length, and α is the linear expansion coefficient.
In the field measurement in Shanghai, the deflection of
mid-span was monitored simultaneously. In order to
reduce the influence of complex weather factors such as
rainfall and wind, the temperature and deflection samples
under clear weather for the 2.1m height simply supported
girder are selected. The scatter plot was shown in Figure
7, which show that there was an approximate linear
relationship between the vertical surface temperature
difference and the equivalent linear temperature
difference. Therefore, considering the engineering
applicability, it could be expressed as follows:
𝛥𝑇𝑒𝑞𝑢 = 𝑘 ⋅ 𝛥𝑇0 + 𝑏
(4)
Where 𝛥𝑇0 is the measured vertical surface temperature
difference, and k and b are the unknown coefficients to
be determined. The solution was obtained by least
squares fitting: k = 0.12 and b = -0.16. Considering the
practical need, the upper limit of the fitted curve might
be constructed by adjusting the value of parameter b to
2.62 to cover 100% data points, which was used as the
upper limit shown in Figure 7.

Figure 6. Probabilistic model of vertical positive and
negative temperature difference
The expression was as follows:
𝑔(𝛥𝑇𝑖+ ) = 𝛾1 𝑊(𝛥𝑇𝑖+ , 𝛼1 , 𝛽1 ) + 𝛾2 𝑁(𝛥𝑇𝑖+ , 𝛼2 , 𝛽2 ) (1)
𝑔(𝛥𝑇𝑖− ) = 𝜌1 𝑊(𝛥𝑇𝑖− , 𝜆1 , 𝜇1 ) + 𝜌2 𝑁(𝛥𝑇𝑖− , 𝜆2 , 𝜇2 ) (2)
where 𝛥𝑇𝑖+ is the positive temperature difference
variable and 𝛥𝑇𝑖− is the negative temperature difference
variable, where i takes 1, 2, 3 or aver; 𝑔(𝛥𝑇𝑖∗ ) is the
probability density model of the corresponding
temperature difference, 𝛼𝑖 , 𝜆𝑖 are the shape parameters
of the probability distribution function, 𝛽𝑖 𝜇𝑖 are the size
parameters of the probability distribution function and
satisfy 𝛾1 + 𝛾2 = 1 and 𝜌1 + 𝜌2 = 1；𝛾1 、𝛾2 、𝛼1 、
𝛼2 、𝛽1 、𝛽2 、𝜌1 、𝜌2 、𝜆1 、𝜆2 、𝜇1 、𝜇2 are parameters
to be determined. The results of model parameter fitting
for positive temperature difference were shown in Table
1.
Table 1 Positive temperature difference fitting
parameter estimates
𝛾1

𝛼1

𝛽1

𝛾2

𝛼2

𝛽2

Section 1

0.568

2.531

1.352

0.432

7.366

5.605

Section 2

0.399

2.915

1.316

0.601

8.031

6.010

Section 3

0.377

2.464

1.257

0.623

7.083

5.126

Average

0.330

2.497

1.226

0.670

6.306

4.687

Figure 7. Measured data and fitted curves

In this paper, with reference to the relevant provisions of
the European structural design standard, the
characteristic value of temperature difference with 50year recurrence period was regarded as the standard
value. Combined with the model abovementioned, the

Using the standard values derived in the previous section,
the equivalent temperature difference could be calculated
by equation (4) and then the corresponding deflection
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were derived as 1.96~2.86mm for positive and -0.86~1.76mm for negative, in which the larger value
corresponded to larger coefficient b.

Structural Engineering International, 15(3), 156-165.
Maes, M. A., Dilger, W. H., & Ballyk, P. D. (1992).
Extreme values of thermal loading parameters in
concrete bridges. Canadian Journal of Civil
Engineering, 19(6), 935-946.

7. Conclusions
Field measurements of surface temperature and deflection
of a steel box girder were conducted in Shanghai lowspeed maglev experimental line. Analysis results could be
summarized as follows:
(1) Decomposition of the measured surface temperature
by wavelet analysis could get the temperature trend, which
had strong correlation with the metrological average
temperature of Shanghai.
(2) The surface temperature difference between any two
points could be characterized by a weighted sum model
of Weibull and Normal distributions to describe its
probability density characteristics. Based on the obtained
probability model and corresponding parameters, the
standard value of the vertical surface temperature
difference with 50-year recurrence period could be
derived.
(3) The equivalent linear temperature difference and the
measured vertical surface temperature difference showed
an approximately linear relationship.
(4) Due to the limitations of sample size and test
subjects, the abovementioned analysis was still in the
preliminary stage of exploration. If more measurements
are available in the future, it will help to summarize the
law better, which is important for the structural design of
low-speed maglev steel girders, especially for the
reasonable control of girder height.
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Abstract
Thanks to its simple form and light self-weight, a plate girder is generally regarded as most suitable structure for
pre-fabrication technology in bridge industry. In this study, a new concept for steel plate girder with minimum stiffeners
was developed considering material supply and girder fabrication by DfMA method, design for manufacture and assembly.
When design this type of girder, generally two factors are dominant to determine the cross section - the stress level of
upper flange in the constructability limit state and the deflection of lower flange in the serviceability limit state. Thus if
the stress generated in the flanges in each stage can be reduced, their thickness can be reduced, which leads to weight
reduction of whole girder. In this study, the concept of a prestressed girder with prestressing forces in both flanges, which
are introduced by welding flanges to initially bent web is presented. Then structural analysis was performed to confirm the
shape, stress distribution and structural behavior against static loading. As a result, the developed girder show better
structural performance than regular plate girder in elastic limit, while having similar ultimate flexural strength.
Keywords: Plate girder, Pre-stressed girder, finite element analysis, ultimate flexural strength
excessive stress level on uppermost or bottommost
element of the web. Here those elements should not yield
during 4 point bending stage and have low initial stress as
possible after welding and elastic spring back. If this
resultant initial stress is too high, corresponding elements
would yield first ahead of flange, which means that the
girder cannot reach its expected ultimate strength and fails
due to elastic buckling.

1. Introduction
Generally steel plate girders are regarded to have
competitiveness in that their composition is relatively
simple with low depth which allows enough space below
bridge and also their self-weight is so light that it is
suitable for accelerated bridge construction. In this study,
a new concept of steel plate girder which imposes initial
prestressing force to its body by welding both flanges
while bending load is being applied to web is introduced.
Its stress distribution throughout fabrication process and
structural behavior of the complete product under static
load are predicted by finite element analysis to show the
effectiveness of the presented method.
2. Pre-stressed Plate girder
In order to increase the efficiency of newly developed
girder from the view point of DfMA, design for
manufacture and assembly, it required to minimized small
parts such as stiffener and lateral bracing because they
usually delay manufacturing and construction process of
steel girder. When design this type of girder, generally
two factors are dominant to determine the cross section the stress level of upper flange in the constructability limit
state and the deflection of lower flange in the
serviceability limit state. For example, if the stress
generated on upper flange can be reduced in
constructability limit state design step, a significant
reduction in plate thickness, in other words, weight
lightening can be expected.
Stepwise fabrication procedure to introduce initial
pre-stressing force is schematically illustrated in Figure 1.
Before welding upper and lower flanges, concentrated
loads are applied on two points located at quarter and
3-quarter length of the web plate to make 4 point bending
condition. The loads should be controlled not to result in

Figure 1. Schematic fabrication process of pre-stressed
plate girder
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Once both flanges are weld with web while holding
bending force as shown in the middle of Figure 1, the
loads are now released to occur elastic spring back to
opposite direction of initial bending moment with same
amount. This elastic moment cannot restore the whole
girder to initial straight shape being blocked by flanges.
This mechanism leaves residual tensile and compressive
stresses on upper and lower flanges, respectively. Those
pre-stresses are opposite to the direction of the stress that
would have occurs under a positive moment. So this
method can contribute to lowering the stress and reducing
the deflection against the service load.

Under bending force

3. Analysis on flexural behavior of the developed
girder

Upper : -9.6 Mpa
Lower : 10.2 Mpa

3.1. Model description
In order to analyze the history of the stress which
developed girder experiences during fabrication process
and to confirm the effect of the suggested method, a finite
element analysis was performed using commercial
structural analysis program ABAQUS. The web and the
flanges were separately modeled by applying the perfect
elasto-plastic properties of HSB380 (yield strength of 380
MPa, elastic modulus of 205 GPa), and all the contact
conditions were given as tangential friction and normal
hard contact between parts. Flanges have identical width
of 300mm and thickness of 24mm, and the web has a
height of 652mm and a thickness of 15mm. When
creating element mesh, the seeding size was determined to
make adjacent nodes between flange and web parts to be
shared firmly. During welding analysis, contact condition
between the flange and web was change from sliding
contact which allows the relative displacement in the
tangential direction to a tie condition of complete restraint
of relative motion. As illustrated in Figure 2, a simple
support condition was given to the lower flange while the
loads were applied to small surface set on the upper
flange.

After spring back

Upper : 28.6 MPa
Lower : -28.0 MPa

Figure 3. Calculated stress for key elements
By comparing the ultimate behavior of developed girder
and the normal plate girder without pre-stress under static
load, we could derive some findings and achieved
conclusions as follows. Despite the detrimental effect of
initial stress of uppermost and bottommost of the web,
developed girder showed little difference in stiffness from
the normal girder as seen in Figure 4. As for elastic limit,
developed girder showed even higher value by 4~5%.
Beyond the elastic limit, the behavior of the two girders
converged similarly as the rotation angle of support
increased. In the developed girder, the ultimate strength of
was calculated to be lower by about 3% compared with
the normal girder because elements near upper and lower
edge of the web reached yield first.

Figure 2. Loading and boundary conditions of example
model
3.2. Results and discussion
During the analysis, the stress distribution of elements
located at middle of the span was extracted shown in
Figure 3. Calculated value was nearly same with
analytical one indicating that the analysis simulated
manufacturing process with reliable exactness. For some
selected elements on upper/lower flange near the weld
line, a residual stress was calculated and they were also
similar to the analytical solution.

Figure 3. Comparison of structural behavior of developed
girder and normal plate girder
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4. Conclusions
a new concept of steel plate girder which imposes initial
prestressing force to its body by welding both flanges
while bending load is being applied to web was proposed.
The effect of developed girder was examined by refined
structural analysis. As a result, the ultimate flexural
strength of the developed girder was similar while the
elastic limit was predicted to be even higher in spite that it
had an unfavorable initial stress compared to the normal
plate girder.
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Abstract
Much research has continuously focused on improving structural performance of horizontal member beams in order to
facilitate reduction of long-span or floor height, or to reduce construction costs through air reduction and construction
improvement. In addition, the findings of such studies are being actively applied to a large number of construction sites.
Accordingly, it is necessary to develop a new composite beam with a slim floor system concept that can drastically reduce
labor costs such as field installation assembly by securing strength and stiffness without additional floor height in
commercial facilities or low-rise reinforced concrete buildings. In particular, a U-flanged truss hybrid beam is a new
composite beam made by pouring concrete into the U-flanged truss beam. This research is a study, in which an experiment
was performed to verify the shear capacity of U-flanged truss hybrid beams with the newly developed end reinforcement
details. As a result, for all specimens, the maximum shear strength was determined by shear failure of concrete in the
loading point. The detail reinforced with stirrups at the end zone can exhibit the greatest shear strength, but the method of
reinforcing the end zone using vertical steel plates, which is a relatively easy method to manufacture, is considered to be
the most effective detail in terms of shear strength and ductility. Also, in the case of U-flanged truss hybrid beams
reinforced with vertical steel plates at the end zone, the shear strength can be evaluated on the safety side by using the
Korea Design Standard formula
Keywords: U-flanged Truss hybrid beam, Shear test, Reinforced end details, Vertical steel plates
Topics and Scope: Composite/Hybrid Structures
1. Introduction
In order to maximize structural performance,
constructability and economic efficiency, the floor
structure system of commercial and office buildings in
Korea has gradually changed from a traditional floor
method to a newly developed composite beam. Related
studies have continuously been conducted to improve
structural performance of horizontal member beam,
making it easier to reduce long span or highness of floor,
and to improve the construction duration and
workability, reducing the construction. For efficient
construction of floor module systems with shorter span
of 6~8m and longer span of 12~15m slab, if the existing
H-shaped steel composite beams, buried H-shaped steel
composite beams, or deep decks (a deck with a dance
greater than 200 mm) are applied, an excessive increase
in story height is caused, because decks will be installed
on the upper flange of the truss steel beams. To prevent
this, the application of wire-integrated truss decks may
be considered, but in this case, additional installation of
small beams is required because the appropriate
diameter is within 4m. In addition, if deep decks and
exposed U-shaped composite beams are applied, the
economic efficiency will be affected by the increase in
the number of steel’s quantity. In line with this trend, it

Figure 1. The concept of U-flanged Truss Hybrid beam
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steel beam as shown in Figure 1. As a result of the
simple beam experiment of U-flanged truss hybrid beam,
the strength of the member is determined by the
buckling of the lattice and needs reinforcement at the
end. In this study, the end reinforcement detail of
vertical steel plate is proposed to verify the end
reinforcement effect of U-flanged truss hybrid beam,
but the end performance of U-flanged truss hybrid beam
also needs to be verified. Therefore, this study
conducted an experimental study to verify the shear
performance of the newly developed U-flanged truss
hybrid beam’s end-reinforced details.

is necessary to develop a new composite beam as a type
of the slim floor system that can ensure the strength and
rigidity without increasing the number of additional
floor height in commercial facilities and low- to
medium-rise reinforced concrete buildings. In the
existing study, structural excellence was verified by
conducting a simple beam experiment by developing a
lower steel plate welded to each other on the left and
right sides of the upper U-shaped flange using a side
lattice bent the U-shaped upper flange and the lower
steel plate thicker than 8mm in a certain pattern.
Pre-fabricating in the factories, the U-flange truss steel
beams are moved into the site by means of a crane on the
post, and concrete was placed after installation of the
deck to complete the construction of the U-flange truss

Table 1. Test specimens list
Specimens ID

Upper Chord

Lattice

Lower Plate

Reinforcement of End Zone
End Bar
Bottom Bar
Stirrup
End Plate

CTS-11

CTS-ER-BR-X

∩-180×60×6

2-R16@400

PL-350x8

R29(4EA)

R29(4EA)

-

-

CTS-12

CTS-ER-BR-S

∩-180×60×6

2-R16@400

PL-350x8

R29(4EA)

R29(4EA)

D10@150

-

CTS-13 CTS-X-X-EPV2-450

∩-180×60×6

2-R16@400

PL-350x8

-

-

-

PL-6(450)

CTS-14 CTS-X-X-EPV2-525

∩-180×60×6

2-R16@400

PL-350x8

-

-

-

PL-6(525)

CTS-15 CTS-X-X-EPV2-625

∩-180×60×6

2-R16@400

PL-350x8

-

-

-

PL-6(625)

(a) CTS-11

(b) CTS-12

(d) CTS-14

(c) CTS-13

(e) CTS-15

Figure 2. The details of U-flanged Hybrid beam specimens
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600 mm from the end. The specimen was designed as
shown in Figure 2 and the load was controlled by 0.03
mm/s displacement control method. In order to measure
the vertical displacement under the load material, a
displacement meter was installed in the lower part of the
specimen. In addition, a strain gauge was installed to
measure the strain of the main part of the specimen
under load.

2. Experimental Design
2.1 Specimens
In order to evaluate the shear performance of U-flanged
truss hybrid beam, a total of five experimental subjects
were designed. The basic shape of the U-flanged truss
hybrid beam is the shown as Figure 2. The
cross-sectional structure of the experiment body is
based on the upper flange of the ∩ type profiled steel
plate (180×60×6t), and the lower flange (PL-8t) is used
as a form and tensile number after placing steel bar
lattice (R16) on the side. As shown in Table 1, the

3. Experiment Results and Analysis
The load-displacement curves and experimental
results are shown in Figure 3 and Table 2. Among the
methods of reinforcing both ends with steel bars
(CTS-11 specimen), additional reinforcement with
stirrups (CTS-12 experiment), and vertical steel plates
(CTS-13, CTS-14 and CTS-15 experiment), it can be
seen that the CTS-11 experiment has the lowest shear
strength and ductility capacity. As shown in Figure 3, all
specimens had the same initial stiffness. However, it has
been found that the method of reinforcement with steel
bars and stirrups (CTS-12 experiment) is the most
effective way to demonstrate the maximum shear
strength of U-flanged truss hybrid beams. Also,
considering the manufacture of U-flanged truss hybrid

main variables included same upper cords subjected
to compressive stress under construction load, lattice
and lower plate, in order to evaluate the shear
capacity of the U-flanged truss hybrid beams (the
height of 400 mm, width of 350 mm, and length of
4,800 mm). Details of these sections are shown in
Figure 2.

2.2 Loading and measurement method
To evaluate the shear reinforcement of the
U-flanged truss hybrid beam, both ends were simply
supported and 1 point force was applied at a distance of

Figure 3. The load-displacement curve of specimens

Table 1. Test specimens list
Specimens ID

Test

KDS4),5)

CTS-11

CTS-12

CTS-13

CTS-14

CTS-15

Pmax [kN]

598.0

758.2

650.9

729.0

687.0

δpmax [mm]

11.9

61.5

52.7

69.8

38.3

Vtest [kN]

523.3

663.4

569.5

637.9

601.1

Vn [kN]

521.2

521.2

521.2

521.2

521.2

Vtest/Vn

1.00

1.27

1.09

1.22

1.15
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beams, it is judged that the maximum strength can be
achieved and the manufacture is easy with
reinforcement by the vertical steel plates, i.e., CTS-13,
CTS-14 and CTS-15 experiments) rather than
reinforcement by steel rods and stirrups. And yet, even
if reinforced with vertical steel plates, the installation of
lattice is considered to be most effective in terms of
shear resistance of U-flanged truss hybrid beams when
installed consecutively to the end, and additionally with
the vertical steel plates on the end (CTS-14 experiment).
As shown in Table 2, it can be seen that the shear
capacity of CTS-11 specimens is very similar to Shear
Strength Equation by the Korean domestic structural
design standards. In other words, in the case of
U-flanged truss hybrid beams, it is judged that it is
reasonable to evaluate the shear capacity if the Korea
Design Standard of reinforced concrete is used. When
additional end reinforcement is added, shear capacity
does increase, but the effect is about 9% to 27%.
However, it can be seen that in terms of ductility, the
capacity of the U-flanged truss hybrid beams with
reinforced end zone can be greatly improved. Although
additional reinforcement with stirrups is most effective,
considering the manufacturing, the details of
reinforcement with vertical steel plates are judged to be
the most effective method.

Education (No.2020R1F1A1048488).
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4. Conclusion
In the previous studies, to improve the structural
strength of the pre-fabricated U-flange truss steel beam,
the details of lattice buckling delay by end zone
reinforcement with vertical steel plates were develop
and the safety is evaluated. In order to verify the shear
capacity of the end zone reinforcement during the use
stage, the experiment of concrete filled U-flanged truss
hybrid beams
As a result, the following conclusions were drawn.
(1) The maximum strength of all specimens was
determined by shear failure of concrete in the
applied section. The details of additional
reinforcement detail with stirrups can exert
maximum shear capacity, but the method of
reinforcement with vertical steel plate, which
is relatively convenient for manufacturing, is
considered the most effective details of shear
capacity and ductility.
(2) In the case of U-flange truss composite beams
with vertical steel plates at the end zone, the
shear strength is considered to formula have a
proper margin of safety when evaluated by the
Korea Design Standard of reinforced concrete
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Abstract
Structural repair of RC column and its connection to beam are major topics in civil engineering. The beam-column joint
under complex stress situation should be fully considered especially during seismic structure design or its repair design.
Steel plate hoop reinforcing RC column- steel beam joint is not only able to retrofitting the column structural ability but
also address the beam-column connection problem easily through the steel connection measures. Based on a realistic
engineering Case, this paper presents the finite element analysis on steel plate hoop reinforcing RC beam-column joint
subjected to complex loadings. In finite element model, applied loads calculated from design software PKPM are suitably
addressed and different working scenarios are discussed including the changed heights of reinforced rib (70mm and
150mm), the vertical support to the cantilever steel beam and different loading combinations of loads from column,
surrounding beams, edge beam and the eccentric load from stairs. The results show that the joint with short reinforced rib
of 75 mm shows stress concentration with the stress exceeding design strength and local reinforcement should be
considered. The joint with 150mm reinforced rib under combined loads from edge beam and eccentric loading from stairs
also shows local stress exceeding design material strength. Local reinforcement measures are proposed to improve the
joint structural capability. The vertical support with 40 kN to the cantilever steel beam can improve the joint stress and
deformation situations. During repair construction, the vertical support should be loaded incrementally with suitable
monitoring behaviors and maintained at 40 kN.
Keywords: Steel plate hoops; Structural Behavior Analysis; RC Column Retrofitting; RC Beam-Column Joint
method is both effective and convenient for column
retrofitting or strengthening.
Based on a realistic engineering case, this paper presents
a finite element analysis on a beam-column joint repair
using steel plate hoop reinforced method. Different
stiffeners are placed on the steel plate hoop and different
loadings including loads from column, load from
surrounding beam, eccentric loads from stairs and
concentrated load from edge beam are analyzed based on
the results from the structural analysis software PKPM.
Additionally, the effect of propping to the cantilever steel
beam are also studied. Complex stress situations together
with the deformation within the beam-column joint are
discussed and compared among these above schemes
using finite element method. By comparison, structure
behaviors of the beam-column joint are studied and thus
the recommended strengthened measures are presented

1 Introduction
Structure repair is one of the major topics in civil
engineering. Subjecting to earthquake and other accidents
or during the long service life, structures need appropriate
strengthening measures to keep the structural ability. In
terms of RC columns, the earliest and most direct
repairing method can be seen as the enlarging of
section[1-3]. Being exceptional in material strength and
adaptability to the concrete, the fiber reinforced method in
RC column repair shows great potential in improving the
column bearing capacity or seismic performance[4-6].
Thus, the fiber reinforced method can be seen as an
effective method in retrofitting of RC columns.
These methods above hinge on the improvement of RC
column structural ability, connection between column and
beam may not be quite convenient among these methods.
As is all known, the connection between steel components
is simple and direct both in design and construction. Using
the steel plate hoop to strengthen the RC column can
address the connection problems simply. Jacketing the RC
column by the steel plate is firstly named as “Tubed
Column” by Tomii[7]. Different from the concrete-filledsteel-tube column, the steel plate hoops do not wrap along
the full longitudinal length of column. This strengthened
RC columns show improved strength and better seismic
bearing capacity compared with the traditional RC
column[8-11]. Therefore, steel plate hoop reinforcing

2 Finite Element Analysis
Multiple finite element models are established to study the
effects of different stiffeners, various loading combination
and propping support during the stair installation on the
structural performances of the beam-column joint. Details
can be seen in the following. The finite element model can
be seen in Figure 1
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Table 1 Comparisons of 75mm and 150mm stiffeners

Location
Stress
/MPa
Figure 1 Finite element models
2.1 Comparison between 75mm and 150mm stiffeners
Horizontal and vertical stiffeners using 25mm thick Q235
steel are placed at the flange of cantilever steel beam.
75mm and 150mm height of stiffeners are used and the
comparison can be seen in Table 1 and the stress and
displacement contour can be seen in Figure 2.
Using 150mm height stiffeners, decrease is found for both
the stress and displacement. It can be concluded that the
maximum stress of the anchor reinforcement decreases by
17.6% using 150mm stiffeners compared with using
75mm stiffeners while the maximum compression stress
value of concrete column decreases by 68.5%.
Displacements reduce also obviously for the deformation
at the end of cantilever steel beam decreasing by 40.1%.
Although both the stress and deformation values reduce
significantly, the change of stiffeners transform neither the
loading path nor the stress distribution within the beamcolumn joint. However, the stiffeners affecting the joint
structural
performance
importantly should be
strengthened enough. Local reinforcement can be used in
the 75mm height stiffeners.

Displacem
ent/mm

150mm
Stiffeners

≥205

180

10

3.15

205

169

13.91

8.497

≤3mm

0.9

2.2 Loading effects from column and surrounding
beams
In this section, 10% of the design loads of surrounding
beams and column calculated by PKPM are applied in one
model while the other one ignoring the part of additional
loads. The 150mm height stiffeners are adopted.
Through comparison, the additional loads of surrounding
beams and column have little effect on the stress of steel
plate hoop and stiffeners as well as anchor rebars. Slight
differences can be found on the tensile stress of the RC
column in the comparison between two cases. It can be
concluded that the loads from surrounding beams and
column can be ignored in the structure analysis for the
simplification.
2.3 Eccentric loading from stairs with concentrated
loads from edge beam
Eccentric load applied on the structure components can
induce moment and torsion. Loading from stairs can be
eccentric loads. In the following, the influences about stair
eccentric loading of 55kN with 200mm and 150mm
eccentricity and concentrated load from edge beam are
studied. 10% of the design loads of surrounding beams
and column calculated by PKPM are applied. It should be
noted that the stiffeners height is 150mm.
Case of loading eccentricity of 200mm is analyzed and the
results show that stress among the horizontal stiffeners is
high exceeding the design strength. Also, stress
concentration is found at the connection between the
horizontal stiffeners and steel plate hoop. However, the
local stress concentration may not affect the overall stress
conditions of the joint significantly due to good ductility
of steel materials. Then, enhancements are made and the
Q345B steels are adopted in the stiffeners. The
eccentricity of stair loading is changed to 150mm. The
comparison between the original and enhancement case
can be seen in Table 2.
Although more severe torsion deformation at cantilever
steel beam is precented after the enhancing the stiffeners,
the decreases of stress among steel and concrete
components are obvious and it is effective and beneficial
for the improvement of joint structural capacity.

(a) Stress contour of steel plate hoop

(b) Stress contour of
anchor steel bar

Steel Plate
Hoop
Concrete
Anchor Steel
Bar
Cantilever
Beam End
Steel Plate
Hoop

75mm
Stiffeners

(b) Stress contour of
concrete

(b) Displacement contour joint region
Figure 2 Stress and displacement contour of 75mm
stiffeners
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2.4.2 Influences of vertical propping
The propping can provide with the vertical support to the
cantilever steel beam and thus relieves the deformation of
steel beam and steel plate hoop dragged by the beam. The
vertical propping is applied 950mm away from the free
end of the cantilever steel beam. Comparisons among case
i), ii), iii), iv) and v) presented in Table 4 and Table 6 are
made and the effects of propping are studied. With the
vertical propping, all the stress values of steel and
concrete components drop sharply. While the stair’s
eccentric load is not considered, the reductions in stress
values of steel plate hoop and concrete become less with
the increase of propping force from 40kN to 60kN. It
should be noted that both the additional propping force of
40kN and 60kN can significantly decrease the stress value
by more than 50% compared with case i) (without
propping force). Also, when the stairs’ eccentric load is
considered, more than 90% reduction in stress can be seen
through the comparison between case ii) and case v). The
propping effect is obvious. Although stress concentrations
happen in the three cases (case iii, case iv and case v) also,
the whole steel plate hoop does not yield (exceeding the
design strength).
Apart from the stress reduction, the deformations reduce
obviously as shown in Table 6 and Table 7. All the
displacements of cantilever steel beam end and steel plate
hoop are relatively small with the propping placed beneath
the cantilever steel beam. More than 45% of the
displacement vanishes with the propping among all the
cases and particularly the reductions are more than 85%
in case iii) and case v). The propping method is considered
as an effective and efficient method to reduce the stress
and displacement of the joint. Additionally, the vertical
propping force being 40kN is considered as the most
suitable method applied in this case and the propping force
should be applied in steps.

Table 2 Comparisons between the original and enhancement
case

Location

Stress
/MPa

Displacem
ent/mm

Steel Plate
Hoop
Concrete
Compression
Concrete
Tension
Anchor Steel
Bar
Cantilever
Beam End
Steel Plate
Hoop

Origin

Enhancem
ent

234

184.1

3.57

2.74

1.37

1.35

133

80.9

15.69

19.3

1.07

0.96

2.4 Effects of propping on installation of stairs
Stairs’ installation brings the eccentric loadings to the
joints. Vertical propping measures can minimize the stress
caused by the stair installation. In the following, different
cases including i) no stairs’ eccentric loads, ii) stair loads
with 150mm eccentricity, iii) no stairs’ eccentric loads
with 40kN propping force, iv) no stairs’ eccentric loads
with 60kN propping force and v) 150mm stairs’ eccentric
loads with 75kN propping force are analyzed and different
stress of displacement conditions within the joint area are
studied and compared. It should be noted that stiffeners
are not adopted in this part and the eccentric loads from
stairs is 55kN.
2.4.1 Influences of stairs’ eccentric loading
Comparisons are made between case i) and case ii) to
study the influences of the stairs’ eccentric loading on the
joint. Details can be seen in Table 3.
All the components including steel plate hoop, concrete
and anchor steel bar do not yield either in case i) or in case
ii). Comparisons of the displacement show that the
additional stair eccentric loading can significantly
increase the displacement at cantilever steel beam end or
the displacement of steel plate hoop. It should be noted
that the displacements are obvious in both case i) and case
ii).
Table 3 Comparisons between case i) and case ii)
Location
Case i)
Case ii)
Steel Plate
123
206
Hoop
Concrete
3.81
3.7
Compression
Stress
/MPa
Concrete
1.75
1.31
Tension
Anchor Steel
31.1
115.3
Bar
Cantilever
11.9
23.7
Displacem
Beam End
ent/mm
Steel Plate
1.77
3.35
Hoop

Table 4 Comparisons of stress (No stairs’ eccentric loads)
Case i)
Case iii)
Case iv)
Case i)
Case iii)
Case iv)
Case i)
Case iii)

Maximum
Value/MPa
123
15
61.1
31.1
2.3
11.4
3.81
0.27

Case iv)

1.29

66.1

Case i)
Case iii)

1.75
0.13

/
92.6

Case iv)

0.61

65.1

Location
Steel Plate
Hoop
Anchor Steel
Bars
Concrete
Compressive
Principal
Stress
Concrete
Tensile
Principal
Stress

Reduction*/%
/
87.8
50.3
/
92.6
63.3
/
92.9

Note: *The reduction R is calculated by the formula in the following
V
R  (1  o ) 100% ,Vi is the stress value in case i) and Vo is the value in
Vi
case iii) or case iv).
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deformation and stress conditions during the installation of
stairs.

Table 5 Comparisons of stress (With stair loads with
150mm eccentricity)
Case ii)
Case v)
Case ii)
Case v)
Case ii)

Maximum
Value/MPa
206
11.6
115.3
3.38
3.7

Reduction*/
%
/
94.4
/
97.1
/

Case v)

0.35

90.5

Case ii)

1.31

/

Case v)

0.19

95.5

Location
Steel Plate
Hoop
Anchor Steel
Bars
Concrete
Compressive
Principal
Stress
Concrete
Tensile
Principal
Stress
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V
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Table 6 Comparison of deformations (No stairs’ eccentric
loads)

Location
Cantilever
Steel Beam
Steel Plate
Hoop

Case i)
Case iii)
Case iv)
Case i)
Case iii)
Case iv)

Maximum
Value/mm
11.9
1.43
5.96
1.77
0.16
0.77

Reduction*/%
/
88.0
49.9
/
91.0
56.5

Note: *The reduction R is calculated by the formula as shown in Table 4

Table 7 Comparison of deformations (With stair loads with
150mm eccentricity)

Location
Cantilever
Steel Beam
Steel Plate
Hoop

Case ii)
Case v)
Case ii)
Case v)

Maximum
Value/mm
23.7
2.48
3.35
0.22

Reduction*/%
/
89.5
/
93.4

Note: *The reduction R is calculated by the formula as shown in Table 5

3 Conclusions
Different measures are made in the case of steel plate hoop
reinforcing RC column. Results are presented and by
comparison we can conclude that:
1) Steel hoop plate jacketing the RC columns is considered
as an effective measure of RC column retrofitting for its
convenience in connecting to beams.
2) Local yielding occurs at the beam-column joint and
appropriate stiffeners should be addressed to ease the local
stress concentration within the joint.
3) Different applied loads such as vertical load from column,
loads from surrounding beams, eccentric load from stairs or
loads from edge beam will change the deformation at the
beam-column joint as well as the stress obviously. Loading
combination should be fully considered in order to present
the safe resistance in design.
4) Installation of stairs brings the additional stress and
displacement to the joint. Vertical propping is considered as
an effective method to satisfy the design requirement of
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Abstract
Smart construction is a global trend. The use of pre-fabricated member and digitalization of construction information are
important issues in such construction method. Recently, several researches about smart construction have been conducted
in many countries. As a part of such studies, the girder with U type injection channel flange was proposed to eliminate the
overlap problem which is frequently occurs during the pre-fabricated deck installation process to the girder. In this study,
3D model for the girder with U type injection channel flange was developed. The developed model can be used to BIM
assembly simulation for tolerance check of each construction member before real construction. The model was developed
based on the algorithm. Thus, the model is automatically updated by changing the model parameters including the section
dimensions, curve radius, and camber of the girder.
Keywords: Algorithm based modeling, BIM, Pre-fabricated steel-concrete composite bridge, Smart construction.
1. Introduction
Off-Site Construction (OSC) is one of the promising
construction method for a smart construction. By using
the pre-fabricated member, the uniform and high quality
of the structure construction can be obtained. Also, rapid
and automated construction is possible. Despite such
advantages of OSC, OSC method is not well applicable to
bridge construction, since strict tolerance is needed and
several unexpected adjustment comes out in real
construction situation (Bock, 2008).
To solve these problems, tolerances for bridge member
assembly have to be pre-checked and the digital 3D model
can be efficiently used for it. If algorithm based (or
parametric) modeling is used, it is easier to handle 3D
model for tolerance check, since various shape of the
object can be created by adjusting the model parameters.

In this study, the focus was made on the development of
algorithm based 3D model for curved girder with U type
injection channel flange, shown in Fig. 1. By applying the
U type injection channel, overlap problem between the
shear stud and pre-fabricated deck, which is frequently
occurs during the pre-fabricated deck installation process
to the girder, can be solved.
The main parameters for algorithm based 3D model is
curve radius, camber, and section dimensions shown in
Fig. 1. Thus, developed model can be used to model the
straight and curved girder with arbitrary section with
U-type injection channel flange.
2. Algorithm based modeling
2.1 Parameters, program, & model layout
As mentioned before, the main parameters are curve
radius, camber and section dimensions. The details of the
the section dimensions are shown in Fig. 1. D is the height
of the web, bt is the width of the bottom flange, tw and tf is
the thickness of the web and flange, respectively. bfc is the
width of the channel, hfc is the height of the channel, and
tfc is the thickness of the channel. The U type injection
channel can be made by either bending or welding process.
When the bending process is used, the radius of bending
part has to be modeled, and it is considered in the
developed model.
The algorithm based 3D model of the girder was
constructed by using Dynamo (2020). Dynamo is an open

Figure 1. Girder with U type injection channel flange
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horizontal length is the same from the middle point to
both start and end point, and out-of-plane displacement is
defined as L2/8R, the circular curve with curve radius, R,
is generated, where L is the total length of the girder. The
example of reference line is shown in Fig. 3.

source environment for visual programming. Dynamo
provides the graphical programming interface that the
user can customize their BIM work.
The development of 3D model for the girder with U type
injection channel flange is divided into 2 parts. First one is
construction of a reference line for the curved girder with
camber. Then the section is extruded following the
reference line. Here, the section is consisted of ordinary
I-girder and upper injection channel flange part, as shown
in Fig. 2.

2.3 Construction of U type injection channel flange
After defining the reference line, the section should be
constructed. Firstly, ordinary I section was defined by the
parameters. Then, the section was extruded by sweep
option in Dynamo (2020). Solid section can be easily
made by the sweep option following an arbitrary line.
U type flange consists of curved and straight parts. The
straight part can be easily constructed by the same method
used for I section. In the case of curved section, two inner
and outer curved lines are constructed by Arc command,
where two different reference points are needed and these
points are changed by varying the flange thickness and
bending radius. In this study, the model was made to
automatically adjust the position of the reference points,
by changing the flange thickness and bending radius.
Finally, by using Polycurve and sweep option, curved
section was modeled following the reference line.

Figure 2. Model layout.
2.2 Construction of reference line
Most important part of this study is that an arbitrary
curve radius and camber can be considered in 3D model
as parameters. Thus, alignment of the bridge can be easily
changed by using the developed model.
The concept of the reference line is also shown in Fig. 2.
In this study, the reference line is located on the upper
flange. To define the reference line, minimum 3 points are
needed. The start and end point of the girder is fixed and
not changed. The middle point is defined by the
out-of-plane and in-plane displacement that is related with
curve radius and camber, respectively.

Figure 4. Curved part in upper flange.

Figure 5. Shear stud positions.
Last part of the modeling is the arrangement of shear
stud. The number of the shear studs in lateral direction and
spacing of the studs are the variables. By defining these
variables, the positions of the shear studs are modeled as
shown in Fig. 5. Then, shear stud models are located these
positions.
It should be noted that the reference line is constructed
on the upper flange herein, and this reference line is
directly used for shear stud arrangement.
Figure 3. Example of reference line

2.4 Example model of U type injection channel flange
The modeling of U type injection channel flange is
presented in previous sections. By using the algorithm,

The reference line was constructed by the NURBS curve
provided by Dynamo (2020). It is noted that if the
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the example girder was made and shown in Fig. 6. The
dimensions used for the modeling is shown in Table 1.
Table 1. Dimensions for example model (Unit: mm)
hfc3
bfc1
tw
tfc1
h fc2
b fc3
110

480

22

22

t fc2

b fc3

D

bt

22

110

1800

500

200

110

tt
22

Figure 6. Final example model.
3. Conclusions
In this study, the algorithm based model for the girder
with U type injection channel flange was developed. The
developed model can consider an arbitrary curve radius
and camber of the girder. Also, the section shape can be
easily updated by the changing the variables. The model
can be implemented to the BIM model and used for design,
manufacturing, and assembly process.
4. Acknowledgement
This research was conducted with the support of the
"National R&D Project for Smart Construction
Technology (No.20SMIP-A158708-01)" funded by the
Korea
Agency
for
Infrastructure
Technology
Advancement under the Ministry of Land, Infrastructure
and Transport, and managed by the Korea Expressway
Corporation.
5. References
Bock T. (2008), Robotics and Automation in
Construction Chapters 2, IntechOpen Book Co., U.K
London.
Morcous G., Jaber F., Volz J.(2017), Facing the
Challenges in Structural Engineering pp. 229-241,
Sustainable Civil Infrastructures.
Dynamo (2020). Dynamo Sandbox. Autodesk Corp.

581

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Poster]

Simulation of High-Strength Concrete-Filled Square High-Strength Steel Tubular Columns
Stiffened with Encased I-Shaped CFRP Profile Suffering Impact Load under Fixed-Fixed End
Runze Liu1*, Guochang Li2, Zhijian Yang3, and Xiao Li4
1*

School of Civil Engineering, Shenyang Jianzhu University, Shenyang, China. runzeliu1996@163.com
(corresponding author)
2
School of Civil Engineering, Shenyang Jianzhu University, Shenyang, China. liguochang0604@sina.com
3
School of Civil Engineering, Shenyang Jianzhu University, Shenyang, China. faemail@163.com
4
School of Civil Engineering, Shenyang Jianzhu University, Shenyang, China. 694982262@qq.com
Abstract
A new type of composite component, high-strength concrete-filled square high-strength steel tubular (HCSHST) columns
stiffened with encased I-shaped CFRP profile, was proposed by our research group. From previous research of our
research group, it was observed that this new composite component has a superior static performance and hysteretic
performance under cyclic reciprocating load. This study analyzed the impact resistance of HCSHST columns stiffened
with encased I-shaped CFRP profile under fixed-fixed boundary conditions by finite element analysis. Numerical analysis
was accomplished to simulate the mechanical responses of the HCSHST columns stiffened with encased I-shaped CFRP
profile. Additionally, parameter analysis was utilized to evaluate the influence of impact velocity, material strengths, and
axial compression ratio on the mechanical properties of the column under impact load. The results show that, as the
impact velocity raises, the peak impact force and impact duration increases, and the mid-span deflection significantly
increases. In addition, the steel strength has a more significant influence on the lateral impact resistance of the component,
while the concrete strength has a minor effect on that. With a small axial compression ratio, the axial load has little effect
on the dynamic response of the member. As the axial load continuous increase to 0.2, the effect of axial load on the impact
resistance of the new-typed composite column starts to appear. When the axial load exceeded a certain value, the impact
force and the impact force plateau value decreases, the impact duration slightly increases, and the mid-span deflection of
the component increased by 8.6%. Hence, a critical value of the axial compression ratio should be further studied to fully
play the mechanical performance of HCSHST columns stiffened with encased I-shaped CFRP profile which provides an
engineering significance for its application.
Keywords: High-strength Concrete-filled Square High-strength Steel Tubular (HCSHST) Columns, CFRP Profile,
Impact Load, Finite Element Analysis
verified by the conservation of energy and momentum.
Based on the test results, a design method for the lateral
impact resistance of CFST members was proposed.
Literatures also analyze the lateral impact performance of
CFST members through finite element analysis (FEA)
(Qu et al., 2011; Hou and Han, 2018). The influence of
different parameters on its impact resistance has been
studied, and it was observed that the steel ratio has more
significant effect on the impact resistance of CFST
members. Recently, scholars have focused on adopting
high-strength materials and FRP to strengthen the CFST
(Han et al., 2014; Yang et al., 2020; Shakir et al., 2016;
Alam et al., 2017).
To further improve the behavior of CFST, a new-typed
composite component, high-strength concrete-filled
square high-strength steel tubular (HCSHST) columns
stiffened with encased I-shaped CFRP profile, was
proposed by our research group and its mechanical
performance has been investigated experimentally (Li et
al., 2020). However, the knowledge of its dynamic
performances under lateral impact loading still remains
relatively limited. Hence, in this paper, numerical analysis
was accomplished to simulate the dynamic responses of
the HCSHST columns stiffened with encased I-shaped
CFRP profile under lateral impact load. Parameter studies

1. Introduction
Concrete-filled steel tubular (CFST) members had been
widely applied in modern civil engineering structures in
past decades for its high bearing capacity, good plasticity
and toughness, excellent seismic performance. However,
the CFST member may subjected to unexpected loads
during service which have the characteristics of strong
destructiveness, low predictability, and rapid occurrence.
Vehicle impact load is one of the extreme loads with high
frequency and high risk that the resistance of the structure
should be considered through the design phase. Hence,
the mechanical performance of the CFST column under
lateral impact load should be studied.
Drop-weight tests have been carried out to evaluate the
lateral impact resistance of CFST members under various
parameters of different confinement effect, impact
velocity, impact energy, boundary condition, and axial
compression ratio (Bambach et al., 2008; Wang et al.,
2013; Al-Rifaie et al., 2018; Zhu et al., 2018). Among
them, the influence of parameters on the lateral impact
resistance of CFST members were analyzed, and the
calculation method of deflection of CFST members under
lateral impact load was proposed. Deng et al. (2012, 2013)
has completed the lateral high-speed drop hammer impact
test of 12 CFST members, and the accuracy of the test was
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was utilized to evaluate the influence of material strengths,
CFRP ratio, and axial compression ratio on the impact
resistance of the column which provides a reference for
the future design of this type of column.

Table 1 Details of parametric study
Model No.
HCSHST1
HCSHST2
HCSHST3
HCSHST4
HCSHST5
HCSHST6
HCSHST7
HCSHST8
HCSHST9

2. Finite element modeling
Fig. 1 shows the finite element model of the HCSHST
columns stiffened with encased I-shaped CFRP profile
under lateral impact load with fixed-fixed boundary
conditions in LS-DYNA. To simplify the model, the
endplate of each side was neglected which has minor
influence on the simulation results. Solid element
(Solid164) was used for all components of the member
and the hammer, and the element algorithm adopts default
values. *Mat_003 (*MAT_PLASTIC_KINEMATIC) is
used to represent the steel tube, and Cowper-Symonds
model was used to consider the strain rate of steel.
*Mat_72R3 (*MAT_CONCRETE_DAMAGE_REL3) is
used to model the concrete, and the formula proposed in
CEB-FIP 2010 to consider strain rate effect of concrete is
used. Based on Hsiao and Daniel (1998), the strength of
CFRP material enhanced within 10% as the strain rate
increases in the range of 100 s-1. Thus, the strain rate of
the CFRP is ignored in this study and the *MAT_054-055
(*MAT_ENHANCED_COMPOSITE_DAMAGE)
is
adopted for CFRP profile. The hammer is modeled with a
rigid body model (*MAT_RIGID).

Steel
grade
Q690
Q690
Q690
Q890
Q550
Q690
Q690
Q690
Q690

Concrete
grade
C60
C60
C60
C60
C60
C100
C60
C60
C60

v
(m/s)
13
11
9
13
13
13
13
13
13

n
0.1
0.1
0.1
0.1
0.1
0.1
0.15
0.2
0.25

Note: v is the impact velocity; n is the axial compression
ratio.
3.1 Impact process
The FEA model of HCSHST1 is taken as the typical
model to compare and analyze the dynamic responses of
the column under transverse impact load. Fig. 2
demonstrates the dimensionless historical curves of
impact force, deflection, speed of impactor, and speed of
the component. According to Fig. 2, the entire loading
process can be divided into three phases: oscillation stage
(OAB), platform stage (BC), and descending stage (CD).
When the impactor reaches the component, the
component instantaneously reaches the peak impact force
at point A. Till point B, the impactor and the component
have reached a same speed and decelerates afterwards,
indicating that the impact force has entered the platform
stage (BC). After that, the speed of the impactor and the
component drops to zero at point C. The duration of the
platform stage lasts about 5 ms, and the lateral
deformation of the component reaches its maximum value.
When the impact force reaches point D, the component
rebounds, and the component separates from the impactor
where the impact force drops to zero. The mid-span
deflection reduces to approximately 80% of its maximum
deflection and the entire impact process ends.

Fig. 1 Model assembly
1.2

The outer edge of the steel tube is 250 mm with a 5 mm
thickness, and the inner I-shaped CFRP has a dimension
of 140 mm×120 mm×14 mm (flange length× web length
×thickness). The impactor mass is set to 1000 kg with a
dimension of 90 mm× 90 mm×200 mm. The material
strength is set based on the literatures (Yang et al., 2020;
Yang et al., 2019; Zhu et al., 2020).

A

0.8

0.4

O
0.0

B

C
D

-0.4

impact force
displacement
impactor velocity
component velocity

-0.8

3. Numerical results and parametric study
Parameters of impact velocity, material strength, and axial
compression ratio were varied to analyze the influence of
parameters on the impact resistance of the HCSHST
columns stiffened with encased I-shaped CFRP profile.
Details of simulation models are demonstrated in Table 1.

-1.2
0.00

0.01

0.02

0.03

time (s)

Fig. 2 Dimensionless historical curves of the component
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3.2 Impact velocity
The impact energy is changed by increasing the impact
velocity while maintaining the quality of the impactor
unchanged. The Fig. 3 shows the impact force-deflection
curve of members under different impact velocity. It can
be seen from Fig. 3 that with the increase of impact
velocity, the peak impact force and impact duration
increases, while the impact force plateau value is almost
unchanged. As the impact velocity increases from 9 m/s to
13 m/s, the peak mid-span deflection has increased by
32.5% and 75%, and the ultimate mid-span deflection has
increased by 46.7% and 100%.

20

Impact force (kN)

Impact force (kN)

30

3.3 Material strength
Fig. 4 shows the impact force-deflection curve of the
component under different material strength. As shown in
Fig. 4(a), with the strength of steel increases, the peak
impact force slightly decreases, the impact force plateau
value increases 8.7% and 21.7%, and the impact duration
slightly decreases. With the steel grade increases in the
order of (Q550, Q690, and Q890), the ultimate mid-span
deflection decrease 7.9% and 15.8% which indicates the
increase steel grade effectively reduces the overall
deformation of the component. From Fig. 4(b), the impact
force-deflection curves of member with different concrete
grade are almost coincided, which expresses that the
increase of concrete strength has minor effect on the
dynamic response of the component under lateral impact
load.

Impact force (kN)

Impact force (kN)

4000

0

0

11

22

33

Mid-span displacement (mm)

Fig. 5 Impact force-deflection curve of members with
axial compression ratio
4. Conclusions
This study investigates the impact resistance of the
HCSHST columns stiffened with encased I-shaped CFRP
profile with a fixed-fixed boundary condition. Numerical
models were built to simulate the dynamic performance of
the column subjected to lateral impact load. Parametric
study was implemented with the variation of impact
velocity, material strength and axial compression ratio.
Critical conclusions are listed as follows:
1. The HCSHST columns stiffened with encased
I-shaped CFRP profile can resist the impact
energy of 84.5 kJ, with the impact mass and
velocity is 1000 kg and 13 m/s, and the ultimate
mid-span deflection is about 30 mm which is
within L/50. This indicates that the new-typed
composite column has great impact resistance.

4000

2000

20

6000

2000

6000

10

n=0.10
n=0.15
n=0.20
n=0.25

8000

Q550
Q690
Q890

0

30

3.4 Axial compression ratio
From Fig. 5, the axial compression ratio (n) has minor on
the impact force and displacement of the component when
n is less than 0.15. When n increases to 0.2, the influence
of axial force begins to appear. The peak impact load
increased 15.5% compared with n=0.15, while other
values slightly change. As the n increases to 0.25, the
impact force and the impact force plateau value begins to
decrease, the impact duration slightly increases, and the
ultimate mid-span deflection of the component increased
by 8.6%.

Fig. 3 Impact force-deflection curve of members with
different impact velocity

0

20

Fig. 4 Impact force-deflection curve of members with
different material strength

Mid-span displacement (mm)
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2.

3.

4.

The increase of impact velocity of the impactor
can significantly increase the dynamic responses
of the column. To avoid the large deformation of
the member occurred under lateral impact load,
the column should be strengthened with
following suggestions.
The steel strength has a more significant
influence on the lateral impact resistance of the
component, while the concrete strength has a
minor effect on that. Hence, to improve the
impact resistance of members, the steel strength
is recommended to be enhanced rather than the
concrete strength.
A small axial load has little effect on the impact
resistance of components. As the axial load
continuous increases, the axial load has a
negative effect on the impact resistance of the
column. Thus, it is recommended to constrain
the axial compression ratio within a critical value
in the design phase which should be further
studied.
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Abstract
Adding carbon fiber reinforced polymer (CFRP) to concrete-filled steel tube (CFST) can improve the mechanical
properties of CFST and reduce the cross-section of CFST. This paper uses finite element analysis (FEA) to reveal the
dynamic responses of concrete-filled square steel tubular (CFSST) members encased with I-section CFRP profiles under
lateral impact loads. In the first part of the work, the whole loading process of the typical members under lateral impact
load was studied by analyzing the impact force and deflection time-history curves. Then, the effects of I-section CFRP
profiles, impact energy and impact height on the impact resistance of CFSST members encased with I-section CFRP
profiles are studied. The results show that, compared with the ordinary CFST member, adding I-section CFRP profiles
into the CFST members can significantly increase the impact force and deformation resistance of the member. With the
increase of impact energy or impact height, the deflection at the impact position of the component increases after adding
CFRP profiles. The impact height and impact energy have a greater effect on the deflection and impact force at the impact
position, and the impact duration of the component, while the impact impulse has less influence on that.
Keywords: Concrete-filled steel tubular, CFRP, Lateral impact
intelligence algorithm has been proposed (Yang et al.,
2020; Han et al., 2014). Scholars also focus on the lateral
impact resistance of FRP-concrete-steel tube composite
members (Wang et al., 2015; Alam et al, 2015; Saini and
Shafei, 2019; Shakir et al., 2016). However, the research
is mainly concentrated on the CFST member with
outer-wrapped. The results show that anti-lateral impact
performance of the CFST column with outer-wrapped
FRP profile is enhanced compared with the ordinary
CFST member, and parameters such as FRP categories,
wrapping directions, numbers of FRP layers, and
wrapping lengths have an influence on the impact
resistance of the CFST column with outer-wrapped FRP
profile.
The force characteristics and mechanical properties of
concrete-filled square steel tubular (CFSST) members
stiffened with encased I-section CFRP profile determine
its application as a critical member that may carried out
the main force in important civil engineering structures
such as high-rise and towering structures, long-span
bridges, etc. Once such members damaged by the impact
load, it may cause overall collapse of the structure which
leads to huge social impact and loss of life and property.
Hence, the impact resistance of CFSST members stiffened
with encased I-section CFRP profile should be focused
and researched. Therefore, this paper uses finite element
software to simulate the impact of an impactor on the
CFSST members stiffened with encased I-section CFRP
profile and reveal its dynamic responses.

1. Introduction
Due to the excellent mechanical properties of the
concrete-filled steel tubular (CFST) member, it is widely
utilized in practice in recent years (Wang et al., 2015).
With the development of new urbanization, modern
buildings have begun to develop into the direction of
large-spanned and large-spaced structures. Traditional
CFST members have problems such as large
cross-sectional dimensions and difficulty in construction.
In response to the above issues, our team has introduced
CFRP profiles, with lightweight and high-strength, into
the CFST member, and proposed a new-typed
CFRP-concrete-steel tube composite component (Li et al,
2020). Through the research on its static performance, a
series of design theories and methods have been
established. However, collision incidents have occurred
frequently in recent years, which causing huge social
impact and loss of life and property.
At present, scholars have conducted a lot of research on
CFST members, which reveals the dynamic response of
CFST members under lateral impact loads and analyzes
the influence of various important parameters on their
lateral impact resistance (Bambach, 2011; Zhu et al.,
2018; Hou and Han, 2018; Wang et al., 2013; Qu et al.,
2011). In addition, formulas for calculating the bearing
capacity of members under the action of lateral impact
load are proposed. Based on the research of ordinary
CFST members, the anti-lateral impact performance of
high-strength CFST columns was studied, and it was
found that high-strength concrete has little effect on the
lateral impact resistance of components, and a bearing
capacity calculation method based on the artificial

2. Refined finite element modeling
2.1 Model establishment
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A total of 16 members were designed with the variation of
the CFRP profile, impact energy, impact impulse and
impact height, and the parameter information is shown in
Table 1. The effective length of the CFSST member
stiffened with encased I-section CFRP profile is 1500mm,
the CFRP profile size is 140mm×140mm×15mm, and the
specific dimensions are shown in Fig. 1.

Fig. 2 Finite element analysis model
(3) CFRP profile
Since CFRP is an ideally elastic material, there is no
obvious strain rate effect based on Hiaso et al. (1999),
which is ignored in this paper. The material properties of
CFRP board are shown in Table 2, and subroutine
VUMAT is used to define the stiffness degradation and
element deletion of CFRP composites based on the
Hashin failure criterion (Tasi et al., 1971).

Fig. 1 Dimensions of the component
An impactor is used to apply the impact load, and it is set
as a rigid body with an impact area of 200mm×400mm.
The specific modeling process, meshing and boundary
conditions are shown in Figure 2.
2.2 Material properties
(1) Concrete
In this paper, the concrete strength is C50, and the uniaxial
constitutive relationship of concrete is proposed by
Professor Han Linhai (2018). The strain rate effect
calculation formula proposed in CEB-FIP (2010) is used
to consider the strain rate effect of concrete.
(2) Steel
In this paper, Q355 steel is adopted as the steel material
and the five-fold line constitutive model is utilized (Hu et
al., 2018), and the Cowper-Symonds model is used to
consider the strain rate effect of the steel pipe, where
D=6844 and P=3.91 (Abramowicz and Jones, 1984).

Model
No.

CFRP

CFST-1
CFST-2
CFST-3
CFST-4
CFST-5
CFST-6
CFST-7
CFST-8
CFST-9
CFST-10
CFST-11
CFST-12
CFST-13
CFST-14

Yes
Yes
No
Yes
Yes
No
Yes
Yes
Yes
Yes
No
Yes
Yes
No

Table 2 Mechanical properties of CFRP material
Uniaxial
Biaxial
Mechanical
Resin
carbon
carbon
properties
matrix
fiber plate fiber plate
Tensile strength
1205.20
850.32
28.58
/MPa
Compressive
884.97
543.38
145.09
Strength /MPa
Tensile modulus
130.85
64.58
9.25
of elasticity /GPa
Compressive modulus
116.52
64.94
9.25
of elasticity /GPa

Table 1 Parameter information and results of components
Peak
Deflection (mm)
Impact
Impact
Impact
Impact
impact
velocity
energy
height
Peak
mass (t)
force (kN)
Ultimate
(m/s)
(kJ)
(mm)
value
1.5
1.5
1.5
1.5
1.5
1.5
2.0
2.5
3.0
1.5
1.5
1.5
1.5
1.5

3
5
5
7
9
9
6.06
5.42
4.94
7
7
7
7
7

6.75
18.75
18.75
36.75
60.75
60.75
36.75
36.75
36.75
36.75
36.75
36.75
36.75
36.75

450
450
450
450
450
450
450
450
450
350
350
550
650
650
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1020
1330
1170
1680
2220
1950
1520
1490
1380
1790
1580
1560
1450
1420

25.3
28.2
45.4
69.8
81.1
46.8
46.9
47.6
38.0
41.1
54.4
63.6
81.5

3.9
21.7
25.2
41.34
64.2
77.6
42.9
43.5
44.4
35.0
38.9
48.5
53.5
75.3

Impact
duration
(ms)
13.3
17.5
21.2
21.8
25.8
30.8
24.5
26.5
28.3
20.0
22.5
26.3
29.8
36.3

(4) Secondary descending phase (DE)
The impactor and the component move at the same speed,
and the member springs back when the decelerating
movement occurs. When the impact force drops and
reaches point E, the impactor and the component separate,
and the impact process ends. The duration of the entire
secondary descent phase (6.5ms) accounts for about
29.2% of the entire impact process, and the lateral
deflection of the component rebounds by 9%.

3. Critical model analysis
3.1 Failure mode
The specimen CFST-4 is selected as a typical component
for stress analysis, and the failure mode is shown in Fig. 3.
The CFSST member stiffened with encased I-section
CFRP profile with a boundary condition of cantilever
undergoes an oblique overall deformation under the
impact load which is distributed along the length of the
member. The impact part of the cantilever member is bent
and deformed, but the deformation is not obvious. A local
bulge occurred at the bottom side of the component,
which demonstrates that the cantilever specimen has
obvious bending deformation at the bottom, and the CFRP
profile is not damaged.

A

1.0

B

0.5

D
C

0.0 O

E

-0.5
-1.0
0

Fig. 3 Failure mode of the member

10

20

30

Time/ms

40

△
Vm
Vc
F
50

Fig. 4 Dimensionless time-history curve of impact force,
displacement, and velocity

2.2 Whole loading process
According to the characteristics of component impact
force, the whole loading process is divided into four
stages: oscillation phase (OAB), descending phase (BC),
rising phase (CD) and secondary descending phase (DE).
Fig. 4 is a time-history curve of component deflection,
velocity, and impact force which the data are processed to
a dimensionless value.
(1) Oscillation phase (OAB)
After the impactor contact with the component, the
component gains speed instantly. Due to the large inertial
force, the component impact force reaches the peak value
of 1680kN (point A), and then the component speed
decreases at the same speed and the impact force
fluctuates. In the entire oscillation phase, the duration
(3.6ms) accounts for about 16.3% of the entire impact
process, and the deflection of the member increases to
20.78mm, which is 45.7% of the maximum lateral
deformation.
(2) Descending phase (BC)
Due to less constraint on the member of the cantilever
boundary, the inertia of the component is large, and the
speed of the impactor is lower than the speed of the
component which indicates a tendency to separate, and
the impact force decreases. The duration of the entire
descent phase (6.6ms) accounts for about 29.8% of the
entire impact process, and the lateral deflection increased
to 39.96mm, which reaches 88% of the maximum lateral
deformation.
(3) Rising phase (CD)
The impactor and the component decelerate till the two
reach a common speed, and the impact force rises. The
duration of the entire descent phase (5.5ms) accounted for
about 24.7% of the entire impact process, and the lateral
deflection of the member increased to a maximum of
45.4mm.

4. Parametric study
4.1 CFRP profile
As shown in Table 1, under the action of lateral impact
load, compared with ordinary CFST members, the
deflection and impact duration of the impact position of
the CFRP profiled member decreases, while the impact
force increases. Compared with the ordinary CFST
members, the deflection of the CFSST member stiffened
with encased I-section CFRP profile decreases 14% for
the impact energy of 18.75kJ. As the impact energy
increases to 60.75kJ, the deflection reduction ratio of
those two types of members has increased to 17.2%.
When the impact height increases from 350mm to 650mm,
the introduction of CFRP profile has increased the
deflection reduction ratio from 10% to 28.2%. With the
addition of CFRP profiles in CFST members, the lateral
impact resistance of the members increases. Additionally,
with the increasing of impact energy and impact height,
the proportion of the deflection at the impact position of
the member with CFRP profile increases, compared with
ordinary CFST members.
4.2 Impact energy and impulse
As shown in Table 1, under the same impact energy where
the impact mass decreases from 3t to 1t, and the deflection
slightly decreases. The impact force increases at the peak
point and the secondary ascending phase. For the
component under increasing impact energy from 6.75kJ to
60.75kJ, the deflection at the impact position increased by
30%, and the impact duration increased by 20%. The
impact duration, deflection and impact force of the
component increases with the increment of impact energy.
The rebounding ratio of the component decreased from
62.5% to 8%, as the impact energy increased from 6.75kJ
to 60.75kJ. This indicates that the elastic energy
consumption ratio of the component is larger for a smaller
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impact energy, where the component has a better
rebounding ability.
4.3 Impact height
As shown in Table 1, when the impact height of the
component raises from 350mm to 650mm, under the
lateral impact load, the deflection at the impact position
increases by 52.8%, and the impact duration increases by
49%. The ratio of energy consumption of the component
to the overall impact kinetic energy remains at around
90%. Thus, as the impact height increases, the impact
resistance of the components decreases, but the overall
energy consumption remains unchanged.
5. Conclusions
The finite element analysis software is used to analyze the
whole loading process of the typical component. Based on
these, the effects of CFRP profile, impact energy and
impact impulse, and impact height on the CFSST member
stiffened with encased I-section CFRP profile under
lateral impact load are studied. The results of the study are
listed as follows:
(1) Under the action of lateral impact load, the CFSST
member stiffened with encased I-section CFRP profile
shows bending failure at the bottom, and the overall
energy consumption of the member is relatively high and
maintained at about 90%.
(2) Compared with ordinary CFST members, adding
CFRP profiles increases the lateral impact resistance of
the members. When the impact height is 650mm and the
impact energy is 36.75kJ, adding CFRP profile can reduce
the deflection of the component at the impact position by
28.2%. Similarly, with the increasing impact energy and
impact height, the deflection reduction rate at the impact
position of the member with CFRP profile increases
significantly.
(3) The impact height and impact energy have a greater
impact on the deflection, impact force and impact
duration at the impact position of the component, while
the impact impulse has less impact on the deflection and
impact force at the impact position of the component.
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Abstract
Stainless steel is a structural material for structural members with excellent corrosion resistance, fire resistance, ductility,
and energy absorption capability. The replacement steel type of carbon steel is increasing in usage due to the increasing
demand for structural materials such as buildings and infrastructure at home and abroad. The stainless circular steel tube
steel panel structure consists of stainless steel panels and a number of circular steel pipes, which are secured with
copper brazing and are used by filling insulation in the interior gap. These stainless circular steel tube steel panel
structures have excellent properties such as high stiffness, sound insulation, insulation, and corrosion resistance, and are
used as structural elements such as beams, columns, and walls of architectural structures by organically combining
stainless panel materials. Especially, it can be manufactured at a factory and assembled at the site, and because the
concrete laying process is omitted during floor construction of a building, it is easy to install, construct, and lightweight,
making it easy to transport and install on-site. However, since modular floor structures with stainless circular steel tube
steel panel slab do not have design criteria for structural design in the new structural format, evaluation of structural
performance and research on structural design methods are required for practical application. In this study, the flexural
performance experiment and finite element analysis of slab were carried out in order to evaluate the safety and usability
of stainless steel circular steel tube applied to modular structure performance was evaluated.
Keywords: Modular, Stainless Steel, Structural Performance
slab were carried out in order to evaluate the safety and
usability of stainless steel circular steel tube applied to
modular structure performance was evaluated.

1. Introduction
Stainless steel is an alternative to carbon steel as a
structural material with excellent corrosion resistance,
fire resistance, ductility, and energy absorption capacity.
Due to the increasing demand for structural materials
such as buildings and infrastructure at home and abroad,
the amount of use is on the rise. The stainless steel
circular steel tube steel plate structure consists of
stainless steel panels and a number of circular steel tubes,
which are fixed by copper brazing and are used by filling
insulation gaps inside. These structures have high
strength, soundproof, insulation, and corrosion resistance,
and are used as structural elements such as beams,
columns, and walls of architectural structures by
organically combining stainless panel materials. It can be
manufactured at a factory and assembled at the site, and
because the concrete laying process is omitted during the
building is floor construction, the floor structure is easy
to install and lightweight, making it easy to transport and
install on-site. However, since modular floor structures
with stainless circular steel tube steel panel slab do not
have design criteria for structural design in the new
structural format, evaluation of structural performance
and research on structural design methods are required
for practical application. In this study, the flexural
performance experiment and finite element analysis of

Figure 1. Stainless steel circular steel tube steel plate
floor structure
2. Experiment in Performance Evaluation
2.1. Experiment overview
As a factor affecting floor flexural and shear experiments,
the length of the slab was set as shown in Table 1. For
length, the floor flexural experiment was made 4m and
the floor shear experiment was made 2m. In addition, the
thickness of the upper and lower panels is 1.5mm, the
thickness of the core tubes is 0.3mm, and the diameter is
51mm. The same stainless steel austenitic STS304 is
used.
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2.3. Material test in results
Three material tensile test materials were fabricated and
tested on 0.3mm thick core tubes and 1.5mm thick upper
and lower plates used in stainless steel circular steel
tubes. In addition, stainless steel austenitic STS304 was
used in the test specimen, and the property of the steel
materials were shown in Table 2.

Table 1. Subjects list
𝒃×
NO.

𝑭𝒚

𝒍×

𝑭𝒖

(MPa) (MPa)

𝒉

𝑬𝑳

𝑬

(%)

(MPa)

(mm)
1,000×
F-S4-01

Table 2. Steel material property

4,000×
𝑻

𝑭𝒚

𝑭𝒖

𝑬𝑳

𝑬

1,000×

(mm)

(MPa)

(MPa)

(%)

(MPa)

4,000×

0.3

238

723

54

211,059

1.5

221

698

54

213,098

150
F-S4-02

150

205

1,000×
F-S2-01

520

40

195,000

2,000×

2.4. Load-Deflection relationship
The load-deflection relationship and failure mode of
floor flexural and shear experiment are shown in Fig. 3
and Fig. 4, respectively. In both floor flexural and shear
experiments, load and displacement increased linearly in
the load-deflection curve, and no large deformation of
core and panel was observed. If the load continues to
increase beyond the yield Strengths, the load-deflection
curve will act non-linearly, and if the load reaches the
maximum Strengths, it can be confirmed that the upper
and lower parts of the core tube will be damaged. In
addition, asymmetric bending patterns can be seen
overall. The results of the experiments on yield strength,
displacement at yield, maximum strength, and
displacement at maximum strength of floor flexural and
shear experiments are summarized and shown in Table 3.

150
1,000×
F-S2-02

2,000×
150

2.2. Experimental methods
The 50-ton Actuator of The University of Seoul
Structural Laboratory was used for the experiment. In
addition, all experimental subjects were control
displacement control and the loading rate was 0.05
mm/sec. As shown in Fig. 2, the ends of the floor are
supported by two hinged, and the upper part is subjected
to two points of force using a force plate. In addition, a
strain gauge was installed to measure strain rate, and
displacement measurement was made by installing
LVDT at the center and the loading point to measure the
deflection of the subject. To investigate the suitability of
circular steel tube steel panel for modular dry floor
structures and the structural safety of slab module, floor
flexural and shear experiment were carried out.

0.5 P

Table 3. Floor flexural and shear experiment
results

0.5 P

LVDT2

𝑷𝒚

𝜹𝒚

𝑷𝒎𝒂𝒙

𝜹𝒎𝒂𝒙

(kN)

(mm)

(kN)

(mm)

F-S4-01

16.2

25.7

23.1

61.9

F-S4-02

15.8

24.6

21.7

49.5

F-S2-01

20.2

9.5

30.9

25.6

F-S2-02

20.0

9.2

32.9

32.1

NO.

LVDT1

(a) Floor flexural experiment

0.5 P

0.5 P

(a) F-S4-01

(b) Floor shear experiment
Figure 2. LVDT install and loading location

591

3. Analysis and Design
3.1. Finite element analysis
Fig. 5 shows the results of finite element analysis for
floor flexural and shear subjects. In order to verify the
bending performance of slabs, the analysis of the 4m
flexural subjects and the 2m shear subjects was carried
out. Finite element analysis shows that the analytical
model on the load-deflection curve exhibits higher initial
rigidity and greater strength than the experimental results.
This is believed to be due to the failure to adequately
reflect the initial variants of the subject in the finite
element analysis model. However, the final deformation
of the subject appeared similar to the experimental
results. In other words, in the case of a 4m flexural
subject, deformation occurred intensively between the
loading points and the caustic parts, and there was
relatively no significant deformation between the caustic
loading points and low action stress. The 2m shear
subjects showed similar deformations. Therefore, in the
case of stainless steel circular steel tube steel panel slabs,
the strength is determined by shear behavior, unlike the
flexural behavior of typical floor slabs.

(b) F-S4-02

(c) F-S2-01

(d) F-S2-02
Figure 3. Load-Deflection relationship

(a) F-S4-01
(a) 4m slab flexural subject

(b) F-S4-02

(c) F-S2-01

(b) 2m slab shear subject

(d) F-S2-02

Figure 5. Finite element analysis results

Figure 4. Floor flexural and shear subject failure mode
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3.2. Shear strength by plasticity mechanism
A stainless steel circular steel tube steel panel slab with
gravitational load shall support at least half of the area of
the circular steel tube at the support, and the design shear
strength is calculated as follows by applying the
plasticity mechanism of shear behavior. The design shear
strength is shown in Eq. (1).

𝑉𝑛 =

𝐵𝑡 2
𝑎

𝐹𝑦
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(1)

Here, 𝐵 : Width of steel plate panel(mm)
𝑎 : Net distance between circular steel tube(mm),
Reter to fig. 6
𝑡 : Thickness of upper and lower plate panel(mm),
Reter to fig. 6
𝐹𝑦 : Design yield strength of steel plate panel(MPa)

Figure 6. Shear strength calculation variables
4. Summary
In this work, we conduct slab performance experiments
and finite element analysis to evaluate the structural
performance of round circular steel tube steel panel for
modular dry floor structures. When analyzing the
behavior of the load-deflection relationship and slab
compared to the experimental results, both floor flexural
and shear experiments showed that the slope was
relatively gentle after the load reached its maximum
resistance in the load-deflection relationship, when the
core tube was damaged. In addition, finite element
analysis showed that both 4m flexural and 2m shear
subjects on the load-deflection curve were intensively
deformed between the points and the caustic parts, with
relatively no significant deformation between the caustic
points and low action stress. Therefore, in the case of
stainless steel circular steel tube steel panel slabs, it is
reasonable to evaluate the strength by applying a
plasticity mechanism caused by shear behavior, unlike
the bending behavior of a typical floor slab.
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Abstract
In the CFT column, beam-to-column connections are installed with diaphragm to reliably transfer the load from
beam to column. However, the installation of these diaphragms reduces the uniformity of production, which leads to
a decline in productivity and economic feasibility. In addition, the exterior diaphragm is larger than the cross-section
of the column, causing interference with the architectural finish line, which makes construction difficult. To solve
these problems and improve productivity, a simple panel joint was developed that omitted the installation of the
diaphragm as making the thickness of the column thick. However, the simple panel joint is made by complete
penetrated weld of thick steel plates (40 mm or more), which can cause heat damage to steel due to the large amount
of welding and defects in welding quality. Many of these weld quantities contribute to the degradation of the
economics and productivity of simple panel joints. Therefore, in order to reduce the amount of welding, we develop
a partial penetrated weld simple panel that uses a partial penetrated welding method to manufacture simple panels.
In order to verify the structural stability of the developed partial penetrated welding simple panel, experiments were
carried out to apply the reverse cyclic load by manufacturing the partial penetrated welding simple panel experiment
with or without internal stiffener.
The height of the column and the length of the beam are 2 m and 3.7 m, respectively, and the distance from the
center of the column to the loading point is 3.5 m. The columns and panels were made with 16 mm and 40 mm of
steel plate, respectively. Girders were produced in H-808x302x16x30. A 40 mm base plate was welded to the upper
and lower sides of the column, and stiffeners were installed on the column where the base plate was welded to
prevent local buckling that could occur locally. The two experiments showed similar strength and behavior.
Reaching the highest strength at 2% drift ratio, which could be used as an intermediate moment frame, and
eventually reduced strength from 3% drift ratio to 85% or less of maximum strength, destroying the welding
connection in plates and plates.
Keywords: Partial Penetrated Welding, CFT, Beam-Column Joint, Simple Panel
1. Introduction
CFT columns are structurally superior composite columns
that effectively utilize the advantages of concrete and steel
(Dunberry et al., 1987). However, the installation of the
diaphragm at the junction of beams and columns is
required, which contributes to reduced workability,
productivity, and economics. Developed to overcome this
problem, a simple panel-shaped beam-column joint has
been developed and applied to the site to deliver loads
from beams to columns by producing panels using thick
steel plate as shown in Fig.1.
In the case of simple panel beam-column joints, not only
interference with construction finish line can be
minimized, but beams with different level have
advantages, which are applied to various buildings.
However, these simple panel beam-column joints are
made of complete penetrated weld, resulting in an
increase in weld volume and a decrease in flexibility due
to heat damage to steel by many welding schemes. To
make up for these problems, we conduct a study on simple
panel beam-column joints made with partial penetrated
welding method that can reduce the amount of welding.

Figure 1. Panel Joint
2. Experiment
In this study, two experiments were constructed to assess
the structural performance of panel beam-column
connections made of partial penetrated welding method,
with a total panel thickness of 40 mm, a partial welded
thickness of 30 mm, and the groove angle of 45 degrees.
The main variable of the experiment was installed by
welding T-75x100x12 in the center of the four sides in the
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longitudinal direction of the panel to resist the load
transferred from the beam with or without reinforcement
into the panel. As shown in Fig. 2, the height of the
column and the length of the beam are 2 m and 3.7 m,
respectively. The distance from the center of the column
to the loading point is 3.5 m. The column was made with
16 mm of steel plate, respectively. Girders were produced
in H-808x302x16x30. The 40 mm base plates were
welded to the upper and lower sides of the column, and
stiffeners were installed on the column where the base
plate was welded to prevent local buckling that could
occur locally. The loading protocol of the experiment was
in accordance with the method proposed by AISC, during
which LVDT was installed at the loading point to measure
the displacement of the beam.
Figure 4. Final Destruction
4. Conclusions
Two beam-column joint specimens made of partial
penetrated welding were produced to conduct the reversed
cyclic loading test. As a result of the experiment, stable
behavior up to 2% of the displacement ratio was
confirmed to be applicable to the intermediate moment
frame. However, it is determined that additional research
and development will be required to apply to special
moment frames, as strength at 3% is reduced to less than
85% of the maximum load.
5. Acknowledgement
This work is supported by the Korea Agency for
Infrastructure Technology Advancement (KAIA) grant
funded by the Ministry of Land, Infrastructure and
Transport (Grant 20CTAP-C158218-02)

Figure 2. Specimen with Reinforcement
3. Results
The load-drift ratio relationship curve was represented in
Fig.3 by comparing the experiment with and without the
reinforcement installed. Both specimens with and without
reinforcement showed similar behavior. Specimens
showed almost elastic behavior up to 1% drift ratio, and
then gradually decreased rigidity. The maximum strength
was reached at the drift ratio of 2%, followed by as shown
in Fig. 4, the load was drastically reduced as it was torn
from the weld on the side of the panel joint. Subsequently,
the strength decreased from 3% displacement ratio to 85%
or less of maximum strength, finishing the experiment.
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Abstract

Several analytical techniques based on local stress approaches were evaluated for predicting fatigue lives of welded connections in
highway signs, signals and high-level lighting structures. Fatigue failure of these structures is increasingly being reported due to wind
induced oscillations, which has serious economic impact on the limited infrastructure resources from safety and maintenance point of
view. Most of the fatigue cracking in service has been reported in the tube to end plate weld at a relatively short life due to the large
secondary out of plane stresses developed in the thin walled tubes from incompatibility in deformation, which is precipitated by the
flexibility of the end plate. The existing specification, which is based on nominal stress and derived from the guidelines that are valid
for predominantly in-plane stresses or membrane stresses, is often inadequate in designing these structures against service limit state of
fatigue. Local stress based methods that can capture the geometric stresses are required for evaluating these thin walled tubular
structures. The local stress based approaches considered for assessment against fatigue cracking were “hot-spot stress” approach,
“Dong’s” approach, “Yamada’s 1 mm stress” approach. However for infinite life assessment, local stresses at the weld toe notch is
critical and accordingly a “notch-stress” approach was also evaluated. The analytical predictions were verified against results of fatigue
tests on full size specimens. Based on the comparative validation study analytical protocols were proposed for reliably and consistently
assessing fatigue performance of various welded connections in the subject structures both in the finite and infinite life regimes.

Keywords: Finite element analysis, Local stress approach, Fatigue life, Highway structures
the tubular structure details in AWS D1.1; and similar
structural details in the Eurocode. These provisions had
been developed based on the traditional nominal stress
design approach and do not consider the out-of-plane
deformation associated with the connection geometry.
Thus, the local stress based design approach should be
incorporated into the specification.

1. Introduction
Due to wind induced vibration, highway structures, such
as sign, signal, and luminaire structures, experiences
fatigue cracking very easily if it is not properly designed.
These structures are commonly fabricated with steel tubes,
and the most fatigue critical location in these structures is
the support of the cantilever tube, an example of which is
a tube-to-end plate welded connection. The primary load
carrying mechanism of the subject structures is in-plane
membrane stress. However, near the tube-to-end plate
connection region, the compatibility condition between
the tube and the end plate introduces out-of-plane flexural
deformation and bending stress through the thickness of
the tube wall (Figure 1). The out-of-plane bending causes
high tensile stress and controls the stress condition near
the weld toe. Traditionally, fatigue performance has been
experimentally assessed based on in-plane (membrane)
nominal stress away from a weld toe, that is computed
using strength of material equation. In case where fatigue
critical stresses are significantly controlled by
out-of-plane bending stresses, nominal stress based
experimental assessment may not be feasible and local
stress based method are required to assess the fatigue
performance.
The fatigue design guidelines in the existing AASHTO
Standard Specification for Structural Supports for
Highway Signs, Luminaries, and Traffic Signals
(AASHTO 2009a), were developed based on limited
fatigue test results of socket connections in round tubes
and anchor rods, and were extrapolated from the
provisions for: the attachment details in the AASHTO
LRFD Bridge Design Specifications (AASHTO 2009b);

Figure 1. Typical stress distribution
An alternative local stress based approach was
successfully used by Roy and Fisher (2005) and Roy et al.
(2011) for assessing infinite life fatigue resistance of
welded connections. This approach considers the fatigue
effective local stress at the weld toe notch and compares it
against the endurance limit of the material to suppress the
possibility of cyclic crack initiation or propagation. A
notch of 1 mm (0.04 in) radius is introduced at the toe of
the nominal weld geometry, and the converged maximum
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test data. The master curves of IIW did not provide
consistent estimate of the fatigue performance. The range
of the thickness of the specimens was from 5 mm (0.179
in) to 8 mm (5/16 in). Most of the data points were placed
below the IIW master curve for 5 mm. It means that IIW
master curve could not provide lower bound or
conservative estimate of the fatigue performance of the
tube-to-end plate welded connection.

tensile surface stress at the center of the rounded notch is
used as the notch stress for assessment of infinite life
fatigue resistance.
Local stresses that experienced fatigue cracking at the
weld toe were determined from detailed linear Finite
Element Analyses (FEA) of a three dimensional (3D)
model of the connection. The FEA were conducted using
the commercially available software ABAQUS (Dassault
Systèmes 2011). Twenty node iso-parametric quadratic
serendipity elements with reduced integration (C3D20R)
were used. The analyses were performed in multi-levels.
In the first model, a global model of the specimen
including all components, such as welds, loading fixture,
and bolts, was analyzed. In the first level of smaller local
model (called submodel) of critically stressed areas were
analyzed for the hot-spot stress assessment. The mesh
density of t/2×t/2 with two layers of elements through
thickness, where t is the thickness of a tube, was used. The
second level of submodel contained only half of the tube
on the tension side of the neutral axis, including the weld
and part of the end plate. The mesh density of this
submodel was t/4×t/4 with four layers of elements
through thickness. The third level of submodel was
analyzed for the notch stress analysis, Dong's method, and
Yamada's 1 mm approach. For this submodel, 10°
segment of the tube and the weld was modeled. The weld
toe was rounded by 1 mm (0.04 in) radius to obtain a
converged finite stress at the weld notch. Eight elements
were used along the rounded weld notch perimeter, and
ten layers of elements were used through thickness.

Figure 2. Example of hot-spot stress evaluation

2. Comparative Study
2.1. Hot-spot Stress Approach
The hot-spot approaches recommended by ABS (2003),
IIW (Hobbacher 2005), and DNV (2005) were compared
and evaluated. ABS and IIW recommend two points
extrapolation, and DNV recommends one point
measurement for the hot-spot stress evaluation. The
location of the reference points and corresponding fatigue
resistance curves are tabulated in Table 1.
Figure 2 presents the example of the hot-spot stresses
evaluted as per the recommendations. The example was a
tube-to-end plate fillet-welded connection, which has the
tube diameter of 254 mm (10 in) and the tube thickness of
5 mm (0.179 in), and the 51 mm (2 in) thick end plate. The
applied stress was 83 MPa (12 ksi) at the weld toe section.
The stress profile was taken from the outer surface of a
tube at the tension side. Among three hot-spot stresses,
IIW provided larges hot-spot stress value and DNV did
the least. However, the stress values were not much
different from each other. The difference was only about
5% of its values. Therefore, it may be concluded that the
hot-spot stress values are similar to each other irrespective
of the evaluation methodology.
Figure 3 shows the comparison of the measured hot-spot
stress with fatigue life. The measured hot-spot stress
provides less scatter in the test data, so that it explains the
effect of the weld profile which caused large variability in

Figure 3. Measured hot-spot stress range plotted with
fatigue test results
2.2. Dong’s Method
Figure 4 presents the example of typical the actual and
linearized normal stress profile through the thickness of
tube and structural stress. The actual stress distribution
shows the high stress concentration near the weld toe and
linearly decreasing as away from the weld toe. The slope
of the linearized stress distribution was steeper than the
slope of the actual stress distribution. The membrane and
bending components of the linearized through thickness
stress were 78 MPa (11.3 ksi) and 182 MPa (26.4 ksi),
respectively. The structural stress was about 260 MPa
(37.7 ksi) which is higher than the hot-spot stress
approach. The structural stress of other specimens were
also evaluated that the structural stresses were higher than
the hot-spot stress about 10% to 20%.
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stress which is about 30% higher than the hot-spot stress.
This method is not recommendable because of the
intensive post processing to obtain structural stress.
Yamada's 1 mm stress approach gives about 30% lower
stress value compare to the hot-spot stress. Plotting
fatigue test data with 1 mm stress demonstrated JSSC
Category F worked well with this approach. However, it
was not recommendable because this approach requires a
highly refined mesh to obtain a stress 1 mm below the
surface.
Infinite life fatigue performance of a critical welded
connection against fatigue cracking at the weld toe was
evaluated by a local notch-stress based approach. As was
demonstrated by this study, the local notch stress at the
weld toe correctly predicted infinite life fatigue
performance of tube-to-end plate welded connection.

Figure 4. Stress distribution through thickness of tubes
Dong's method did not provide master curve for the
fatigue life estimation, but the fatigue performance was
assess by linear elastic fracture mechanics using
linearized stress distribution through thickness and
structural stress value. Since AASHTO Category C curve
was well correlated with the hot-spot stresses, structural
stresses of fatigue tested specimens were plotted against
the fatigue test results, and compared with AASHTO
Category C curve. The comparison demonstrated that
AASHTO Category C curve was also consistently
providing lower bound of the fatigue performance.
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2.3. Yamada’s 1mm Stress Approach
In Figure 4, the normal stress 1 mm in depth from the
weld toe was presented. It is clearly shown that the 1 mm
stress was away from the effect of the weld notch as Xiao
and Yamada expected. The value of 1 mm stress was
about 150 MPa (21.7 ksi), which is about 30% lower than
the hot-spot stress.
3. Discussion for Finite Life Assessment
Except the IIW hot-spot stress and its master curve, other
local stress approaches consistently provides lower bound
estimate of the fatigue lives in finite life regime. Compare
to hot-spot stress approach, Dong's method requires
intensive post processing to calculate structural stress and
Yamada's 1 mm stress approach requires highly refined
mesh. These methods were therefore not recommendable
for the finite life assessment. Among various hot-spot
stress evaluation method, DNV's one point measure at a
distance 0.1√(rt) from weld toe is recommendable due to
its simplicity. The AASHTO Category C curve
(ABS/DNV T curve) was reliable to assess the lower
bound estimate of the fatigue lives.
4. Conclusion
Number of local stress approaches for finite and infinite
fatigue life assessment has been evaluated. For the finite
life assessment, hot-spot stress approach which uses one
point measure at the distance of 0.1√(rt) from the weld toe
was recommendable. Dong's method gives a structural
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Abstract
More than 90 percent of steel bridges in Korea are steel box bridges, which are less economically infeasible compared to
concrete bridges, with the exception of long-span bridges of more than 60 m and curved bridges. Plate girder bridges have
simple advantages in its simplicity of design and construction compared to steel box bridges, and are able to gain
competitiveness by increasing the efficiency of composite cross-sectional performance of steel and concrete. In this study,
a new type of plate girder (NPL Girder) was developed, which reduced shape and improved cross-sectional performance
by embedding upper flanges in concrete. In order to evaluate fatigue and flexural capacity, the load test on full-scale
bridge with the span length of 50 m was performed. After two million fatigue repetitive load tests, ultimate strength load
tests were conducted using the same subject matter, which maintained a linear sectional strain distribution, and showed
flexural performance very similar to theoretic results. As such, it has been experimentally confirmed that NPL girder
meets the design criteria and fatigue performance.
Keywords: Steel plate girder, Steel bridge fatigue, Composite steel girder, Connections, Stiffness
bridge design code (limit state design) 2015. The height of
specimen is 2.2 meters and a concrete floor slab width is
2.5 meters.

1. Introduction
The NPL girder bridge has a form in which the upper
flange of I-shaped steel is embedded in the concrete floor
slab, so it can reduce the height of the bridge and increase
the cross-sectional stiffness by increasing the sectional
moment inertia. There also exists an effect of increased
lateral torsional stiffness due to the embedded flanges.
The cover plate being installed on top of the vertical
stiffener has the advantage of simplifying and improving
safety when connecting the cross beams. In addition,
workability and safety improves as it acts as roll-over
prevention that may occur during the construction and
installation of the formwork. In this study, fatigue and
static loading tests on full-scale specimen were performed
to evaluate the structural performance of the NPL girder
bridge and to ensure that the design method meets the
Korean highway bridge design code(limit state design). In
order to enhance the applicability of this method to an
actual bridge, a girder with long-range 51 m was designed
and manufactured to carry out load test. Fatigue tests were
conducted 2 million times of vehicle fatigue load, and a
total of 6 times of static load tests were conducted during
fatigue tests. The behavior and structural performance of
the test specimen were evaluated by static loading of the
ultimate limit state load and nominal bending strength
load by using the test specimen which completed 2
million cycles of fatigue test.

Table 1. NPL Girder Design Condition
Contents
Type
First class bridge
Length (Span)
51.0m(50.0m)
Design Load
KL-510(Truck Load)
Height
2.2m
floor slab width
2.5m
floor slab depth
0.24m
Steel
HSB 380 (F y : 380MPa)
Concrete
25-35-150 (F ck : 35MPa)
Steel rebar
SD 40 (F y : 400MPa)
It was designed as three main girders, two-lane (KL-510)
load and a first-class bridge. The NPL girder is reviewed
by each limitation state in accordance with Korean
Highway Bridge Design Code (Limited State Design)
(2015), afterwards, the test specimen specifications and
actuator loads are established. Bending moments and
shear forces caused by live loads on the NPL girder were
produced by performing grid analysis. The actuator load
was calculated by converting the bending moment to the
concentrated load and excluding the moment caused by
all dead loads from the maximum bending moment.

2. NPL girder full-scale loading test
2.1. Design of specimen
The design conditions of the NPL girder are shown in
Table 1. NPL girder of 51m long was designed and
manufactured in accordance with the Korean highway
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form, which have roller hinge supports. Support stoppers
and transverse post frames were manufactured and
installed to prevent the test specimen from being deviated
during fatigue repetitive loading test. Strain gauges by
section height were installed at points of 1/4, 3/4 and the
center, and vertical LVDT were installed at the center.

Figure 1. Correlation between the Load and Deflection
2.2. Specimen making and test outline
The steel girder was divided into three parts (16-18 m) for
transportation and was manufactured at the factory and
transported and installed on the site. Formwork and shores
were manufactured and assembled at the site. The
thickness of the floor slab was 240 mm, and the rebar was
placed on SD40-D16 at bar spacing of 200 mm.

Figure 4. Gauge installation section (Middle of girder)
Following the fatigue test, ultimate strength and nominal
strength static load tests were performed. Fatigue loads
were loaded up to 2 million times, and elastic behavior
and cross-sectional performance of the test specimen were
verified by conducting static load tests of 6 times. The
fatigue test lasted approximately 26 days. After 2 million
load loads were completed, the results of ultimate strength,
nominal bending strength were analyzed.

(a) NPL girder longitudinal section

(b) Girder section_1
(c) Girder section_2
(With vertical stiffener)
(W/O vertical stiffener)
Figure 2. NPL girder specification

(a) Steel structure

Figure 5. NPL girder actuarator system
2.3. Fatigue loading test
Fatigue safety was evaluated by applying a total of 2
million fatigue loads using a dynamic actuator. The
fatigue load was set as the maximum load of 174.64kN by
converting the bending moment 2,183kN·m occurring on
the girder based on the KL-510 vehicle load into a
concentrated load, and repeated loads were applied from
10 to 184.64kN (range: 174.64kN). The loading frequency was
1.3Hz, and in order to verify the changes in the performance of
the girder according to fatigue cumulativeness, static load
tests were performed after repeating fatigue loads of 0,
1,000, 10,000, 130,000, 1,000,000, and 2,000,000 cycles
were loaded. The load of the static load test was 464.9 kN
by converting the bending moment 5,811 kN·m in the
service limit state into a concentrated load. Static load test
was carried out by a load control method, and load was
carried out for 15 minutes, maintained for 5 minutes, and
unloaded for 5 minutes.

(b) rebar reinforcement

(c) Concrete Placement (d) Installation complete
Figure 3. NPL girder making
A loading frame was installed in the center of a span of 50
m, and the test was conducted in a three-point bending
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due to the stabilization process is greater than the effect of
increasing deflection caused by fatigue cumulativeness.

Load (kN)
464.9

15 minutes

5 minutes

15

5 minutes

20

Time (min)

25

Figure 6. Static loading test method during fatigue test
2.4. Static loading test
The nominal bending strength of the NPL girder specimen
is 33,408 kN·m, and when 8,785 kN·m, the bending
moment due to the fixed load, is subtracted, the loading
moment becomes 24,623 kN·m. If this is converted into a
three-point bending load of a simple support, it is 1,969.8
kN. However, for laboratory safety reasons, the load was
limited to 1,644.0 kN, which is about twice the ultimate
load. The service limit state and ultimate limit state loads
are as shown in the table 2.

Figure 7. Load-deflection curves for each fatigue load
Figure 8 shows a comparison of the changes in the strain
distribution of the central section of spans as the fatigue
load is repeated. It can be seen that as the fatigue load with
the same load range is repeated, the strain change range
gradually decreases before 130,000 fatigue loads, and
then stabilizes after 130,000 cycles. It can be confirmed
that the specimen is performing linear behavior.

Table 2. Moment and actuarator load by limit state
Actuarator load

Limit State

Moment
(kNm)

concentrated
load (kN)

Fatigue

2,183

174.7

Service

5,811

464.9

Ultimate

10,038

803.1

Maximum Load

20,550

1,644.0

The ultimate strength test was performed on the specimen
that had completed the fatigue loading test a total of 2
million times. Like the fatigue test, the ultimate strength
test was applied in the form of three-point bending. The
load was applied at a rate of 3 mm/min in a displacement
control method.

Figure 8. The strain distribution for each fatigue load
3.2. Static load test
Figure 9 shows the load-deflection curves of the service
limit state and the ultimate limit state. There was a slight
change in slope at the load under the service limit state,
however, the girder did not show any signs of destruction
or damage until the maximum load was applied.
Therefore, the NPL girder satisfies the design code even
after 2 million fatigue loads.

3. Test result
3.1. Fatigue test
Figure 7 shows the load-deflection curves for each fatigue
load. It can be seen that the overall behavior is elastic. As
the fatigue load is repeated, the maximum deflection had
been reduced initially, and it can be confirmed that the
maximum deflection is stabilized as the number of
repetitions exceeds 130,000 times. This is a phenomenon
that occurs as the specimen is stabilized by a fatigue load,
and it can be seen that the effect of reducing deflection
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damage until the maximum load. The test results show
that the NPL girder has sufficient fatigue strength and
ultimate resistance strength. It is expected to be
sufficiently applicable to a long span of around 50m due
to its low height and light weight.
5. References
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Figure 10 shows the strain distribution across the cross
section at the middle of the girder for each loading stage.
As with as the cross-sectional strain distribution of the
static load test conducted during the fatigue test, although
the values of some strain sensors attached to the concrete
surface and reinforcing bars deviate from a linear
distribution, it can be said that the cross-sectional strain is
generally linearly distributed. However, when the
maximum load is applied, the strain of the lower flange of
the steel girder at the middle of the span deviates from
linearity. Since the sectional strain maintains linearity up
to the ultimate limit state, the design formula derived from
the assumption that the plane section remains plain before
and after bending can be effectively applied

Figure 10. Strain distribution across the section (Middle
of girder)
4. Conclusions
The strain distribution of the NPL girder section measured
by the fatigue test and the maximum strength test shows a
linear distribution across the height of the girder, and the
linearity is maintained even after 2 million fatigue loads.
Therefore, the assumption that such plane section
remains plain before and after bending can be applied to
the design. Specifically, the load was applied up to
1,644kN, which is about twice the load in the ultimate
limit state, and it did not show any signs of destruction or
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Abstract
In the last 50 years, the world has developed very rapidly and the driving force behind the development was infrastructure.
On the other hand, in the 21st century, the structures over the age of 30 are suffering from aging problem. Safety
inspection, however, has focused mainly on finding structural damages or defects such as cracks, efflorescence, leakage
of water etc. In order to prevent severe damage propagation or structural failure, it is very important to know the exact
condition of a structure. Knowing the response of the structure can be a starting point. With measurement of displacement,
strain, or slope, the internal force can be calculated by inverse structural analysis or big data analysis. These days, some
measuring instruments have been installed in some large scale structures such as high-rise buildings or cable stayed
bridges. However those measuring sensors are seldom used for small structures because of price and tricky conditions. In
the bridge, for example, the measuring devices should be installed in linear topology along the longitudinal direction. This
kind of sensor arrangement requires long electric wire construction at the top and the bottom of superstructure. Those
power supply works are not only expensive but also almost impossible for some type of structure. Although there are
wireless type sensors for structural health monitoring, most of them need many gateways in linear topology because each
sensor node cannot receive and save data. Moreover, high resolution data is required for structural health monitoring. This
study introduces a new type high performance monitoring system for a bridge. The developed monitoring system consists
of a GNSS system for high-precision displacement monitoring and a sensor network based on a wireless sensor network
(WSN). The GNSS system was developed as an embedded type, low-cost, high-efficiency device, and secured precision
of 1.0 mm horizontally and 2.0 mm vertically by using a measurement filter. WSN consists of a sensor node and a gateway,
and the sensor node acquires the measurement data of the strain gauge, thermistor, and tiltmeter, and transmits it via radio
frequency of 2.4 GHz. The gateway acquires all the measurement data of these numerous nodes and transmits it to the
server via LTE (4G). Because the WSN system is controlled and managed by the Web application server (WAS), the
administrator can easily adjust the measurement period of the sensor or calibrate the measurement value. Consequently,
the developed monitoring system was installed at a real bridge and verified. Finally, the measured data were used for the
shape estimation method.
Keywords: Maintenance, Steel box girder bridge, Sensor, GNSS, Monitoring
applied based on measured data.

1. Introduction
Facility aging problem is one of the biggest issue in the
world. Usually, structures older than 30 years are
considered to have begun the deterioration because the
design life of structure is about 50 years. The lifespan of
the structure, however, is generally known to be around
80 years. Moreover, actual lifetime may vary from
structure to structure. Therefore, level of deterioration
should be considered not by age, but by performance of a
structure.
Safety diagnosis is the most common method for
evaluation of structure condition. However, the state of
structure cannot be clearly known by visual inspection
oriented method. Since the structural response against
external load represents the inherent characteristics,
measurement of displacement, strain and slope is
important to estimate structural performance. Therefore,
in this study, a bridge monitoring system were introduced
and structure deformed shape estimation method was

2. Wireless Sensor Network
In order to measure the structure response, strain gauge,
tilt meter and GNSS were installed. The measured data
were transmitted every hour to sensing server.
8 of GNSS, 15 tilt meters and 72 strain gauges were
installed at 3-span twin steel box girder bridge. Tilt meters,
strain gauges were connected to sensor nodes, and sensor
nodes read the measured data and sent them to gateway.
The gateway sent the signal to the server and
administrator could access the data in real time.
In order to constitute wireless sensor network, sensor
nodes were designed to send and receive the measured
data. Consequently, the sensor nodes could form a linear
type sensor network topology. 4 batteries were used for
each sensor node and they allow about two years of
measurement. Note that a thermo-hygrometer was
imbedded at printed circuit board(PCB) of each sensor
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node in order to prevent malfunction caused by excessive
temperature or humidity.
While other sensors were installed in the box girder, the
GNSS were located at the outside of slab(Fig.1). Since the
bridge shows small amount of displacement, precise
measurement was necessary. Therefore, specialized
measurement filter was employed and the GNSS had an
accuracy of 2mm and 1mm in vertical and horizontal
direction respectively.
All the sensors could be controlled by web application
server which was developed for the monitoring system.
.

(a) Measured Data(GNSS)

(b)Shape Estimation
(a) GNSS

(b) Sensor Node

Figure 2. Shape Estimation Algorithm

Figure 1. Sensor Installation

4. Conclusions
Current research showed a sort of structural health
monitoring procedure. 3 kinds of sensors were installed at
real structure(400m steel box bridge) and specialized
sensor nodes was developed to constitute wireless sensor
network with linear topology. By measurement filter, the
accuracy of GNSS was about ±1~2mm and all of the
measured data were used for deformed shape estimation.

3. Deformed Shape Estimation
Currently, many bridges have their own monitoring
system with various sensors, but there is no clear way to
use the data.
In order to estimate structural condition, structural
response should be calculated. From the given model, the
structural responses can be obtained by structural analysis
and internal force also can be calculated. In the structural
health monitoring procedure, however, the exact
displacement profile is unknown parameter. Therefore,
knowing the deformed shape should be the first step. Choi
et al.(2017) introduced a structural response analysis
algorithm to estimate deformed shape, but it was validated
with 2-dimensional example. Moreover, the algorithm
used only displacement data obtained by GNSS.
In this study, the shape estimation algorithm was
developed and applied to real structure. The algorithm
uses all the structural response data(displacement, slope
and strain) to obtain the deformed shape as a function.
In the parametric analysis, the deformed shape was
estimated with high accuracy(Fig.2). The error is less than
1% with 3 of GNSS, 5 strain gauges and 5 tilt meters.
(E:Mean absolute percent error, N:Degree of freedom,
SE:Estimated deformed shape matrix, ST:Target deformed
shape matrix)

5. Acknowledgement
This research was supported by Seoul Institute of
Technology(2020-AA-001).
6. References
Choi, J.H., Lee, K.S., Lee, J.H. and Kang, Y.J. (2017)
Evaluation of Quasi-static Responses using
Displacement Data from a Limited Number of Points
on a Structure, International Journal of Steel Structures,
17(3), pp.1211-1224
Choi, J.H., Lee, K.S. and Kang, Y.J. (2017) Quasi-static
Responses Estimation of a Cable-stayed Bridge from
Displacement Data at a Limited Number of Points,
International Journal of Steel Structures, 17(2),
pp.789-800

(1)

604

The 11th International Symposium on Steel Structures, November 3-6, 2021, Jeju, Korea

[Poster]

Conceptual Design of Pendulum Table for Seismic Isolation Device Development
Jae-hyouk Choi1*, Jung-nam Na2, and Jainih Viliana3
1*

Department of Architecture Eng., Chosun University, Gwangju, Korea. jh_choi@chosun.ac.kr (corresponding author)
2
R&D division, Daesan E&C, Gwangju, Korea. ds00554@naver.com
3Department of Architecture Eng., Chosun University, Gwangju, Korea.

Abstract The pendulum table is composed of a steel substructure with high rigidity and a steel plate suspended from a
steel bar with hinges at both ends. The upper structure is placed on this suspended steel plate without direct contact with
the lower foundation. The pendulum table consists of an independently swaying table based on the principle of a
pendulum, and a structure system in which the upper weight is suspended and swayed. Therefore, it consists of a
configuration that fundamentally blocks the seismic load applied to the upper structure.
Keywords: Seismic isolator, Isolation effect, Pendulum table, Seismic load, Electrical equipment
Topics and Scope: Vibration Control
restoring force to return to the origin by gravity load. It
can be said that the principle of its behavior is the same as
that of a tuned mass damper (TMD). The seismic isolation
effect that fundamentally blocks the seismic load applied
to the upper structure can be obtained by constructing a
structural system in which the upper weight is suspended
and shaken.

1. Introduction
When vibration occurs due to an earthquake, the
amplified vibration reaches not only the building but also
the non-structural elements. A seismic isolation table is a
device that can reduce or isolate the seismic force by
absorbing these vibrations to minimize shaking of
equipment or damage to major structures.
Recently, in terms of securing the seismic stability of
non-structural structures, the necessity of seismic design
for electrical and communication facilities installed in
buildings has been emphasized. The electrical equipment
refers to a power system that receives power from the
power plant and distributes the amount of power required
by the receiver at each place of use.
In general, the seismic isolation table is a concept in
which the upper structure is placed under a flexible
material with excellent horizontal deformation capability.
On the other hand, the pendulum table installs another
pendulum-type table with hinges at both ends in a very
rigid lower structure. The upper-structure is placed on this
suspended table top. In this way, it is possible to obtain a
seismic isolation effect that blocks the horizontal
displacement applied to the lower structure from being
transmitted to the upper structure at all. In this paper, the
concept and basic configuration of a pendulum-type
seismic isolator will be reviewed.

Figure 1. Single pendulum motion

2. Behavior characteristics of Pendulum table
The pendulum table uses the principle of free vibration
of a simple pendulum to construct an independently
swinging table. Since the upper structure is placed on a
hanging table, it can move freely by external vibration.
The pendulum table uses the principle of free vibration
of a simple pendulum to construct an independently
swinging table. (Fig.1) The upper structure is placed on a
hanging table and can move freely by external vibration.
A similar attempt is an earthquake response observation
device using the 'Steel Swing' of the University of Tokyo.
(Fig. 2) The weight placed on the table generates a

Figure 2. Earthquake response observation device
‘Steel Swing’ (IIS, The university of Tokyo)

3. Design of Seismic isolator Pendulum table
Figure 3 shows the load support module of the pendulum
table that supports the upper load caused by the weight of
the electrical equipment and performs pendulum behavior.
Part (a) of the pendulum table is directly connected to the
bottom plate of the superstructure. Part (b) is installed
with C-beams facing each other and consists of a plate
with an opening through which part (a) can pass.
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Figure 4 shows the pendulum table of the seismic isolator
with 4 pendulum table load support modules. Figure 5
shows a pre-production model and an actual test specimen
that combines 4 pendulum modules. As a result of
vibrating the pendulum table device with human force, it
was confirmed that it behaved very well.

Part (a) and part (b) are connected at both ends by a steel bar
composed of a universal joint so that the pendulum can freely
move in all directions.

4. Conclusions
For the development of seismic isolator for electrical
equipment, a new concept of hanging and swinging
pendulum table was proposed.
Verification of the actual seismic isolation effect is
required through a vibration test on the designed
specimen. In addition, it is necessary to review the seismic
safety of the electrical equipment by performing a
dynamic analysis based on the response data obtained
from the vibration experiment.
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Figure 3. Conceptual design of the pendulum table
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Figure 4. Configuration of pendulum table
for electrical equipment

Figure 5. Configuration of pendulum table
for electrical equipment
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